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Preface 

Geotechnical Engineering: Principies and Practices is primarily intended for use as a 
textbook for undergraduate civil engineering students enrolled in an introductory course. 
It also serves well as a reference book for students in follow-on courses and for practicing 
engineers. As the title infers, this book covers both "principies" (the fundamentals of soil 
mechanics) and "practices" (the application of these principies to practica! engineering 
problems). This integrated approach gives the reader a broader understanding of 
geotechnical engineering and provides a foundation for future studies. 

This book is the product of thirteen years experience teaching undergraduate 
geotechnical engineering courses. It is an expanded version of course notes I originally 
developed for m y students, and thus reflects teaching methods that have worked well at Cal 
Poly. In addition, the manuscript for this book was extensively tested in the classroom 
befare going to press. This classroom testing allowed me to evaluate and refine the text 
itself, the example problems, the homework problems, and the software. 

Key features of this book include: 

• An entire chapter on engineering geology (Chapter 2). This chapter is especially 
helpful for readers who have not taken a geology course and is a good review for 
those who have. 

• Another chapter on geoenvironmental engineering (Chapter 9) that includes 
discussions of contaminant transport and remediation, and sanitary landfills. 

• Clear and concise explanations of the theories and assumptions behind geotechnical 
anal y ses. 

• Frequent discussions of the sources and magnitudes of uncertainties in geotechnical 
analyses. 

• Use ofboth English and SI units, because engineers in North America and many other 
parts of the world need to be conversant in both systems. 

• Easy-to-use Windows software developed specifically for this book. This software 
may be downloaded from the Prentice Hall web site. It has been carefully integrated 
into the text, and is designed as a tool to enhance learning. In each case, the student 
must first sol ve homework problems by hand to master the analysis. Then he or she 
is introduced to the software, which allows exploration of more difficult problems that 
would otherwise be too tedious to solve by hand. 

• Extensive use of example problems to illustrate the various anal y ses. 
• Carefully developed homework problems distributed throughout the chapters, with 

comprehensive problems at the end of each chapter. 
• Discussions of recent developments in geotechnical engineering, including 

geosynthetics, soil improvement, and geotechnical earthquake engineering. 

ix 



X Preface 

An instructor' s manual is available to faculty who adopt their text for their course. 
It may be obtained from your Prentice Hall campus representative. 

Another book by the same author, Foundation Design: Principies and Practices, 2nd 
ed., is coordinated with this volume and is intended to be used in a follow-on course. The 
two books use consistent notation, terminology, and problem-solving methods. 
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Notation and 
Units of Measurement 

There is no universally accepted notation in geotechnical engineering. However, the 
notation used in this book, as described in the following table, is generally consistent with 
popular usage. 

Typical Units 
Defined 

Symbol Description English SI on Page 

A Cross-sectional area te m2 210 
A Base area of foundation te m2 620 
A Percentage of soil passing #200 sieve percent percent 279 
A¡ Cross-sectional area at failure . 2 

m mm2 505 
A o Initial cross-sectional area in2 mm2 505 
a Cross-sectional area of standpipe ft2 cm2 226 
a Length of pseudorectangle in flow net ft m 246 

amax Peak horizontal ground acceleration in/s 2 cm/s 2 688 
aY Yield acceleration inls 2 cm/s' 551 
B Width of loaded area (such as a footing) ft m 327 
b Width of pseudorectangle in flow net ft m 246 
b Unit length ft m 584 
e Hazen' s coefficient cm/s/mm2 226 
e Concentration lbjft' kg/m3 299 
CA Aging factor Unitless Unitless 104 
CB SPT borehole diameter correction Unitless Unitless 72 
ce Coefficient of curvature Unitless Unitless 122 
ce Compression index Unitless Unitless 385 

CaeR Overconsolidation correction factor Unitless Unitless 104 
Cp Grain size correction factor Unitless Unitless 104 
CR SPT rod length correction Unitless Unitless 72 
CR Relative compaction Percent Percent 183 
cr Recompression index Unitless Unitless 386 
Cs SPT sampler correction Unitless Unitless 72 
cu Coefficient of uniforrnity Unitless Unitless 122 
ca Secondary compression index Unitless Unitless 411 
e' r Residual effective cohesion lb/ft2 kPa 495 
CT Total cohesion Ib/te kPa 479 
e' Effective cohesion lb/fe kPa 470 
cv Coefficient of consolidation te/ctay m2/day 448 
D Depth of foundation ft m 619 

xi 



xii Notation and Units of Measurement 

Typical Units 
Defined 

Symbol Description English SI on Page 

D Particle diameter in mm 119 
D Depth to failure surface ft m 535 
Dd Diffusion coefficient ft2/day m2/day 299 
D, Relative density Percent Percent 103 
Dw Depth from ground surface to 

groundwater table ft m 211 
DIO Grain size at which 10% is finer mm 122 

(comparable definition for D values 
with other subscripts) 

d Diameter of capillary rise tube m mm 234 
d Diameter of vane in mm 510 
d Momentarm ft m 536 
d Closest distance to fault trace km 689 

dss Grain size at which 85% of the soil to 
be filtered is finer mm 279 

E Modulus of elasticity lbtfe kPa 319 
E Normal side force lb kN 531 

ED DMTmodulus lbtfe kPa 82 
E m SPT hammer efficiency Unitless Unitless 72 
e Void ratio Unitless Unitless 102 
e Base of naturallogarithms 2.7183 2.7183 

emax Maximum void ratio Unitless Unitless 103 
emin Mínimum void ratio Unitless Unitless 103 
eP V o id ratio at end of primary 

consolidation Unitless Unitless 411 
e o Initial void ratio Unitless Unitless 381 
F Fines content (% passing #200 sieve) Percent Percent 140 
F Factor of Safety Unitless Unitless 476 
fsc CPT cone side friction Ttfe MPa or kg/cm2 76 
J,c] CPT cone side friction corrected 

for overburden stress T/ft2 MPa or kg/cm2 79 
f Mass flux lbjff/day kg/m2/day 299 
G Shear modulus lbtfe kPa 319 

GB, Gc Coefficients in Boore's equation Unitless Unitless 689 
Gh Equivalent fluid density lbtfe kN/m3 602 
GL Specific gravity of soil-water mixture Unitless Unitless 119 
Gs Specific gravity of solids Unitless Unitless 101 
g Acceleration of gravity ft/s 2 m/s2 100 
H Thickness of soil strata or soillayer ft m 228 
H Height of wall ft m 584 
Ha Saturated thickness of aquifer ft m 230 
Hdr Length of longest drainage path ft m 424 



Notation and Units of Measurement xiii 

Typical Units 
Defined 

Symbol Description English SI onPage 

H¡m Thickness of proposed fill ft m 370 
h Total head ft m 212 
he Height of capillary rise ft m 234 
hp Pressure head ft m 212 
hv Velocity head ft m 212 
hw Total head inside well casing 

during pumping ft m 260 
hz Elevation head ft m 212 
ho Total head in aquifer before pumping ft m 260 
h¡ Total head in farthest observation well ft m 264 
hz Total head in nearest observation well ft m 264 
ID DMT material index Unitless Unitless 82 
IL Liquidity index Unitless Unitless 130 
lp Plasticity index Unitless Unitless 130 

Hydraulic gradient Unitless Unitless 213 
j Seepage force per unit volume of soil lb/ft 3 kN/m3 356 
K Coefficient of lateral earth pressure Unitless Unitless 581 
Ka Coefficient of active earth pressure Unitless Unitless 585 
KD DMT horizontal stress inóex Unitless Unitless 82 
Kd Depth factor Unitless Unitless 638 
KP Coefficient of passive earth pressure Unitless Unitless 588 
K o Coefficient of lateral earth pressure 

at rest Unitless Unitless 583 
k Hydraulic conductivity ft/s cm/s 221 
kn Hydraulic conductivity normal to fabric ft/s cm/s 281 
kx Horizontal hydraulic conductivity ft/s cm/s 228 
kz Vertical hydraulic conductivity ft/s cm/s 228 
L Length perpendicular to cross-section ft m 230 
L Length ofloaded area (such as a 

footing) ft m 327 
LL Liquid lirnit (see wJ Unitless Unitless 128 
l Distance the water travels ft m 213 

Length along shear surface ft m 532 
M Mass lb m kg 97 
Mb Body wave magnitude Unitless Unitless 682 
Me Mass of can lb m kg 98 
ML Local magnitude Unitless Unitless 682 
Ms Surface wave magnitude Unitless Unitless 682 
Ms Mass of solids lb m kg 97 
Mw Moment magnitude Unitless Unitless 682 
Mw Mass of water lb m g 97 
M¡ Mass of moist sample and can lb m g 98 



xiv Notation and Units of Measurement 

Typical Units 
Defined 

Symbol Description English SI on Page 

Mz Mass of dry sample and can lb m g 98 
m Slice width ft m 539 
N SPT blow count recorded in field Blows/ft Blows/300 mm 70 
N Normal force lb kN 531 

Nc,Nq,Ny Bearing capacity factors Unitless Unitless 622 

ND Number of equipotential drops Unitless Unitless 247 

NF Number of flow tu bes Unitless Unitless 247 
NF Factor in Cousin's Charts Unitless Unitless 546 

N6o SPT blow count corrected for field 
procedures Blows/ft Blows/300 mm 72 

N60 Average SPT N60 value Blows/ft Blows/300 mm 638 
(N¡)60 SPT blow count corrected for field 

procedures and overburden stress Blows/ft Blows/300 mm 74 
n Porosity Percent Percent 102 

na Air porosity Percent Percent 103 

ne Effective porosity Percent Percent 232 

nw Water porosity Percent Percent 102 

095 Equivalent opening size of geotextile mm 281 
OCR Overconsolidation ratio Unitless Unitless 392 

p Normal load lb kN 316 
P¡ Normal load at failure lb kN 505 
pa Normal force acting on a wall 

under active conditions lb kN 592 
pp Normal force acting on a wall 

under passive conditions lb kN 592 

Po Normal force acting on a wall 
under at-rest conditions lb kN 584 

PI Plasticity index (see lp) Unitless Unitless 130 
PL Plastic lirnit (see wp) Unitless Unitless 129 
Q Flow rate ft% m3/s 210 

Qc Compressibility factor Unitless Unitless 105 
q Flow rate per unit width fe/s/ft m%/m 230 
q Bearing pressure ( or gross bearing 

pressure) lbJfe kPa 326 & 620 

qA Allowable bearing pressure lb/fe kPa 641 

qa Allowable bearing capacity lb/ft2 kPa 625 

qc CPT cone resistance TJfe MPa or kg/cm2 76 

qc/ CPT cone resistance corrected for 
overburden stress TJfe MPa or kg/cm2 79 

qu Unconfined compressive strength lbJfr kPa 505 

qult Ultimate bearing capacity lb/fe kPa 621 
R Distance from load to point ft m 316 



Notation and Units of Measurement XV 

Typical Units 
Defined 

Symbol Description English SI on Page 

R¡ Friction ratio (cone penetration test) Percent Percent 76 
r Horizontal component of distance 

from load to point ft m 316 
rd Stress reduction factor Unitless Unitless 696 
rw Radius of well casing ft m 260 
ro Radius of influence ft m 260 
r¡ Radius from pumped well to farthest 

observation well ft m 264 
r2 Radius from pumped well to nearest 

observation well ft m 264 
S Number of stories in a building 
S Degree of saturation Percent Percent 98 
S Shear side force lb kN 531 
SI Sensitivity Unitless Unitless 494 
S Shear strength lb/fe kPa 470 
su Undrained shear strength lb/fe kPa 491 
T Transmissivity fe/s m2/s 230 
T Tangential force lb kN 531 
T¡ Torque at failure in-lb N-m 510 
Tv Time factor Unitless Unitless 429 
t Time S S 

Thickness of geotextile in mm 282 
tadj Adjusted time (settlement computations) yr yr 444 

fe Duration of construction period yr yr 444 
tp Time required to complete primary 

consolidation years years 412 
t90 Time to complete 90% of primary 

consolidation years years 448 
u Degree of consolidation Percent Percent 437 
u Pore water pressure lb/fe kPa 217 
u e Excess pore water pressure lb/fe kPa 373 
uh Hydrostatic pore water pressure lb/ft2 kPa 217 
V Volume fe m3 97 
va Volume of air fe m3 97 
va Shear force acting on a wall under 

active conditions lb kN 592 
vp Shear force acting on a wall under 

passive conditions lb kN 592 
vcone Volume of sand cone below valve ft' m3 187 

V¡ Volume of fill yd3 m3 195 
V m Volume of Proctor mold ft' m3 179 
V, Volume of solids fe m3 97 



xvi Notation and Units of Measurement 

Typical Units 
Defined 

Symbol Description English SI on Page 

vv Volume of voids fe m3 97 
vw Volume of water fe m3 97 
V Velocity ft/s rn/s 210 
v, Seepage velocity ft/s rn/s 232 
w Weight lb kN 97 
W¡ W eight of foundation lb kN 620 
wm W eight of Proctor mold lb kN 179 
wms W eight of Proctor mold + soil lb kN 179 
W, W eight of solids lb kN 97 
ww W eight of water lb kN 97 
W¡ Initial weight of sand cone apparatus lb kN 187 
w2 Final weight of sand cone apparatus lb kN 187 
w Moisture content Percent Percent 97 

WL Liquid limit Percent Percent 128 
wo Optimum moisture content Percent Percent 180 
Wp Plastic lirnit Percent Percent 129 
X Horizontal distance or coordinate ft m 211 
X¡ Horizontal distance from load ft m 316 
y Horizontal distance or coordinate ft m 211 
Y¡ Horizontal distance from load ft m 316 
z Depth below ground surface ft m 211 

Zdr Vertical distance from point to nearest 
drainage boundary ft m 429 

Z¡ Depth below loaded area ft m 211 
Zw Depth below groundwater table ft m 211 
a. Horizontal angle between strike and 

the vertical plane on which an apparent 
dip is to be computed deg deg 31 

a. Inclination of shear surface deg deg 539 
a. Inclination of wall from vertical deg deg 599 
p lnclination of ground surface from 

horizontal deg deg 545 
y Shear strain Unitless Unitless 318 
y Unit weight lbtfe k:N/m3 99 
y' Effective unit weight lbtfe k:N/m3 624 
Yb Buoyant unit weight lbtfe k:N/m3 100 
Y e Unit weight of concrete lb/ft3 k:N/m3 620 
Yd Dry unit weight lbtfe k:N/m3 99 
Y¡m Unit weight of fill lb/ft3 k:N/m3 370 
(yd)c Average dry unit weight in cut area lbtfe k:N/m3 195 
(y d)f Average dry unit weight in fill area lbtfr k:Ntrrr 195 

(Y d)max Maximum dry unit weight lbtfe k:N/m3 180 
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Typical Units 
Defined 

Symbol Description English SI on Page 

Ysand Unit weight of sand in sand cone test lb/ff kN/m3 187 

Yw Unit weight of water lb/ft3 kN/m3 lOO 
.1e Change in void ratio Unitless Unitless 381 
.1h Head 1oss ft m 213 
.1V Change in volume during grading yd3 m3 195 

.1az Change in vertical total stress lb/fe kPa 373 
o Dip deg deg 29 
o Total settlement in mm 368 

o a Apparent dip deg deg 31 

o a Allowable settlement in mm 630 

oc Consolidation settlement in mm 368 

(oJuzt Ultimate consolidation settlement in mm 396 

OD Differential settlement m mm 630 

ODa Allowable differential settlement in mm 630 

od Distortion settlement in mm 368 

os Secondary compression settlement m mm 368 
E Normal strain Unitless Unitless 318 

E¡ Normal strain at failure Unitless Unitless 505 

Ez Vertical normal strain Unitless Unitless 379 

E¡¡ Normal strain parallel to load Unitless Unitless 319 

E~ Normal strain perpendicular to load Unitless Unitless 319 

11 Dynamic viscosity of soil-water 
mixture Poise 119 

e Angle (stress analysis) deg deg 348 
e Angle (slope stability analysis) deg deg 536 

ez Angle between O¡ and az deg deg 350 
;., V ane shear correction factor Unitless Unitless 510 

Ac<l> Factor in slope stability computations Unitless Unitless 545 

fl Coefficient of friction Unitless Unitless 467 
V Poisson' s ratio Unitless Unitless 319 
p Density lbrrffe kg/m3 100 

pd Dry density lbm/fe kg/m3 100 

Pw Density of water lbm/fe kg/m3 100 
a Normal stress lb/ft2 kPa 316 
a Normal pressure acting on a wall lb/fe kPa 591 
a' Effective stress lb/ft2 kPa 338 
a' e Preconsolidation stress lb/fe kPa 383 
0' Effective stress at depth D below D 

the ground surface lb/fe kPa 622 

ad Deviator stress lb/in2 kPa 506 
a' m Overconsolidation margin lb/ft2 kPa 391 

ax Horizontal total stress lb/fe kPa 316 
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Typical Units 
Defined 

Symbol Description English SI on Page 

a' 
X 

Horizontal effective stress lb/fe kPa 339 
aY Horizontal total stress lb/fe kPa 316 
a' Horizontal effective stress lb/ft2 kPa 339 y 

az Vertical total stress lb/fe kPa 316 
(a z) induced Induced vertical total stress lb/ft2 kPa 370 

az Average vertical total stress lb/fe kPa 333 
a' z Vertical effective stress lb/fe kPa 338 
a' Final vertical effective stress lb/fe kPa 370 zf 

0 z0
1 Initial vertical effective stress lb/ft 2 kPa 370 

O¡ Major principal stress lb/ft2 kPa 349 
02 Intermediate principal stress lb/ft 2 kPa 349 
03 Minor principal stress lb/fe kPa 349 
't Shear stress lb/fe kPa 316 
't Shear stress acting an a wall lb/fe kPa 593 

"Ccyc Cyclic shear stress lb/ft 2 kPa 696 
"Cmax Maximum shear stress lb/fe kPa 351 

<1> Potential function ft2/s m 2/s 243 
<!>' Effective friction angle deg deg 467 
<1>/ Residual effective friction angle deg deg 495 
<l>T Total friction angle deg deg 479 
<l>w Wall-soil interface friction angle deg deg 596 
tJ! Flow function (or stream function) ft 2/s m 2/s 243 
tJ! Permittivity of geotextile filter s-1 s-t 281 
tJ! Factor in Bishop' s Equation Unitless Unitless 542 
tJ! Magnitude scaling factor Unitless Unitless 697 
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Introduction to 
Geotechnical Engineering 

Virtual/y every structure is supported 
by soil or roe k. Those that aren 't 
either jly, jloat, or fall over. 

Richard L. Handy {1995) 

Geotechnical engineering is the branch of civil engineering that deals with soil, rock, and 
underground water, and their relation to the design, construction, and operation of 
engineering projects. This discipline is also called soils engineering or ground engineering. 
Nearly all civil engineering projects must be supported by the ground, and thus require at 
least sorne geotechnical engineering. 

Typical issues addressed by geotechnical engineers include: 

• Can the soils and rocks beneath a construction site safely support the proposed 
project? 

• What groundwater conditions currently exist, how might they change in the future, 
and what impact do they have on the project? 

• What will be the impact of any planned excavation, grading, or filling? 
• Are the natural or proposed earth slopes stable? If not, what must we do to stabilize 

them? 
• What kinds of foundations are necessary to support planned structures, and how 

should we design them? 
• If the project requires retaining walls, what kind would be best and how should wc 

design them? 
• How will the site respond to potential earthquakes? 

1 
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• Has the ground become contaminated with chemical or biological materials? Do 
these materials representa health or safety hazard? If so, what must we doto rectify 
the problem? 

Sometimes these issues are simple and straightforward, and require very little geotechnical 
engineering. However, in other cases they are very complex and require extensive 
exploration, testing, and analysis. At difficult sites, geotechnical concems may even control 
the project' s technical and economic feasibility. 

Geotechnical engineering is closely related to engineering geology, which is a branch 
of geology, as shown in Figure 1.1. Individuals from both professions often work together, 
each making contributions from his or her own expertise to sol ve practica! problems. The 
combined efforts of these two professions is sometimes called geotechnics. 

GEOLOGY 

CIVIL 
ENGINEERING 

Figure 1.1 Geotechnical engineering is a 
branch of civil engineering, while engineering 
geology is a branch of geology. These two 
disciplines are closely related, and their 
combined efforts are sometimes called 
geotechnics. Note: This illustration is not a 
complete listing of the branc hes of either 
profession. 

Geotechnical engineers usually begin by assessing the underground conditions and the 
engineering properties of the various strata. We call this process site exploration and 
characterization. It usually involves drilling vertical hales called exploratory borings into 
the ground, obtaining soil and rock samples, and testing these samples in a laboratory. It 
also may involve conducting tests in-situ (in-place). 

The next step is to perform engineering analyses based on the inforrnation gained from 
the site exploration and characterization program. The analytical tools we use to perform 
these analyses are collectively known as soil mechanics and rock mechanics. Thus, soil 
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mechanics and rock mechanics are to geotechnical engineering what structural mechanics 
is to structural engineering. In both fields, "mechanics" refers to the analytical tools, while 
"engineering" is a broader term that also includes the rest of the design and construction 
process. 

We then use the analysis results to develop geotechnical input for design purposes. 
The design process also includes engineeringjudgement, experience from previous projects, 
and a sense of economics. However, regardless of the results from these analyses, 
geotechnical engineers are reluctant to deviate too far from design criteria that have proven 
worthy in the past. This is why understanding customary standards of practice is so 
importan t. 

Geotechnical engineers work as part of a team, which also includes other 
professionals, such as structural engineers, civil engineers, architects, and others. Many 
design issues can be resolved only through a group effort, so the final design drawings and 
specifications reflect the combined expertise of many individuals. 

Our work does not stop at the end of the design phase: It is very important to be 
involved in the construction phase as well. Geotechnical services during construction 
typically include: 

• Examining the soil and rock conditions actually encountered and comparing 
them with those anticipated in the design. This is especial ly useful when the 
project includes large excavations, because they ex pose much more of the subsurface 
conditions than were seen in the exploratory borings. Sometimes the conditions 
encountered during construction are different, and this may dictate appropriate 
changes in the design. 

• Comparing the actual performance with that anticipated in the design. We may 
do this by installing special instruments that measure movements, groundwater levels, 
and other important characteristics. This process, which we call the observational 
method, can also produce changes in the design. 

• Providing quality control testing, especially in compacted fills and structural 
foundations. 

Occasionally geotechnical services continue beyond the end of construction. For 
example, sites prone to Iong-term settlements may require monitoring for months or years 
after construction. Post-construction activities al so can include investigations of facilities 
that have not performed satisfactorily, and development of remedia] measures. 

1.1 HISTORICAL DEVELOPMENT 

Although this book primarily focuses on current methods of evaluating soil and rock for 
engineering purposes, it also occasionally discusses the historical development of 
geotechnical engineering. Part of the reason for these historical vignettes is to gain an 
appreciation for our heritage as engineers. Another, perhaps more important reason is to 
help us understand how technical advances have occurred in the past, because this guides 
us in developing future advancements. 
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Early Methods (Prior to 1850) 

People have been building structures, dams, roadways, aqueducts, and other projects for 
thousands of years. However, until recently these projects did not include any rational 
enginecring assessment of the underlying soil or rock. Early construction was based on 
comrnon sense, experience, intuition, and rules-of-thumb, and builders passed this collective 
wisdom orally from generation to generation, often through trade guilds. Early scientists 
were concemed with more Iofty matters, and generally considered the study of soil and rock 
beneath their digni ty. 

Sometimes builders used crude tests lo assess the soil conditions. For example, the 
ltalian architect Palladio (1508-1580) wrote that firm ground could be confirmed "if the 
ground does not resound or tremble if something heavy is dropped. In arder to ascertain 
this, one can observe whether some drum skins placed on the ground vibrate and give off 
a weak sound or whether the water in a vessel placed on the ground gets into motion" 
(Flodin and Broms, 1981 ). The primary objective of such assessments seems to ha ve been 
the identification and subsequent avoidance of sites with poor soil conditions. 

These design methods were usually satisfactory so long as the construction projects 
were modest in scope, similar to previous 
projects (and thus tied to experience), and 
built away from obviously poor sites. Using 
these methods, the ancient builders 
sometimes accomplished amazing feats of 
construction, sorne of which still exist. 
For example, sorne dams in India have 
been in service for more than two thousand 
years. Unfortunately, the ancient bui lders 
also experienced some dramatic failures. 

During the Middle Ages, builders 
began constructing larger and more 
sophisticated structures such as the 
cathedrals and related buildings in Europe. 
These projects pressed beyond the limits 
of experience, so the old rules-of-thumb 
did not always apply and unfortunate 
failures sometimes occurred. The failures 
produced new rules-of-thumb that guided 
subsequent projects. These trial-and-error 
methods of developing design criteria 
continued through the Renaissance and 
into the beginning of the Industrial 
Revolution, but it became increasingly 
evident that they were very tedious and 
expensive ways to learn. 

The Leaning Tower of Pisa, shown 
in Figure 1.2, is the most famous example 

q' = 62kPa 

1948 m 

Sandy 
SoiJs 

FatCiay 

1 q' z 930 kPa 

Figure 1.2 The leaning tower of Pisa (adapted from 
Terzaghi , 1934a). 
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of soi1-re1ated problems from this era. Construction began in AD 1173 and continued off
and-on for nearly 200 years. The tower began to tilt during construction, so the builders 
attempted to compensate by providing a s1ight taper to the upper stories. The movement 
continued after construction, and by 1982 the top of the 58.4 m (192ft) tall structure was 
5.6 m (18.4 ft) off plumb. 

Modem investigations of the subsurface conditions ha ve found a weak clay stratum 
about 11 m below the ground surface. This clay is very compressible, and has settled under 
the concentrated weight of the tower. The south si de has settled more than the north, which 
has caused the tower to tilt. Foundation Design: Principies and Practices, the companion 
volume to this book, describes the tower in more detail. 

Slowly, builders began to app1y the scientific method to various aspects of 
construction. These efforts attempted to determine why the things we build behave the way 
they do, express this behavior mathematically, and develop analysis and design methods 
based on these understandings. Initially these efforts focused almost exclusively on 
structural issues. Leonardo da Vinci (1452-15 19), the artist/scientist, was one ofthe few to 
briefly study the behavior of soils. He observed the angle of repose in sands, proposed test 
methods to determine the bearing capacity of soils, and speculated on the processes of 
groundwater hydrology. However, daVinci's ideas on soils do not appear to have extended 
beyond the pages of his notebooks, and had no impact on design or construction methods. 

Engineers and scientists began to address the engineering behavior of soil more 
seriously during the seventeenth and eighteenth centuries. Most of this early work focused 
on the analysis and design of retaining wal1s (Skempton, 1979). It was general! y dictated 
by military needs, and was mostly performed by individua1s associated with the army, 
especially in France. Henri Gautier, B.F. Belidor, Charles Augustin Coulomb, and others 
developed methods of predicting the forces imparted by soil onto retaining walls, which led 
to more rational design methods. Coulomb' s work, which he published in 1776, is often 
considered the flrst example of rational soil mechanics, and still forms the basis for 
computation of earth pressures acting on walls. U nfortunately, much of this work extended 
well beyond eighteenth century abilities to measure re1evant engineering properties in soil, 
and thus was difficult to apply to practica! problems. 

Sorne scientific investigations of soil behavior continued during the early nineteenth 
century, including studies of the stability of earth slopes and other topics. However, this 
work had limited usefu1ness, was not widely disseminated, and had very little impact on the 
vast majority of construction projects. 

Late Nineteenth Century Developments 

The last half of the nineteenth century was a period of rapid industrialization, which 
produced tremendous growth in both the amount and scope of construction projects. 
Railroad lines were expanding, urban areas were growing (with the resulting need for 
infrastructure construction), ports were being enlarged, and larger buildings were being 
built. Iron and steel had become common civil engineering materials, and reinforced 
concrete was beginning to appear. These projects drove advances in structural engineering, 
hydraulic engineering, and other fields. Sorne of these advancements later became useful 
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to geotechnical engineers. For example, Henri Darcy's work oo flow through sand filters 
for water purification purposes later became the basis for analyses of groundwaterflow, and 
various developments in rnechanics of materials, such as thnt of Otto Mohr, later would be 
applied to soil. However, progress in geotechoical engineering sti1llagged behínd. 

When working at sitcs with potentlally problematic soils, espedally snft clays, some 
engineers drove steel rods into the ground t.<> roughly assess the soíl conditions. These tests 
werc called soundings. Sornetimes engineers used exploratory borings to gain soil samples, 
althougb the ínformation gaioed from them was purely qualitative. Sorne advances in 
analysis and desígn methods also were developed during this period, includíng empirical 
formu1as for determining the load capacity of pi le foundations. However, we had not yet 
developed important unifying concepts and did not understand how soils behave, so efforts 
at assessing subsurface conditions were of limited va1ue. 

The increasing size of civil engineering projects, especially after 1880, raised more 
concems about the consequences of failure, yet overly conservative designs were too 
expcnsive. The time was ripe for geotechnical engincering to emerge as a clearly defined 
discipline within civil engineering, for inventing better techoiques of assessing soil and rock 
condítions, and for developing sound methods of íntegrating them into civil engincering 
practice. 

Geotechnical Engineering in Sweden, Early Twentieth Century 

The first Jarge-scale attempts at geotechnicaJ engil'lécring occurred in Sweden during the 
early decades of the twentieth century (Bjerrum and Flodin, 1960). Tbc Swedes even 
imroduced the word ''geotechnical" (in Swedish, Oeotekniska) during this period. 

Sweden was a likety place for these early dcvelopments, because ex.tremely poor soil 
conditions underlie much of the country. Sofl. weak clays are present beneath the most 
populated areas, and they are the source of many problems, including excessive settlement 
and catastrophíc landslides. Many of these clays are very sen~itive, which means they lose 
strength when disturbed. and thus are prone to dmmatic failures. 

Old place names that translate to "Earth Fall," "Land Fall.'' and ''Ciay Fall," illustrate 
thc long history of landslides in thls region. In Norway. which has similar soil problems, 
landslides kiUed an average of 17 persons per year between 1871 and 1940 (Flodin and 
Broms, 1981 ). TI1ese problems became much worse when construction projects created cuts 
and lills that further destabilized marginal ground. 

The city of Goteborg, Swedcn suffered from extensive soíl-related problems during 
thc early devclopment of its port facilities. These projccts required dredging soils, building 
quay& (facilities for dockíng ships) and other works on the soft clays that exísted in the 
.harbor. This was very difficult. and several major landslides occurred during and after 
construction of these facilities. Port cngineers began to assess these landslides and develop 
methods of safely building pon facilities. 

Meanwhile, the Swe.dish State Railways needed lo make cuts and fills to provide 
alignments tbr new t:ra.cks, and these steepen.ed slopes prompted more landslides. One 
particularly disastrous fai1ure occurred in 1913 when 185 m (600ft) of track slipped into 
Lake Aspen. This event prompted the formatíon of the Geotekníska Kommission 
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(Geotechnical Comrnission) of the Swedish State Railways to study the problem and 
develop solutions. They intended the new tenn "geotechnical" to reflect the commission's 
reliance on both geology and civil engineering. 

The most prominent engineer in this effort was Wolmar Fellenius (1876-1957). A 
graduate of the Royal Institute of Technology in Stockholm, Fellenius had become familiar 
with soil probléms when he served as the port engineer in Goteborg. When the commission 
was fonned, he was a professor of hydraulics at the Royal lnstitute, a position he held until 
his retirement in 1942. Fellenius became the chair of the commission, and John Olsson, 
also a civil engineer, did much of the day-to-day work. 

Figure 1.3 Wolmar Fellenius was the port 
engineer in Goteborg, Sweden, a professor at 
the Royal Institute of Technology in 
Stockholm, and the chairman of the 
Geotechnical Commission of the Swedish 
State Railways. He and his colleagues 
conducted the flrst large-scale geotecbnical 
studies. In the process, they developed many 
of the exploration, sampling, testing, and 
analysis techniques we use toda y. (Photo 
courtesy of Professor Bengt Fellenius) 

The comrnission had to begin by developing new methods of drilling and sampling 
soils, which was very difficult in the soft clays. They were the ftrst to develop methods of 
obtaining undisturbed samples of these soils. Then they developed laboratory test 
equipment, studied the behavior of these soils, and produced new methods of analysis and 
design. They investigated more th\n 300 sites and collected 20,000 soil samples. This work 
was truly a pioneering effort, and is a testimony to the resourcefulness and ínsights of these 
men. Their soil mechanics laboratory, established in 1914, appears to have been the first 
of its kind in the world. 

More railroad failures occurred while the commission' s work was in progress, most 
notably the 1918landslide at Vita Sikudden, which killed forty-one people. These failures 
further emphasized the importance of their work. 
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The commission's final report, completed in 1922, was the world' s first 
comprehensive geotechnical report. It presented thcir mcthods of investigation and analysis, 
and contained recommendations on how to avoid future landslides. Afterward, many 
committee members continued to develop new test equipment and refine their analysis and 
design methods. 

These early developments in Sweden represented the first significan! efforts at 
geotechnical engineering, and they influenced subsequent construction in Scandinavia. 
However, the rest of the world had little or no knowledge of this work until much later. The 
task of promoting geotechnical engineering on a widespread intemational leve! required 
more people to spread the message, and one of them soon became recognized as a leader in 
this effort: Karl Terzaghi. 

Karl Terzaghi 

Karl Terzaghi (1883-1963) has often been called "the father of soil mechanics." Although 
he was only one of many people who ushered in the new profession we now call 
geotechnical engineering, his influence and early leadership were especially noteworthy. 
Terzaghi, more than any other, set the tone and direction of the profession and promoted it 
as a Jegitimate branch of civil engineering. 

Terzaghi was bom in Prague, which was then part of Austria. His initial academic 
work was in mechanical engineering, and he eamed an undergraduate degree in that subject. 
However, he found it was not to his liking, so his fi rst engineering job was with a civil 
engineering firm in Vienna that specialized in reinforced concrete. He worked at 
construction si tes in many European Jocations, which also gave him opportunities to pursue 
one of his favorite subjects: geology. He later eamed a doctorate based on his work in 
reinforced concrete design. 

Throughout this period, Terzaghi became increasingly interested in the ignorance of 
civil engineers in matters relating to earthwork and foundation design. Although structural 
design had already reached a high level of sophistication, the design of earthwork and 
foundations was based on unreliable empirical rules. He felt this topic needed a more 
scientific approach, and decided to focus his attentions on developing rational design 
methods. 

In 1916 he accepted a teaching position at the Imperial School of Engineers in Istanbul 
(then known as Constantinople), and later moved to Robert College, also in Istanbul. There 
he began research into the behavior of soils, including studies of piping failures in sands 
beneath dam!l,and settlement in clays. The work on clays eventually led to his theory of 
consolidation, which we will study in Chapters 11 and 12. This theory, which has since 
been verified;is considered one of the most significan! mílestones in civil engineering. 

If we wish to define a certain time as the "birth" of geotechnical engineering as a 
widely recognized discipline, it would be the year 1925, for that was when Terzaghi 
published the first comprehensive book on the subject. He gave it the title Erdbaumechanik 
auf Bodenphysikalischer Grundlage (German for The Mechanics o.f Earth Construction 
Based on Soil Physics; Terzaghi, 1925a) and published it in Vienna. Erdbaumechanik 
addressed various aspects of what we would now call geotechnical engineering, and did so 
from a rational perspective that recognized the importance of field observations. 
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In 1925 Terzaghi also accepted a visiting lecturesbip position at the Massachusetts 
Institute of Technology, where he soon became recognized as the leader of a new branch of 
civil engineering. The same year, he published a series of English articles in the American 
joumal Engineering News Record (Terzaghi, 1925b) anda paper in the Journal of the 
Boston Society of Civil Engineers (Terzaghi, 1925c ). He al so expanded bis research interests 
to include :frost heave, pavement design, and other tapies, along with continuing his interests 
in foundations and daros. 

In 1929 he retumed to Vienna and began serving as a professor at the Technical 
University. During the next severa! years he continued his research activities, along with 
an active speaking and consulting schedule that brought him to many places in Europe, Asia, 
Africa, and North America. Tbis work generated extensive interest in soil mechanics. 
Then, in 1939, he returned to the United States and accepted a professorship at Harvard 
University. He continued teaching, consulting, and lecturing around the world, but Harvard 
remained bis home for the rest of bis life. 

Figure 1.4 Karl Terz.aghi in 1951 (Photopph 
courtesy ofMargaret Terz.aghi-Howe). 

Terzaghi had a remarkable ability to develop rational and practica! solutions to real 
engineering problems from a jumble of what had previously been a maze of incoherent facts 
and observations. He carne onto the engineering scene at the right time and with the 
necessary skills, rising from obscurity to lead the establishment of geotechnical engineering 
as a rational and legitimate branch of civil engineering. 
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Figure 1.5 Terz.aghi's 1925 book Erdbaumechanik included this illustration of a consolidometer, wbich is a 
laboratory device for measuring tbe settJement of soils. Tenaghi used devices lilre this to develop his lheory of 
consolidation, which we will discuss in Chapters 11 and 12. 

Addltlonal Twentieth Century Developments 

Other prominent engineers also made important contributions to the fledgling profession of 
geotechnical engineering during the 1920s and 1930s. Sorne of them were from academic 
circles, while others were practicing engineers andlor contractors. Those who had the most 
impact on engineering practice in the United States included: 

• William Housel, a professor at the University ofMichigan, one ofthe ftrst Americans 
to study soil mechanics. His work was contemporary with, but independent of, Karl 
Terzaghi. Housel developed methods of soil sarnpling, analysis, and design, and 
gathered large volumes of data from field observations. He also taught the ftrst 
university soil mechanics course in the United States, which began at the University 
ofMichígan in 1927. 

• Gregory Tschebotarioff, a German who eventually carne to the United States and 
taught at Princeton University. He made important contributions on earth retaining 
structures. 

• Arthur Casagrande, a disciple of Terzaghi anda professor at Harvard University. He 
made many contributions to the analysis of soft clays, soil composition and 
classification, seepage, earth dams, and other topics. 

• Fred Converse, a professor at the California Institute of Technology who began 
teaching soil mechanics there in the rnid 1930s. Converse al so was co-founder of one 
the flrst geotechnical consulting fmns. 

• Daniel Moran, a foundation engineer and builder wbo worked on the foundations for 
many large buildings in New York, major bridges across the country, and other 
monumental projects. He pioneered new methods of constructing bridge foundations. 
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• Lazarus White, a foundation engineer and builder who developed new methods of 
design and constructian, underpinning, and other advances. He also was co-founder 
of the firrn Spencer, White, and Prentis. 

• R. R. Proctor, a practicing engineer who made important advances in the assessment 
of compacted fills during construction. 

We reached another important milestone in 1936 when the First lntemational 
Canference on Soil Mechanics and Foundation Engineering met in Cambridge, 
Massachusetts. It was the first significant professional conference devoted exclusively to 
this topic, and its published proceedings represented more technical material on this subject 
than all of the material published befare the canference. The Intemational Saciety of Sail 
Mechanics and Foundation Engineering (ISSMFE) was founded during that conference. 
Both the society and its conferences cantinue to be an important means of disseminating 
knowledge. 

In spite of these advancements, Terzaghi was presenting lectures with titles like "Soil 
Mechanics-A New Chapter in Engineering Science" as late as 1939 to professional 
audiences who apparently had very little farnilíarity with the subject (Terzaghi, 1939). This 
increased awareness of the usefulness of geotechnical engineering, along with the mas si ve 
construction projects of the 1950s and 1960s, final1y established geotechnical engineering 
as a routine part af nearly all significant civil engineering projects. 

1.2 MODERN GEOTECHNICAL ENGINEERING 

We have made substantial progress during the past century. Our abilities to assess 
subsurface conditions, predict soil behavior, and accamrnodate this behavior using 
appropriate designs are naw far better than befare. A Jarge number of consulting firrns 
specialize in geotechnical engineering, many govemment agencies have geotechnical 
engineering departments, and nearly all civil engineers have occasion ta work with 
geotechnical engineers on their projects. About 15 percent of American Saciety of Civil 
Engineers members now identify geotechnical engineering as their primary or secondary 
area of interest. Geatechnical engineers also ha ve expanded into new areas, mast notably 
geoenvironmental engineering, which deals with underground enviranmental problems. 

As geotechnical engineering matured, it also developed a "personality" that is slightly 
different from other civil engineering disciplines. These personality traits include the 
follawing: 

• We work with sail and rock, which are natural materials. As such, their engineering 
properties are more complex and difficult to characterize than those of manufactured 
materials such as steel. Soil properties also vary significantly from one project site 
ta another, and even at different locations within a single site. Therefore, we devote 
a significant part of our work and budget ta site characterization. Unlike structural 
engineers, who can simply look up material properties in a book, geotechnical 
engineers must obtain sarnples from each project site and test them in a laboratory. 
To accomplish these tasks, geotechnical engineers and their staffs spend a great deal 
of time in the field and laboratory. 
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• Practica! economic constraints limit the number of exploratory borings we can drill 
and the number of laboratory tests we can perforrn. As a result, we have direct 
knowledge of only a very small portian of the soil or rock beneath a project si te. This 
introduces many potential sources of error: What are the subsurface conditíons 
between and beyond the borings? Are the samples truly representative of the field 
conditions? How much sample disturbance has occurred during recovery and 
transport to the laboratory? What effect does this sample disturbance have on the 
measured engineering properties? 

• Because of the potentially large errors in our site characterization programs, we use 
a large measure of engineering judgement when bringing the laboratory and field data 
into our analyses. In addition, our abílity to perforrn quantitative analyses far exceed<; 
the accuracy of the data on which they are based. Therefore, the results of these 
analyses are usually not very precise. As a result, we typically use larger factors of 
safety and more conservative designs. 

• We rely more heavily on "engineering judgement," which is a combination of 
experience, subjectivity, reliance on precedent, and other factors. 

• We have a more extensive involvement during construction, and frequently revise our 
design recommendations when conditions encountered during construction are 
different from those anticipated. 

Geotechnical engineers also spend a great deal of time interacting with others, 
including general civil engineers, structural engineers, architects, building officials, 
geologists, contractors, attomeys, and owners. As a result, good written and oral 
communication skills are very important. 

Geotechnical engíneers continue to face new technical challenges. The high cost of 
real estate, especíally in urban areas, often dictates the need to build on sites with poor soil 
conditions - sites we would have rejected in the past. These difficult sites pose special 
problems, and have resulted in the development of new construction materials and 
techniques, such as ground improvement methods. However, the construction industry, 
which includes all branches of civil engineering, also has become very competitive, and is 
largely driven by the marketplace. Clients demand high-quality services and expect to 
receive them quickly and inexpensively. Thus, it has become very important to work 
efficiently. lt also has enhanced the demand for innovative construction methods, such as 
mechanically stabilized earth (MSE) walls, that are more cost-effective than previous 
solutions. 

1.3 ACCURACV OF GEOTECHNICAL ENGINEERING ANAL YSES 

Although the many advances in geotechnical engineering over the past century have greatly 
improved our ability to predict the behavior of soil and rock, we still need to maintain a 
healthy sense of skepticism. Most of our analyses are handicapped by the uncertainties 
introduced by the site exploration and characterization program. In addition, our 
mathematical models of soil behavior are only approximate, and often do not explicitly 
consider important factors. Simply because an equatíon is available to describe a certain 
process does not mean that we can expect to perforrn precise computatíons! 
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One of the most common mistakes among students studying geotechnical engincering, 
and even among sorne practicing engineers, is to overestimate the accuracy of geotechnical 
analyses. The widespread availability of digital computers and the related software has 
made this problem even worse, because our ability to perform analyses has far surpassed the 
technical and economic realities of obtaining the underlying soil and rock data. This often 
leads to overconfidence, and ultimately may result in construction failures. 

Most of the example problems in this book ha ve been solved to a precision of three 
significan! figures. This has been done for clarity and to avoid excessive round-off errors. 
However, few if any geotechnical analyses are really this accurate. In reality, the actual 
behavior often varies from the predicted behavior by 50 percent or more. Therefore, it is 
best to perform most geotechnical analyses to no more than two or three significan! figures 
and recognize the true precísion is really much less. 

There are occasions when more precise analyses are useful, especíally when 
conducting "what-if' studies or when actual performance data is available from the field. 
More precise analyses also may be appropriate for very sophisticated projects that have a 
correspondingly intense si te exploration and characterization programs. However, it is very 
important to avoid placing too much confidence in the results, for it is very easy to perform 
anal y ses to much greater le veis of precision than are justified by the data. 

KEY TO COLOR PHOTOGRAPHS 

The color photographs at the end of this chapter show the role of geotechnical engineering 
in various projects, and geotechnical engineers at work. 

First Page 

Virtually all civil engineering projects require at least sorne geotechnical engineering. Here 
are sorne examples: 

A. Buildings- The Sears Tower in Chicago is one of the tallest buildings in the world. 
lt needs massive foundations to transmit the structural loads into the ground. The 
design of these foundations depends on the nature of the underlying soils. 
Geotechnical engineers are responsible for assessing these soil conditions and 
developing suitable foundation designs. 

B. Bridges - The foundation for the south pier of the Golden Gate Bridge in San 
Francisco had to be built in the open sea. It extends down to bedrock, sorne 30 m 
(100ft) below the water leve! and 12m (40ft) below the channel bottom. This was 
especial] y difficult to buíld beca use of the tremendous tídal currents at this si te. 

C. Dams - Oroville Dam in California is one of the largest earth dams in the world. lt 
is made of 61,000,000 m 3 (80,000,000 yd3

) of compacted soil. The design and 
construction of such dams requires extensive geotechnical engíneering. 

D. Tunnels- The Ted Williams Tunnel is part of the Central Artery Project in Boston. 
This prefabricated tunnel section was floated to the job si te, then sunk into a prepared 
trench in the bottom of the bay. lts integríty depends on proper support from the 
underlying soils. 
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Second Page 

Geotechnical engineers try to avoid failures like these: 

E. This house was built near the top of a slope and hada beautiful view of the Pacific 
Ocean. Unfortunately, a landslide occurred during a wet winter, undermining the 
house and causing part of its floor to fall away. 

F. Teton Dam in ldaho failed in 1976, only a few months after the embankment had been 
completed and the reservoir began to be filled. This fai lure killed 11 to 14 people, and 
caused about $400 mili ion of property damage. 

G. The 1964 Niigata Earthquake in Japan caused extensive liquefaction in this port city. 
These apartment buildings rotated when the underlying soils liquefied. 

H. The approach fill to this highway bridge has settled because the underlying soils are 
soft clays and silts. However, the bridge has not settled because it is supported on 
piles. Although this "failure" is not as dramatic as the others, it is a source of 
additional maintenance costs, and can be a safety hazard to motorists and pedestrians. 

Third Page 

We use a variety of techniques to assess the subsurface conditions. These include: 

l. Perforrning a field reconnaissance. This is the top of a recent landslide, and the man 
in the photograph is examining the soil and rock exposed in the scarp. 

J. Drilling exploratory borings to obtain soil and rock sarnples. This rig drills boles up 
to 30 m ( 100 ft) deep. 

K. Testing samples in a soil mechanics laboratory. These tests help us determine the 
engineering properties of the soil or rock. 

L. Monitoring geotechnical instruments. These instruments measure groundwater levels 
and pressures, soil movements, and other similar attributes. 

Fourth Page 

Geotechnical engineers al so are actively involved in construction. Exarnples of geotechnical 
construction include: 

M. This rig is drilling a hole in the ground that will be filled with reinforced concrete to 
forrn a drilled shaft foundation. 

N. This 11 m (35ft) deep cxcavation extends 10m (30ft) below the groundwater table. 
ln addition, a river is present just beyond the excavation on the left side of the 
photograph. Therefore, it was necessary to first install an extensive dewatering 
systcm to draw down the groundwater table. 

O. This rig is installing a series of wick drains, which help accelerate the settlements that 
will occur as a result of a proposed fill. 

P. The fill for this highway near Fort St. John, British Columbia is being reinforced with 
geogrids, thus allowing the side slopes to be steeper than would be possible with an 
unreinforced fill. 
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2 
Engineering Geology 

And so geology, once considered mostly a descriptive and 
historical science, has in recent years taken on the aspect of an 
applied science. lnstead of being largely speculative as 
perhaps it used to be, geology has become factual, quantitative, 
and immensely practica /. lt became so first in mining as an 
aid in the searchfor metals; then in the recovery offuels and 
the search for oil; and now in engineering in the search for 
more perfect adjustment of man's structures to nature's 
limitations and for greater safety in public works. 

Charles P. Berkey, Píoneer Engineeríng Geologist, 1939 

Geology is the science of rocks, rninerals, soils, and subsurface water, including the study 
of their formation, structure, and behavior. As the quotation above índicates, geology was 
once confined to purely academíc studies, but it has since expanded into a practica! science 
as well. Engineering geology is the branch that deals with the application of geologic 
principies to engineering works. 

Unlike geotechnícal engineers, whose traíning is in civil engíneering, engineering 
geologists have a background in geology. Their work includes rnapping, describing. and 
characterizing the rock ata construction si te; assessing stability issues, such as landslides: 
and appraising local seisrnicity and earthquake potentials. These two professions are 
cornplernentary, and work together as a tearn. Nevertheless, it is irnportant for the geologist 
to have sorne understanding of engineering, and the engineer to have sorne understanding 
of geology. Sorne individuals have even acquired full professional credentials in both fields. 

15 
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This chapter explores fundamental principies of geology and their application to 
geotechnical engineering, with extra emphasis on the geological origin of soils. These 
principies are important to geotechnical engineers because they help us understand the 
nature of the subsurface conditions and form much of the basis for interpreting data gathered 
from exploratory borings. 

2.1 ROCK ANO SOIL 

Both geologists and engineers frequently divide earth materials into two broad categories: 
rock and soil. Although this may seem to be a simple distinction, in reality it is not and has 
often been a source of confusion. Toa geologist, rock is "any naturally formed aggregate 
or mass of mineral matter, whether or not coherent, constituting an essential and appreciable 
part of the earth' s crust" (American Geological Institute, 1976). This definition focuses on 
the modes of origin and structure of the material. Conversely, engineers (and contractors) 
sometimes consider rock to be a "hard, durable material that cannot be excavated without 
blasting," a definition based on strength and durability. 

U nfortunately, these two definitions sometimes produce conflicting classifications, 
especially in intermediate materials. For example, sorne materials that are rock in terms of 
their geologic origin are soft enough to be easily excavated with the same equipment used 
for soil. They may even look like soil. Siltstone is good example. Converseiy, sorne 
cemented soils, such as caliche, are "hard as rock" and very difficult to excavate. This 
difficulty in classifying sorne materials has often led to construction lawsuits, because 
contractors are typically paid more to excavate "rock." It also can be a problem when piles 
are to be driven to "rock." 

Therefore, it is important for both engineering geologists and geotechnical engineers 
to properly communicate the nature of earth materials (rock vs. soil) to other members of 
the design and construction teams. Our thought processes tend to use the geologists' 
definitions because they help us interpret the subsurface conditions, but contractors and 
other engineers usually interpret our comments in light of the engineers ' definitions. 

Sometimes this difficulty can be overcome by using the terms hard rock and soft rock, 
where the latter is capable of being excavated by conventional earthmoving equipment. 
However, this definition also can lead to confusion, and is not entirely satisfactory. In 
Chapter 6 we will discuss more specific classification methods to be used in excavation 
specifications. 

Another aspect of dividing earth materials into rock and soil is that this distinction 
often determines the kinds of subsurface data we need to acquire, the tests we will perform, 
and the analyses we will conduct. This is because there are important differences between 
these two materials, including the following (Goodman, 1990): 

• Rocks are generally cemented; soils are rarely cemented 
• Rocks usually have much lower porosity than soils 
• Rocks can be found in states of decay with greatly altered properties and attributes; 

effects of weathering on soils are more subtle and generally less variable 
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• Rock masses are often discontinuous; soil masses usually can be represcnted as 
continuous 

• Rocks ha ve more complex, and generally unknowable stress histories. In many roe k 
masses, the least principal stress is vertical; in mosl soils the greatest principal stress 
is vertical. 

Although there are times when soil mechanics techniques can be applied to rock 
mechanics problems, and vice-versa, any such sharing must be done cautiously. 

2.2 ROCK-FORMING MINERALS 

Mínerals are naturally formed elements or compounds witb specific structures and chemical 
compositions. As the basic constituents of rocks, minerals control much of rock behavior. 
Sorne minerals are very strong and resistant to deterioration, and produce rocks with similar 
properties, while others are much softer and produce weaker rock. 

More than 2000 different minerals are present in the earth' s crust. They can be 
identified by tbeir physical and chemical properties, by standardized tests, or by examination 
under a microscope. Only a few of them occur in large quantities, and they forro the 
material for most rocks . The most common minerals include: 

Feldspar-This is the most abundant 
mineral, and is an important component 
of many kinds of rock. Orthoclase 
feldspars contain potassium (KalSipg) 
and usually range from white to pink. 
Plagioclase feldspars contain sodium 
(NaAISip8), calcium (CaAl2Si20H), or 
both, and range from white to gray to 
black. Feldspars have a moderare 
hardness. 

Quartz-Also very common, quartz is 
another major ingredient in many kinds 
of rock. lt is a silicate (SiO~. and 
usually has a translucent to milky white 
color, as shown in Figure 2.1. Quartz is 
harder than most minerals, and thus is 
very resistant to weathering. Chert is a 
type of quartz sometimes found in sorne 
sedimentary rocks. It can cause 
problems when used as a concrete 
aggregate. 

Figure 2.1 A Jarge quartz crystal. Quartz 
crystals in rocks are normall y much smaller. 
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Ferromagnesian mineral.~-A class of minerals, al! of which contain both iron and 
magnesium. This class includes pyroxene, amphibole, homblende, and olivine. Thesc 
minerals have a dark color and a moderate hardness. 

/ron oxides-Another class of minerals, all of which contain iron (Fe p} Includes 
limonite and magnelite. Although less common, these minerals give a distinctive 
rusty color to sorne rocks and soils, and can act as cementing agents. 

Calcite-A mineral made of calcium carbonate (CaC03) ; usually white, pink, or gray. 
It is soluble in water, and thus can be transportcd by groundwater into cracks in rock 
where it precipitares out of solution. It also can precipitare in soil, becoming a 
cementing agent. Calcite is much softer than quartz or feldspar, and effervesces 
vigorously when treated with dilute hydrochloric acid. 

Do/omite-Similar to calcite, with magnesium added. Less vigorous reaction to 
dilute hydrochloric acid. 

Mica-Tram;lucent thin sheets or flakes. Muscovite has silvery flakes, while biotite 
is dark gray or black. These sheets ha ve a very low coeffícient of friction, which can 
produce shear failures in certain rocks, such as schist. 

Gypsum-A very soft mineral often occurring as a precipitate in sedimentary rocks. 
It is colorless to white and has economic value when found in thick deposits. For 
example, it is used to make drywall. Gypsum is water soluble, and thus can díssolve 
under the action of groundwater, which can lead to other problems. 

When rock breaks down into soil , as discusscd later in this chapter, many of these 
minerals remain in their original form. For example, many sand grains are made of quartz, 
and thus reflect its engineering properties. Other minerals undergo chemical and physical 
changes and take on new properties. For example, feldspar often ex.periences such changes, 
and forros c!ay minerals (discussed latcr in this chapter). Soil also can acquire other 
materials, including organic matter, man-made materials, and water. 

2.3 THE GEOLOGIC CYCLE 

The geologic processes acting on the earth's crust are extremely slow by human standards. 
Even during an entire lifetime, one can ex:pect to directly observe only a minutely small 
amount of progress in these proccsses. Therefore, geologists must rely primarily on 
observations of the earth as it presently ex.ists (i.e., on the results of these processes) to 
develop their theories. 

Geologic theories are organized around a framework known as the geologic cycle. 
This cycle, shown in Figure 2.2, includes many processes acting simultaneously. The most 
important of these begin with moltcn magma from within the earth forming into rock, then 
continue with the rock.~ being broken down into soil, and that soil being converted back into 
roe k. 
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Figure 2.2 Primary processes in the geologic cycle . 

Rocks are classified according to their place in the geologic cyclc. The three major 
categories are igneous, sedimentary, and metamorphic, as discussed below. 

lgneous Rocks 

The geologic cycle begins with magma, a molten rock deep inside the earth. This magma 
cools as it moves upward toward the ground sutface, forming igneous rocks. There are two 
primary types of igneous rocks: Intrusives (also called plutonic rocks) form below the 
ground sutface, where they cool slowly, whereas extrusives (also called volcanic rocks) 
arrive at the ground surface in a molten state, such as through a volcano, and then cool very 
rapidly. Intrusives include both large bodies of rock (known as plutons) and smaller sheet
like bodies (known as sills and dikes) that fill cracks inside other rocks. Extrusives 
generally ha ve finer grained, smoother sutfaces. Sorne extrusive material, such as volcanic 
ash, bypasses the rock stage and forrns directly into sediment. 

Common igneous rocks include: 

Granite-An intrusive, granite is one of the most common and familiar igneous rocks. 
It is found over wide areas, such as the Canadian Shield and thc Sierra Nevada (sec 
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Figure 2.3), and in isolated domes, such as Stone Mountain in Georgia. Granite 
contains primarily orthoclase feldspar and quartz, with sorne biotite and amphibole. 

Figure 2.3 Half dome in Yosemite National Park. The near
vertical face was carved by glaciers. This rock, often classified as 
granite, is more accurately called grandiorite-a material halfway 
between granite and diorite. 

Basalt-A dark, dense rock; the most abundant extrusive. Very difficult for tunnel 
construction due to its hardness, yet the rapid cooling associated with all extrusives 
crea tes joints in basalt, and slopes made of basalt often fail along these joints. 

Diorite-Similar to granite, with plagioclase feldspar instead of orthoclase and little 
or no quartz. 

Andesite-A very hard extrusive. 

Rhyolite-The extrusive equivalent of granite. 

Gabbro-The intrusive equivalent of basalt. Darker in color than granite or diorite. 
Unweathered igneous rocks general) y have excellent engineering properties and are 
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good materials to build on. Intrusive rocks are especially good. However, the cooling 
process, along with various tectonic forces within the earth, produce fractures in these 
rocks, especially in extrusives. The intact rock between these cracks can be very 
strong, but the fractures form planes of weakness. The rock can slide along these 
weak planes, potentially causíng instability in the rock mass. The engíneering 
propertíes of weathered igneous rocks are less desírable because the rock is changing 
into a more soíl-like material. 

Weathering Processes 

Rocks exposed to the atmosphere are ímmedíately subjected to physical, chemical, and 
biological breakdown through weathering. There are many weathering processes, including: 

• The erosíve action of water, ice, and wind 
• Chemical reactíons índuced by exposure to oxygen, water, and chemícals 
• Openíng of cracks as a result of unJoadíng due to erosíon of overlying soil and rock 
• Loosening through the growth of plant roots 
• Looseníng through the percolation and subsequent freezing (and expansion) of water 
• Growth of mínerals in cracks, which forces them to open further 
• Thermal expansion and contractíon from day to day and season to season 
• Landslides and rockfalls 
• Abrasion from the downhíll movement of nearby rock and soil 

The rock passes through various stages of 'weatheringreventually being broken down into 
small particles, the material we call soil. These soil particles may remain in place, fonning 
a residual soil, or they may be transported away from their parent rock through processes 
discussed later in this chapter, thus forming a transported soit. Figure 2.4 shows an 
accumulation of fallen rock fragments called talus at the base of a rock slope, which ís the 
beginning of one process of soil transport. 

Figure 2.4 Talus accumulation at the base of a rock slope in eastem Washington state. 
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Weathering processes continue even after the rock becomes a soil. As soils become 
older, they change due to continued weathering. The rate of change depends on many 
factors, including: 

• The general climate, especial! y precipitation and temperature (note that climates in the 
past were often quite different from those today) 

• The physical and chemical makeup of the soil 
• The elevation and slope of the ground surface 
• The depth to the groundwater table 
• The type and extent of flora and fauna 
• The presence of microorganisms 
• The drainage characteristics of the soil 

Sedimentary Rocks 

Soil deposits can be transformed back into rock through the hardening process called 
induration or lithification, thus forming the second major category of rocks: Sedimentary 
roe k. There are two types: Clastic and carbonate. 

Clastic Rocks 

Clastic rocks form when deep soil deposits become hardened as a result of pressure from 
overlying strata and cementation through precipitation of water-soluble minerals such as 
calcíum carbonate or iron oxide. Because of their mode of deposition, many el as tic rocks 
are laye redor stratified, which makes them quite different from massive formations. The 
interfaces between these layers are called bedding planes. Table 2.1 lists common clastic 
rocks. Shale and sandstone are the most common. 

Often, various types of clastic rocks are interbedded. For exarnple, a sequence might 
contain a 1 m thick bed of sandstone, then 5 m of siltstone, 0.5 m of claystone, and so on. 

Most conglomerate , breccia , sandstone, and arkose rocks generally have favorable 
engineering properties. Those cemented with silica or iron oxide are especially durable, but 
may be difficult to excavate. However, sorne are only weakly indurated, often cemented 
only with clay or other water-soluble rninerals. These may behave much like a soil, and be 
much easier to excavate. 

Fine and very fine grained clastic rocks are more common, and much more 
problematic. Sometimes the term mudstone is used to collectively describe these rocks, but 
they are more precisely described as siltstone (when the rock is derived from silt), claystone 
(when derived from clay and slightly to mildly indurated) or shale (when derived from clay 
and well indurated). Nearly all of these have distinct bedding planes, as shown in Figure 
2.5, and are subject to shearing along these planes. All except shale are usually easy to 
excavate with conventional earthmoving equipment. 

Sorne fine and very fine grained clastic rocks also are subject to slaking, which is a 
deterioration after excavation and exposure to the atmosphere and wetting-and-drying 
cycles. Rocks that exhibit strong slaking will rapidly degenerate to soil, and thus can create 
problems for engineering structures built on them. 
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TABLE 2.1 COMMON CLASTIC SEDIMENTARY ROCKS (Adapted from Hamblin and Howard, 
1975) 

Texture and 
Average Particle Size 

Composition 

::~1~:.¡

f;il~se grained 
.,, i:: j,Gravel~.size 

• RÓ~nded fragments of any roe k type; 
quartz, quartzite, chert dominant 

.. · (>2mm) A.ngular fragments of ~y rock type; 
·· quartz, quartzite, chert dominant 

Medium grained 
Sand-size 

(0.06- 2 mm) 

Quartz with minor accessory minerals 

Quartz with at least 25% feldspar 

Quartz, rock fragments, and considerable el ay 

· Fine.grainéd • 
,Silt-sjze 

(0.~ ~,9;06 n;tm) 

Very fine grained 
Clay-size 

(<0.002mm) 

Figure 2.5 Steeply inclined 
bedding planes in a sedimentary 
rock. Shear failures can easily 
occur along such steep planes, 
especially when excavations 
destabilize the adjacent ground. 
For exarnple, the rock in the 
foreground has already moved 
along one of the bedding planes, 
and has become twisted out of 
alignment. 

Carbonates 

Quartz and clay minerals 

Quartz and clay minerals 

RockName 

Conglomerate 

Breccia 

Sandstone 

Arkose 

Graywacke 

Claystone 
and Shale 

A different type of sedimentary rock forms when organic materials accumulate and become 
indurated. Because of their organic origin, they are called carbonates. Common carbonate 
rocks include: 
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Limestone-The most common type of carbonate rock, limes tone is composed 
primari!y of ca!cite (CaCO~. Most limestones formed from the accumulation of 
marine organisms on the bottom of the ocean, and usually extend over large areas. 
Sorne of these deposits were later up!ifted by tectonic forces in the earth and now exist 
below land areas. For example, much of Florida is underlain by limes tone. 

Chalk-Sirnilar to limestone, but much softer and more porous. 

Do/omite--Similar to Iimestone, except based on the mineral dolomite instead of 
calcite. 

Sorne carbonate rocks al so have bedding, but it is usually less distinct than in clastic rocks. 
Carbonate rocks, especially limestone, can be dissolved by long exposure to water, 

especially if it contains a rnild solution of carbonic acid. Groundwater often gains small 
quantities of this acid through exposure to carbon dioxide in the ground. This process often 
produces karst topography, which exposes very ragged rock at the ground surface and many 
underground caves and passageways. In such topography, streams sometimes 
"mysteriously" disappear into the ground, only to reappear elsewhere. 

Sometimes the rock is covered with soil, so the surface expressions of karst 
topography may be hidden. Nevertheless, the underground cavems remain, and sometimes 
the ground above caves into them. This creates a sinkhole, such as the one in Figure 2.6. 
This caving process can be triggered by the lowering of the groundwater table, which often 
occurs when wells are installed for water supply purposes. 

Figure 2.6 This large sinkhole in Winter Park, Florida suddenly appeared on May 8, 1981 . Within 24 hours, it 
was 75 m (250 ft) in diameter (GeoPhoto Publishing Company). 

In areas underlain by carbonate rock, especially limestone, geotechnical engineers are 
concemed about the formation of sinkholes beneath large and important structures. We use 
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exploratory borings, geophysical methods, and other techniques (see Chapter 3) to !acate 
hidden underground caverns, then either avoid building above these features, or fíll them 
with grout. 

Metamorphic Rocks 

Both ígneous and sedimentary rocks can be subjected to intense heat and pressure while 
deep in the earth's crust. These conditions produce more dramatic changes in the minerals 
within the roe k, thus forming the third type of rock-metamorphic rock. The metamorphic 
processes generally improve the engineering behavior of these rocks by increasing their 
hardness and strength. Nevertheless, sorne metamorphic rocks still can be problematic. 

Sorne metamorphic rocks arefoliated, which means they ha ve oriented grains similar 
to bedding planes in sedimentary rocks. These foliations are important because the shear 
strength is less for stresses acting parallel to the foliations. Other metamorphic rocks are 
nonfoliated and have no such orientations. 

Common metamorphic rocks include: 

Foliated rocks: 

Slate- Derived principally from shale; dense; can be readily split into thin 
sheels parallel to the foliation (such sheets are used to make chalkboards). 

Schist - A strongly fol iated rock with a large mica content; this type of 
foliation is called schistosity; prone to slidíng along foliation planes. 

Gneiss - Pronounced "nice"; derived from granite and similar rocks; contains 
banded foliations. 

Nonfoliated rocks: 

Quartzite - Composed principally or entirely of quartz; derived from 
sandstone; very strong and hard. 

Marble - Derived from limestone or dolomite; used for decorative purposes 
and for statues. 

Unweathered nonfoliated rocks generally provide excellent support for engineering 
works, and are similar to intrusive igneous rocks in theír quality. However, sorne foliated 
rocks are prone to slippage along the foliation planes. Schist is the most notable in this 
regard because of its strong foliation and the presence of mica. The 1928 failure of St. 
Francis Dam in California (Rogers, 1995) has been partially attributed to shearing in schist, 
and the 1959 failure of Malpasset Dam in France (Goodman, 1993) to shearing in a 
schistose gneiss. 

Metamorphic rocks also are subject to weathering, thus forming weathered rock, 
residual soils, and transported soils and beginning the geologic cycle anew. 
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2.4 STRUCTURAL GEOLOGY 

Structural geology is the study of the configuration and orientation of rock formations. This 
is an importanl part of engineering geology because it gives us important insights on how 
a rock mass will behave. Therefore, engineering geologists routinely develop detailed 
geologic maps that describe these structures. 

Bedding Planes and Schistosity 

All sedimentary rocks formed in horizontal or near-horizontallayers, and these layers often 
reflect altemating cycles of deposition. This process produces parallel bedding planes as 
shown in Figure 2.5. The shear strength along these planes is typically much less than 
across them, a condition we call anisotropic strength. When these rocks were uplifted by 
tectonic forces in the earth, the bedding planes usually were rotated to a different angle, as 
shown in Figure 2.7. Because the rock could shear much more easily along these planes, 
their orientation is important. Many landslides have occurred on slopes with unfavorable 
bedding orientations. Therefore, engineering geologists and geotechnical engineers are very 
careful to compare the attitudes of bedding planes with the orientation of proposed slopes. 

Figure 2.7 Proposed cut slopes in a bedded sedimentary roe k. Cut A is much 
more likely to fail than cut B because it undermines the bedding planes, a 
condition called dm·ii{?hted bedding. 
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Sorne metamorphic rocks ha ve similar planes of weakness. They are called schistosity 
and are mapped in a similar way. 

Folds 

Tectonic forces al so distort rock masses. When horizontal compressive forces are present, 
the rock distorts into a wavy pattem calledfolds as shown in Figure 2.8. Sometimes these 
folds are gradual; other times they are very abrupt. When folds are oriented concave 
downward they are called anticlines; when concave upward they are called synclines. 

Figure 2.8 Folds in a sedimentary rock (GeoPhoto Publishing Company). 

Fractures 

Fractures are cracks in a rock mass. Their orientation is very important because the shear 
strength along these fractures is less than that of the intact rock mass, so they form potential 
failure surfaces. There are three types of fractures: joints, shear zones, and faults. 

Joints are fractures that have not experienced any shear movements. They can be the 
result of coóling (in the case of igneous rocks), tensile tectonic stresses, or tensile stresses 
from lateral movement of adjacent rock. Joints usually occur at fairly regular spacings, and 
a group of such joints is called a set. 

Shear zones are fractures that ha ve experienced a small shear displacement, perhaps 
a few centirneters. They are caused by various stresses in the ground, and do not appear in 
sets as joints do. Shear zones often are conduits for groundwater. 

Faults are similar to shear zones, except they have experienced much greater shear 
displacements. Although there is no standard for distinguishing the two, many geologists 
would begin using the term "fault" when the shear displacement exceeds about 1 m. Such 
movements are normally associated with earthquakes, as discussed in Chapter 20. 
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Faults are classified according to their geometry and direction of movement, as shown 
in Figure 2.9. Dip-slip faults are those whose movement is primarily along the dip. lt is a 
normal fault if the overhanging block is moving downward, ora re verse fault if it is moving 
upward. A reverse fault with a very small dip angle is called a thrust jau/t. Converse] y, 
strike-slip faults are those whose movement is primarily along the strike. They can be either 
ríght-lateral or left-lateral depending on the relative motíon of the two sides. Sorne faults 
experience both dip-slip and strike-slip movements. The fault trace is the intersection of 
the fault and the ground surface. 

Dip-slíp 

Normal 

Reverse 

Thrust 

Figure 2.9 Types of fau\ts. 

Strike-slip 

Right lateral 

Left lateral 

The term discontinuity is often used in this context to include bedding planes, 
schistosity, joints, shear zones, faults, and all other similar defects in rock. Because the 
orientation of these features is one of the most important engineering aspects of the roe k 
mass, extensive analytical methods have been developed to systematically evaluate 
discontinuity data gathered in the field (Priest, 1993). 
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Strike and Dip 

When developing geologic maps, we are interested in both the presence of certain geologic 
structures and their orientation in space. For example, a rock mass may be unstable if it has 
joints oriented in a certain direction, but much more stable if they are oriented in a different 
direction. For similar reasons, we also are interested in the orientation of faults, bedding 
planes, and other geologic structures. 

Many of these structures are roughly planar, at least for short distances, and therefore 
may be described by definíng the orientation of this plane in space. We express this 
orientation using the strike and dip, as shown in Figure 2.1 O. 

Figure 2.10 Use of strike 
and dip to detine the 
orientation of a geologic 
structure ( adapted from 
Engineering Geo/ogy by 
Richard E. Goodman, 
Copyright© 1993. Reprinted 
by permission of John Wiley 
and Sons). 

The strike is the compass direction of the intersection of the plane and the horizontal, 
and is expressed as a bearing from true north. For example, if a fault has a strike of N30W, 
then the intersection of the fault plane with a horizontal plane traces a line oriented 30 a west 
of true north. The dip is the angle between the geologic surface and the horizontal, and is 
measured in a vertical plane oriented perpendicular to the strike. The dip also needs a 
direction. For example, a fault with a N30W strike might have a dip of 20 a northeasterly. 
When expressed together, this data is called an attitude, and may be written in condensed 
formas N30W; 20NE. Although the strike direction is "exact," the dip direction is only 
approximate. In this case, there are only two possibilities for the dip direction, NE or SW, 
so the purpose of this direction is simply to distinguish between these two possibilities. The 
"exact" dip direction is 90° from the strike. 

Attitudes are usually measured in the field using a Brunton compass, as shown in 
Figure 2.11. This device includes both a compass and a leve], and thus can measure both 
strikes and dips. The measured attitudes are then recorded graphically on geologic maps 
using the symbol shown in Figure 2.12. This symbol may be modified to indicare the type 
of structure being identified. 
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Figure 2.11 A Brunton compass is used 
to measure bedrock altitudes and other 
geologic features in the field. 

Pad elevation 
201.6 

Scale: 1 cm= 10m 
(1000:1) 

All elevations are in meters 

Figure 2.12 Geologic map showing bedrock anitudes. In this case, the altitudes 
represent the bedding planes in a sedimentary rock. 

Sometimes we need to know the dip as it would appear in a vertical plane other than 
the one perpendicular to the strike. Figure 2.13 shows such a plane. For example, we may 
ha ve drawn a cross-section that is oriented perpendicular to a slope, but at sorne angle other 
than 90° from the strike, and need to know the dip angle as it appears in that cross-section. 
This dip is called the apparent dip and may be computed using: 
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Where: 
~a = apparent dip 
o=dip 
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(2.1) 

a = horizontal angle between strike and the vertical plane on which the apparent 
dip is to be computed 

Figure 2.13 The apparent dip is the inclination of a geologic structure as seen on any 
vertical plane. lt is always less than or equal to the true dip, which is determined on the 
vertical plane perpendicular to the s trike (adapted from Engineeri11g Geology by Richard 
E. Goodman, Copyright © 1993. Reprinted by permission of John Wiley and Sons). 

Example2.l 

Compute the apparent dip of the bedding planes as they would appear in the central portion of 
Section B-B' in Figure 2.12. 

Solution 

Base analysis on the 17" measured attitude. The angle between ils strike and Section B-B' is 
65 o . Therefore, using Equation 2.1: 

tan<\ tano sino: 
tan 17" sin65 o 

ba 15 " = Answer 

Thus, the bedding plane will appear to be flatter than it really is. 
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QUESTIONS ANO PRACTICE PROBLEMS 

2.1 Geologists and engineers do not always use the same definitions of "rock"' and "soil." Thus , 
there are sorne materials that are "rock" in the geologic sense, but not in the engineering sense. 
For example, sorne mudstones might be classified as rock by a geologist, yet be weaker than 
some "soils." Give an example of a situation where this difference could cause problems in the 
design or construction of a civil engineering project. 

2.2 Which would probably provide better support for a large, heavy building, diorite or shale? 
Why? 

2.3 Fossils are imprints in rock of ancient plants and animals. What type of rock might contain 
fossils? What type would never contain fossils? Explain. 

2.4 What type of rock is most prone to contain sinkholes? Why? 

2.5 Define "bedding planes" and explain why is it important to assess their orientation as a part of 
slope stability analyses. 

2.6 The bedding planes in a certain sedimentary rock ha ve a strike of N43E and a dip of 38SE, as 
shown by the attitude in Figure 2.14. A 15 m tall east-west cut slope inclined 34 o from the 
horizontal is to be made in this roe k. The ground surface above and below this proposed slope 
will be nearly leve!. Compute the apparent dip of the bedding planes as they will appear in 
cross-section A-A ', then draw this cross-section. Your drawing should show the ground surface 
and the bedding planes. Do these bedding planes pose a potential slope stability problem? 
Explain. 

North 

t 
-A 

el. 46m 
,-(38 

Upper building pad 

Lower building pad 
cl.31 ~ 

- A ' 

Figure 2.14 Plan view of proposed slope for Problem 2.6. 

/ Proposed 
slope 

2. 7 Draw cross-section A-A' in Figure 2.12 and compute the apparent dip of the bedding planes as 
they would appear in this cross-section. There are two nearby altitudes, so compute the 
apparent dip for each. Then, sketch in the bedding planes on the cross-section. Do these 
bedding planes pose a potentíal stability problem? Why or why not? 

2.8 Draw cross-section C-C' in Figure 2.12 and compute the apparent dip of the bedding planes as 
they would appear in this cross-section. There are two nearby altitudes, so compute the 



Sec. 2.5 Soil Formation, Transport, and Deposition 33 

apparent dip for each. Then, sketch in the bedding planes on the cross-section. Do these 
bedding planes pose a potential stability problem? Why or why not? 

2.5 SOIL FORMATION, TRANSPORT, ANO DEPOSITION 

Geotechnical engineers work with both rock and soil, and necd to be familiar with both. 
Nevertheless, we focus more of our energies on the engineering behavior of soil because: 

• More civil engineering projects are built on soil 
• Soil, being generally weaker and more compressible than rock, is more often a source 

ofproblems 

Therefore, we are especially interested in those P.,Ortions of the geologic cycle that produce 
and transport soils. A clear understanding of these processes helps geotechnical engineers 
interpret data gained from exploratory borings, and thus supports the very important 
function of engineering judgment. This discussion focuses on the inorganic components 
within a soil. Organic soils and their origins are discussed in Chapter 4. 

Residual Soils 

When the rock weathering process is faster than the transport processes induced by water, 
wind, and gravity, much of the resulting soil remains in place. lt is known as a residual soil, 
and typically retains many of the characteristics of the parent rock. The transition with 
depth from soil to weathered rock to intact rock is typically gradual with no distinct 
boundaries. 

In tropical regions, residual soil layers can be very thick, sometimes extending for 
hundreds of meters before reaching unweathered bedrock. Cooler and more arid regions 
normally have much thinner layers, and often no residual soil at all. 

The soil type depends on the character of the parent rock. For example, decomposed 
granite (or simply "DG") is a sandy residual soil obtained from granitic rocks. DG is 
commonly used in construction as a high-quality fill material. Shales, which are 
sedimentary rocks that consist largely of clay minerals, weather to form clayey residual 
soils. 

Saprolite is a general term for residual soils that are not extensively weathered and 
still retain much of the structure of the parent rock. Sorne ha ve used the term "rotten roe k" 
to describe saprolite. They typically include small concretions (harder, less weathered 
fragments) surrounded by more weathered material. Extensive saprolite deposits exist in 
the Piedmont area of the eastem United States (the zone between the Appalachian 
Mountains and the coastal plain) (Smith, 1987). 

Laterite is a residual soil found in tropical regions. This type of soil is cemented with 
iron oxides, which gives ita high dry strength. 

The engineering properties of residual soils range from poor to good, and generally 
improve with depth. 



34 Engineering Geology Chap. 2 

Glacial Soils 

Much of the earth's land area was once covered with huge masses of ice called glaciers. In 
North America, glaciers once extended as far south as the Obio River, as shown in Figure 
2.15. In Europe, glaciers once existed as far south as Germany. Many ofthese areas are 
now heavily populated, so the geologic remains of glaciation have much practica] 
significance. 

Figure 2.15 Southern extent of glaciation in North America during the various ice ages. The white areas were 
once covered with glaciers, and the heavy lines in these areas indicate locations of major moraines (adapted from 
Physical Geology by Flint and Sk.inner, Copyright ©1974. Reprinted by permission of John Wiley and Sons). 

Glaciers had a dramatic effect on the landscape and created a category of soils called 
glacial soils. Glacial ice was not stationary; it moved along the ground, often grinding 
down sorne areas and filling in others. In sorne locations, glaciers reamed out valleys, 
leaving long lakes, such as the Finger Lakes of upstate New York. The Great Lakes also 
have been attributed to glacial action. Figure 2.16 shows how the moving ice strips away 
weathered rock, leaving a hard, unweathered surface in its wake. 

Glaciers grind down the rock and soil, and transport these materials over long 
distances, even hundreds of kilometers, so the resulting deposits often contain a mixture of 
materials from many different sources. These deposits also can have a wide range of 
hardness and particle size, and are among the most complex and heterogeneous of all soils. 
The term drift encompasses all glacial soils, which then can be divided into three categories: 
till, glaciofluvial, and glaciolacustrine. 

Till is soil deposited directly by the glacier. It typically contains a wide variety of 
particle sizes, ranging from clay to grave!. Soil that was bulldozed by the glacier, then 
deposited in ridges or mounds is called ablation till, as shown in Figure 2.17. These ridges 
and mounds are called moraines and are loose and easy to excavate. In contrast, soil caught 
beneath the glacier, called lodgement till, has been heavily consolidated under the weight 
of the ice. Because of these heavy consolidation pressures and the wide range of particle 
sizes, lodgement till has a very high unit weight and often is nearly as strong as concrete. 
Lodgement till is sometimes called hardpan. lt provides excellent support for structural 
foundations, but is very difficult to excavate. 
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Figure 2.16 Effects of 
glaciation on metamorphic 
rock in Manitoba. The 
striations, gouging, and 
polishing of the rock surface 
are all due to the moving ice 
(Geological Survey of 
Canada). 

Geotechnical síte assessments need to carefully distinguish between ablation till and 
lodgement till. Both engineers and contractors need to be aware of the difference and plan 
accordíngly. For exarnple, construction of the S t. Lawrence Seaway along the U.S.-Canada 
border during the 1950s encountered extensive deposits of lodgement till that caused 
significant problems and delays. This problem was especially acute on the Comwall Canal 
section of the seaway, causing one contractor to go bankrupt, another to default, anda third 
to file a $5.5 míllion claim on a $6.5 míllion contract (Legget and Hatheway, 1988). 

Figure 2.17 The glacier in the background, which is part of the Athabasca Glacier in 
Alberta, is retreating and has left these moraines in its wake. The horizontal mounds of 
soil in the foreground are terminal moraines, and the ridges at the base of the mountain 
along the sides of the glacier are lateral moraines. Notice the wide range of particle sizes 
in these moraines. 
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When the glaciers melted, they generated large quantities of runoff. This water eroded 
much of the till and deposited it downstream, forming glaciojluvial soils (or outwash). 
Because of the sorting action of the water, these deposits are generally more uniform than 
till, and many of them are excellent sources of sand and grave! for use as concrete 
aggregates. 

The fine-grained portions of the till often remained suspended in the runoff water until 
reaching a lake or the ocean, where it finally settled to the bottom. These are called 
glaciolacustrine soils and glaciomarine soils. Sometimes silts and clays were deposited in 
alternating layers according to the seasons, thus forming a banded soil called varved clay. 
The individuallayers in varved clays are typically only a few rnillimeters thick, and often 
are separated by organic strata. These soils are soft and compressible, and thus are 
especially prone to problems with shear failure and excessive settlement. 

Glaciolacustrine soils that formed in seawater are especial! y problematic because they 
have a high sensitivity (they lose shear strength when disturbed, as discussed in Chapter 13), 
and thus are prone to disastrous landslides. Such deposits are found in the Ottawa and St. 
Lawrence river valleys in eastem Canada (known as Champlain, Laurentian or Leda clays) 
and in southem Scandinavia. Figure 2.18 shows a flowslide in Leda clay adjacent to the 
South Nation River near Ottawa, Ontario. It resulted in the loss of 50 acres of farrnland 
(Sowers, 1992). 

Soils in the Chicago area are good examples of glacial deposits, and are typical of 
conditions in the Great Lakes region (Chung and Finno, 1992). The bedrock in this area 
consists of a marine dolornite that was overridden by successive advances and retreats of 
continental glaciers. At times this area was under ancient Lake Chicago, which varied in 
elevation from 18 m above to 30 m below the present leve! of Lake Michigan. These 
glaciers left both lodgement till and moraines, glaciolacustrine clays (deposited in the 
ancient lake), and glaciofluvial deposits in the riverbottoms, as shown in Figure 2.19. 

Figure 2.18 The 1971 South 
Nation River flowslide near 
Ottawa, Ontario. This failure 
occurred in a soft marine soil 
called Leda Clay (Geological 
Survey of Canada). 
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area (Chung and Finno, 1992). 
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Alluvial soils (also known as fluvial soils or alluvium) are those transported to their present 
position by rivers and strearns. These soils are very common, and a very large number of 
engineering structures are built on them. Alluvium often contains extensive groundwater 
aquifers, so it also is important in the development of water supply wells and in 
geoen vironmental engineering. 

When the river or strearn is flowing rapidly, the silts and clays remain in suspension 
and are carried downstrearn; only sands, gravels, and boulders are deposited. However, 
when the water flows more slowly, more of the finer soils also are deposited. Rivers flow 
rapidly during periods of heavy rainfall or snowmelt, and slowly during periods of drought, 
so alluvial soils often contain altemating horizontallayers of different soil types. 

The water also slows when the stream reaches the foot of a canyon, and tends to 
deposit m u eh of its soil load there. This process forms alluvial fans, as shown in Figure 
2.20, which are one of the most obvious alluvial soils. They are especial! y common in arid 
areas. 
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Figure 2.20 Topographic map of an alluvial fan in 
Death Valley, California. Soils eroded in the 
moontains are deposited at the foot of the canyon, 
thus forming a fan-shaped alluvial deposit (USOS 
Gold Valley quadrangle map}. 
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Large boulders are sometimes carried by water, especially in steep terraín, and 
deposited in the upper reaches of alluvial deposits as shown in Figure 2.21. Sometimes such 
boulders are subsequently covered with finer soils and become obscured. However, they 
can cause extensive problems when engineers attempt to drill exploratory borings or 
contractors try to malee excavations or drive piJe foundations. 

Rívers in relatively flat terraín move much more slowly and often change course, 
creating complex alluvial deposits. Sorne of these are called braided stream deposits and 
meander belt deposits, as shown in Figure 2.22. In addition, the deposition characteristics 
at a given location can change with time, so one type of alluvial soíl is often underlaín by 
other types. 

Figure 2.21 Most alluvial 
soils consist of grave!, sand, 
silt, and clay. However, 
cobbles and boulders also 
can be present, especially 
along the base of mountains. 
For example, these large 
boulders were carried here by 
water and thus are an alluvial 
soil. They are located near 
the top of an alluvial fan that 
spreads out from a steep 
canyon. 
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Figure 2.22 The meanders 
in this river are forming a 
broad deposit of alluvial soils 
(GeoPhoto Publishing 
Company). 

In arid areas, evaporation draws most of the water out of soil, leaving any dissolved 
chemicals behind. The resulting deposits of calcium carbonate, calcium sulfate, and other 
substances often act as cementing agents, converting the alluvial soil into a very hard 
material called caliche. These deposits are common in the southwestem states, and can be 
very troublesome to contractors who need to excavate through them. 

Most alluvial soils have moderately good engineering properties, and typically provide 
fair to good support for buildings and other structures. 

Lacustrine and Marine Soils 

Lacustrine soils are those deposited beneath lakes. These deposits may still be underwater, 
or may now be exposed due to the lowering of the lake water leve!, such as the 
glaciolacustrine soils in Chicago (Figure 2.19). Most lacustrine soils are primarily silt and 
clay. Their suitability for foundation support ranges from poor to average. 

Marine soils also were deposited underwater, except they formed in the ocean. Deltas 
are a special type of marine deposit formed where rivers meet larger bodies of water, and 
gradually build up to the water surface. Examples include the Mississippi River Delta and 
the Nile River Delta. This mode of deposition creates a very flat terrain, so the water flows 
very slowly. The resulting soil deposits are primarily silts and clays, and are very soft. 
Because of their deposition mode, most Jacustrine and marine soils are very uniform and 
consistent Thus, although their engineering properties are often poor, they may be more 
predictable than other more erratic soils. 

Sorne sands also accumulate as marine deposits, especially in areas where rivers 
discharge into the sea at a steeper gradient. This sand is moved and sorted by the waves and 
currents, and sorne of it is deposited back on shore as beach sands. These sands typically 
are very poorly graded (i.e., they have a nattoW range of particle sizes)1 have well-rounded 
particles, and are very loose. Beach deposits typically move parallel to the shoreline, and 
this movement can be interrupted by the construction of jetties and other harbor 
improvements. As a result, sand can accumulate on one side of the jetty, and be almost 
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nonexistent on the other side. Changes in sea leve! elevations can leave beach deposits 
oriented along previous shorelines. 

Deeper marine deposits are more uniform and often contain organic material from 
marine organisms. Those that ha ve a large organic contentare called oozes, one of the most 
descriptive of all soil names. The construction of offshore oil drilling platforms requires 
exploration and assessment of these soils. 

Sorne lacustrine and marine soils have been covered with fill. This is especially 
common in urban areas adjacent to bays, such as Boston and San Francisco. The demand 
for real estate in these areas often leads to reclaiming such land, as shown in Figure 2.23. 
However, this reclaimed land is often a difficult place to build upon, because the underlying 
lacustrine and marine deposits are weak and compressible. Sometimes these soils have 
special names, such as Boston Blue Clay and San Francisco Bay Mud. 

Aeolian Soils 

Figure 2.23 When the 
Puritans first settled in 
Boston, Massachusetts, the 
land area was as shown by 
the black zone in this map. It 
was connected to the 
mainland via a narrow 
isthmus. Since then, the city 
has been extended by placing 
fill in the adjacent water, thus 
forming the shoreline as it 
now exists. 

Aeolian soils (also known as eolian soils) are those deposited by wind. This mode of 
transport generally produces very poorly graded soils (i.e., a narrow range of particle sizes) 
because of the strong sorting power of wind. These soils also are usually very loose, and 
thus have only fair engineering properties. 

There are three primary modes of wind-induced soil transport (see Figure 2.24): 

• suspension occurs when wind lifts individual silt particles to high altitudes and 
transports them for great distances. This process can create large dust storms, such 
as those that occurred in Oklahoma and surrounding states during the "dust bowl" 
drought of the 1930s. 
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• saltation (from the Latin saltatio - to dance) is the intermediate process where soil 
particles become temporarily airbome, then fall back to earth. Upon landing, the 
particle bounces or dislodges another particle, thus initiating another flight. This 
motion occurs in fine sands, and typical bounce distances are on the order of 4 m. 
Particles moving by saltation do not gain much altitude; generally no more than l m. 

• creep occurs in particles too large to become airbome, such as medium to coarse 
sands. This mode consists of rolling and sliding along the ground surface. 

There are no distinct boundaries between these processes, so intermediate modes of 
transport also occur. 

Figure 2.24 Modes of 
aeolian transport. 

Wind 

Creep -- Saltation 

/l/l/l/l/l/l/l/1 

Aeolian sands can form horizontal strata, which often are interbedded with alluvial 
soils, or they can form irregular hills called sand dunes . These dunes are among the most 
striking aeolian deposits, and are found along sorne beaches and in sorne desert areas. Sand 
dunes tend to migrate downwind, and thus can be a threat, as shown in Figure 2.25. 
Migrations of 3 rn/yr are not unusual, but this rate can be slowed or halted by establishing 
appropriate vegetation on the dune. 

Figure 2.25 This sand dune 
near the beach in Marina. 
California is slowly 
núgrating to the right and has 
partially buried the fence. 
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Aeolian silts often form deep deposits called loess. Such deposits are often found 
downwind of deserts and glacial outwash deposits. Extensive loess deposits are present in 
the Midwestern states. 

Because of its deposition mode, loess typically has a very high porosity. It is fairly 
strong when dry, bul becomes weak when wetted. As a result, it can be stable when cut to 
a steep slope (where water infiltration is minimal), yet unstable when the slope is flatter and 
water is able to enter the soil. Figure 2.26 shows a near-vertical cut slope in loess. 

Figure 2.26 The slope in the 
center of this photograph is a 
cut made in a loess deposit 
near the Mississippi River in 
Tennessee. Notice how it is 
stable in spite of being near
vertical. 

Nearly all aeolian soils are very prone to erosion, and often have deep gullies. Good 
erosion control measures are especially important in these soils. 

Colluvial Soils 

A colluvial soil is one transported downslope by gravity, as shown in Figure 2.27. There 
are two types of downslope movement, slow and rapid. Both types occur only on or near 
sloping ground. 

Slow movement, which is typically on the order of millimeters per year, is called 
creep. It occurs because of gravity-induced downslope shear strcsses, the expansion and 
contraction of clays, frost action, and other processes. Creep typically extends to depths of 
0.3 to 3 m, with the greatest displacements occurring at the ground surface. In spite of the 
name, this process is entirely different from the "creep" process in aeolian soils. 

Such slow movements might first appear to be inconsequential, but in time they can 
produce significant distortions in structures founded on such soils. Foundations that extend 
through creeping soils to firm ground below may be subjected to significant downslope 
forces from these soils, and need to be designed accordingly. In addition, the engineering 
properties of the soil deteriorate as it moves downhill, thus producing a material that is 
inferior to the parent soils. 

Rapid downslope movements, such as landslides or mudflows, are more dramatic 
events which we will discuss in Chapter 14. Although these rapid movements can occur in 
any type of soil, the product is considered to be a colluvial soil. 
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Although colluvial soils occur naturally, construction activities sometirnes accelerate 
their formation. For example, making an excavation at the toe of a slope may change a slow 
creep condition into a landslide. 

(a) Slow (b) Rapid 
Figure 2.27 Colluvial soils: a) Slowly formed by creep; b) Rapidly formed by landslides or mudflows. 

QUESTIONS AND PRACTICE PROBLEMS 

2.9 Explain the difference between ablation till and lodgement till. Which would provide bener 
support for heavy civil engineering projects? Why? 

2.10 Which would probably provide better support for a proposed structure, an alluvial sand oran 
aeolian sand? Why? 

2.11 A new car dealership has recently been built in an area known for occasional strong winds. 
Unfortunately, an open field of fine sandy soil exists immediately upwind of the dealership. 
Soon after construction, a 70 mi/hr wind blew large quantities of this soil onto the new cars, 
seriously damaging their paint. Could this problem have been anticipated? What mode of 
aeolian transpon brought the sand from the field to the cars? Given the current conditions, how 
might this problem be avoided in the future? 

2.12 Malee a copy of Figure 2.19 and indicate the probable laterallimits of Lake Michigan and the 
probable locations of previous river channels. 

SUMMARY 

Major Points 

l. Engineering geology is a profession closely related to geotechnical engineering. It 
deals with the application of geologic principies to engineering works, and is 
especially useful at sites where rock is at or near the ground surface. 

2. 1t is important for geologists to have sorne understanding of engineering, and for 
engineers to have sorne understanding of geology. 

3. Earth materials may be divided into two broad categories, rock and soil. 
Unfortunately, everyone doesn' t agree on how to distinguish between the two, 
especially in intennediate materials. 

4. Minerals are naturally formed elements or compounds with specific structures and 
chemical compositions. They are the basic constituents of rocks and soils. 
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5. The earth's crust is always changing through a process callcd the geologic cycle. 
Although this process is very slow, we must understand it to properly interpret 
geologic profiles. 

6. There are threc major categories of roe k: igneous, sedimentary, and metamorphic. 
7. Properly identifying the configuration and orientation of rock formations is at least 

as important as identifying the rock types containcd in them. This study is called 
structural geology. 

8. Soils are formed through severa! different geologic processes. Understanding these 
processes gives us insight into the engineering behavior of these soils. 

Vocabulary 

ablation ti 11 feldspar moraine 
aeolian soils ferromagnesian minerals mudstone 
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fault mica 
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COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

2.13 A proposed construction si te is underlain by a sedimentary rock that was formed from rounded 
gravel-size particles and sand. The gravel-size particles represent about 75 percent of the total 
mass. What is the name of this rock? Would you expect it to provide good support for the 
proposed structural foundations? Will it be difficult to excavate? 

2.14 As the glaciers in North America melted, the runoff formed a large lake in what is now southem 
Manitoba, eastem North Dakota, and westem Minnesota. Called Lake Agassiz, it was larger 
than al! of the current Great Lakes combined. The present Lake Winnipeg is a remnant of this 
ancient lake. The City ofWinnipeg is located on the ancient lakebed. What kinds of soil would 
you expect beneath the city, and what is their likely geologic origin? 

2.15 Would you expect to find till in Houston, Texas? Why or why not? 

2.16 A heavy structure is to be built on a site adjacent to the Hudson River near Albany, NY. This 
area was once covered with glaciers that left deposits of lodgement till and glaciofluvial soils. 
Since then, the river has deposited alluvial soils over the glacial deposits. The design engineer 
wishes to support the structure on piJe foundations extending to the lodgement till, and you are 
planning a series of exploratory borings to determine the depth to these strata. What 
characteristics would you expect in the lodgment till (i.e., how would you recognize it?). 

2.17 New Orleans, Louisiana is located near the mouth of the Mississippi River. What geological 
process has been the dominant source of the soils beneath this city? What engineering 
characteristics would you expect from these soils (i.e., overall quality, uniform or erratic, etc.)? 
Explain. 

2.18 A project is to be built on a moderately sloping site immediately below the rnouth of a canyon 
near Phoenix, Arizona. Using the geologic terms described in Section 2.5, what type of soil is 
most Iikely to be found? Why? 

2.19 A varved clay deposit has been progressively buried by other deposits and eventually has been 
lithified into a sedimentary rock. What type of rock is it'l Would you expect its bedding planes 
to be distinct or vague? Explain. 
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Site Exploration 
and Characterization 

The process of exploring to characterize or define small scale 
properties of substrata at construction sítes is unique to 
geotechnícal engineering. In other engíneering disciplines, 
materinl properties are specijied during design, or before 
construction or manufacture, and then controlled to meet the 
specification. Unfortunately, subsurface properties cannot be 
specified; they must be deduced through exploration. 

Charles H. Dowding ( 1979) 

M ost engineers work with manufactured products that ha ve very consisten! and predictable 
engineering properties. Por example, when a structural engineer designs a W 18x55 beam 
to be made of A36 structural steel, he or she can be confident the yield strength will be 
36 k/in2

, the modulus of elasticity will be 29x 103 k/in2
, the moment of inertia will be 

891 in\ and so on. There is no need to test A36 steel every time someone wants to design 
a beam; we simply specify what is to be used and the contractor is obligated to supply it. 

Geotechnical engineers do not have this luxury. We work with soil and rock, which 
are natural materials whose engineering properties vary dramatically from place to place. 
Por example, one si te may be underlain by strong, hard deposits, such as lodgement till, and 
can safely support heavy Joads, while another may be underlain by soft, weak deposits, such 
as varved clay, and thus requires careful design and construction techniques to support even 
norninalloads. In addition, we need to work with whatever soil or rock is present at our site. 
Thus, instead of specifying required properties, our task is to determine the existing 
properties at our site. This process is called site characterization. 

46 



Sec. 3.1 Project Assessment 47 

This distinction is no small matter, because the site characterization efforts typically 
representa very large share of the geotechnical engineering budget. We often spend more 
time and rnoney exploring the subsurface conditions and defining their engineering 
characteristics than we do performing our analyses and developing our designs. 

The objectives of a si te exploration and characterization program include: 

• Deterrnining the location and thickness of soil and rock strata 
• Determining the location of the groundwater table, along with other irnportant 

groundwater-related issues 
• Recovering sarnples for testing and evaluation 
• Conducting tests, either in the field or in the laboratory, to rneasure relevant 

engineering properties 
• Defining special problems and concerns 

Unfortunately, rnost ofwhat we want to know is hidden underground and thus Yery 
difficult to discern. We can explore the subsurface conditions using borings and other 
techniques, and recover samples for testing and evaluation, but even the rnost thorough 
exploration prograrn encounters only a srnall fraction of the soil and rock below the site. 
We do not know what soil conditions exist between borings, and must re! y on interpolation 
cornbined with a knowledge of soil deposition processes. In addition, we never can be 
cornpletely sure if our sarnples are truly representative, or ifwe have rnissed sorne irnportant 
underground feature. These uncertainties represent the single largest source of problerns for 
geotechnical engineers. We overcome thern using a combination oftechniques, including: 

• Recognizing the uncertainties and applying appropriate conservatisrn and factors of 
safety to our analyses and designs 

• Using a knowledge of the local geology to interpret the available subsurface 
information 

• Observing and rnonitoring conditions during construction, and being prepared to 
rnodify the design based on newly acquired information 

• Acknowledging that 100 percent reliability is not attainable, and accepting sorne risk 
of failure due to unforeseen conditions 

3.1 PROJECT ASSESSMENT 

Befare planning a site exploration and characterization program, the geotechnical engineer 
rnust gather certain information on the proposed development. This information would 
in elude su eh matters as: 

• The types, locations, and approximate dimensions ofthe proposed irnprovements (i.e., 
a 9-story building is to be built here, a parking lot there, and an access road to connect 
the project with the rnain híghway over there) 

• The type of construction, structuralloads, and allowable settlements 
• The existing topography and any proposed grading 
• The presence of previous developrnent on the si te, if any 
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AH of these factors ha ve an impact on the methods and thoroughness of the program. For 
example, a proposed nuclear powcr plant to be built on a difficult site would require a very 
extensive exploration and characterization, while a one-story wood frame building on a 
good site may require only minimal effort. 

3.2 LITERATURE SEARCH 

The first step in gathering inforrnation on a site often consists of reviewing published 
sources. Sometimes thcse efforts reveal the results of extensive work already perforrned on 
the site, and very little additional exploration may be necessary. More often, literature 
searches provide only a general understanding of the local soils and rocks. 

Sources of relevant literature include: 

• Geologic maps, which are representations of the soil and rock types exposed at the 
ground surface, and usually show the extent of various geologic formations, 
alignments of faults, major landslides, and other geologic features. They also may 
include cross-sections showing subsurface conditions. Published maps usually cover 
arcas much larger than a single project si te. S cales of about 1:24,000 (the same as a 
USGS 7.5 minute quad map) are comrnon. 

Studying the local geology helps alert us to potential problems at the site and 
helps us interpret the data gathered from our surface and subsurface exploration 
programs, which are virtually always limited to the site under consideration. lf 
bedrock is exposed at our site, geologic maps help us identify the forrnation to which 
it belongs, and thus assist in the identification of potential problems. For example, the 
Bearpaw Formation in Montana, Saskatchewan, and the surrounding arca is a shale 
with large quantities of montmorillonite. Structures built on this fonnation often have 
problems when it becomes wet and swells, so the identification of its presence on a 
site signals the need for special precautions. 

Sometimes our site characterization efforts involve developing new large-scale 
geologic maps that describe our site in more detail. 

• Soil survey reports, which contain maps of the near-surface soil conditions. These 
maps are developed primarily for agricultura} purposes, but can provide useful 
information for engineers. In the United States, soil survey reports are produced 
primarily by the Natural Resources Conservation Service (forrnerly known as the Soil 
Conservation Service). 

Typical soil surveys encompass areas about the size of a county, with mapping 
scales of about 1:15,000 to 1:24,000. The soil survey maps are accompanied by 
reports that include limited test data, a\ong with qualitative evaluations of each soil 
series. Although these surveys are not sufficiently detailed to develop detailed 
geotechnical designs, they do identify the general surface soil conditions in the area, 
and can be helpful in planning more detailed site-specific investigations. 

• Geotechnical investigation reports from other nearby projects, or even previous 
projects on our site, are often available, especially in urban areas. These reports can 
be very valuable because they nonnally include borings, soil tests, and other relevant 
data. 
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• Historie groundwater data is sometimes available from maps or reports. This data 
may be used to predict the worst-case groundwater conditions that might occur during 
the life of a project. 

3.3 REMOTE SENSING 

Remole sensing is the process of detecting features on the earth's surface from sorne remote 
location, such as an aircraft or spacecraft. This can be done using aerial photographs, radar, 
and other types of sensors. Por geotechnical engineers, aerial photographs are the most 
useful remote sensing too!. 

Conventional Aerial Photographs 

Aerial photographs or simply airphotos are taken from airplanes using special cameras. 
Sorne of these are oblique, which means they view the landscape at sorne angle, while others 
are vertical, or looking straight down. The latter are more common, and generally more 
useful. Figure 3.1 shows a vertical airphoto. Both black-and-white and color photos are 
available, usually on 9 in x 9 in (229 mm x 229 mm) negatives. Color photographs are 
more useful, because they reveal geologic information in more detail. 

Sometimes overlapping vertical airphotos are used to form a stereo pair. When 
viewed through a stereoscope, as shown in Figure 3.2, these photos present a three
dimensional image of the ground. 

Figure 3.1 Vertical aerial photograph. The ocean is at the bottom of the photo. The land area includes 
a major highway, residential areas, and agricultura! areas. The dark verticalline near the center of the 
photograph is trees along a creek (Pacific Westem, Inc., Santa Barbara, CA). 
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Figure 3.2 The author using 
a stereoscope to view aerial 
photographs in three 
dimensions. 

The scale of airphotos generally is between 1:3,000 and 1:40,000, which allows us to 
identify important geologic features, such as landslides, faults, and erosion features, and 
helps us understand site topography and drainage patterns. This technique is especially 
useful at sites where observations from the ground are blocked by forests. Viewing old 
airphotos also helps determine the site history, including previous buildings, old cuts and 
fills, and so on. 

lnfrared Aerial Photographs 

lt also is possible to take aerial photographs using a special film that is sensitive to both the 
visible and infrared spectra. The colors are shifted from that of normal color photographs 
(yellow objects appear green, etc.) and reflected infrared light is shown as red. This is 
valuable because vegetation reflects infrared, and thus is easily discernible. 

Healthy, vigorous vegetation reflects the most, and is bright red in the photographs. 
This normally indicates the presence of water, and thus can be used to locate springs and 
seepage zones. This technique is especially useful in certain slope stability studies, because 
water from these springs and seeps may cause future landslides, or may be part of the 
explanation of a past landslide. 

3.4 FIELD RECONNAISSANCE AND SURFACE EXPLORATION 

The field reconnaissance consists of "walking the site" and visually assessing the local 
conditions. It includes obtaining answers to such questions as: 

• Is there any evidence of previous development on the site? 
• Is there any evidence of previous grading on the si te? 
• Is there evidence of landslides or other stability problems? 



Sec. 3.5 Subsurface Exploration 51 

• Are nearby structures performing satisfactorily? 
• What are the surface drainage conditions? 
• What types of soil and/or rock are exposed at the ground surface? 
• Will access problems limit the types of subsurface exploration techniques that can be 

u sed? 
• Might tbe proposed construction affect existing improvements? For example, a 

fragile old building adjacent to tbe site might be damaged by vibrations from pile 
driving. 

• Do any offsite conditions affect tbe proposed development? For example, potential 
flooding, mudflows, or rockfalls from offsite migbt affect tbe property. 

This work also includes marking the locations of proposed exploratory borings and trenches. 
When rock is exposed, the field reconnaissance often will include geologic mapping. 

Depending on the site conditions, a field reconnaissance also migbt include detailed 
mapping of the surface conditions. For example, if peat bogs (depressions filled witb bigbly 
organic soils) are present, tbeir lateral extent must be carefully recorded. If rock is exposed 
at or near the ground surface, geologic mapping by an engineering geologist may be 
required. 

3.5 SUBSURFACE EXPLORATION 

Althougb information on the soil and rock conditions 
exposed at tbe ground surface is very valuable, 
geotecbnical engineers also need to evaluate the 
subsurface (underground) conditions. Tbe 
geopbysical methods described earlier can provide 
sorne insigbt, but we primarily rely on soil and rock 
samples obtained by drilling vertical boles known as 
borings, or by digging exploratory trenches or pits. 
These subsurface exploration activities usually are 
the beart of a site characterization program, and 
typically are the most expensive part because they 
require the mobilization ofboth equipment and labor. 

Exploratory Borings 

The most common method of exploring the 
subsurface conditions is to drill a series of vertical 
boles in the ground. Tbese are known as borings or 
exploratory borings and are typically 75 to 600 mm 
(3-24 in) diameter and 2 to 30m (7-100 ft) deep. 

Small, shallow borings can be made witb 
lightweight band-operated augers, as sbown in 
Figure 3.3. Tbis equipment is inexpensive and 

Figure 3.3 Hand-operated auger. 
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portable, but lirnited in its capabilities and 
general! y suitable only for very small projects 
with boring depths less than about 4 m (13ft). 
Sorne additional capacity can be gained by 
using portable power-operated equipment, but 
such equipment is still too limited for most 
projects. 

Geotechnical engineers usually use much 
heavier equipment powered by larger engines. 
Sometimes it is mounted on skids or small ro U
in units, as shown in Figure 3.4, but most often 
it is truck-mounted as shown in Figure 3.5. 
These truck-mounted drill rigs perform at least 
90 percent of geotechnical drilling, and can 
drill to depths of 30 m (100 ft) with little 
difficulty. Sorne truck mounted rigs can drill to 
60 m (200 ft) or even more, but such 
capabilities are rarely needed. 

Figure 3.5 Truck-mounted drill rig. 

Figure 3.4 Limited access drill rig that can be 
moved through narrow openings. It is connected 
to a truck-mounted hydraulic pump via the hoses 
in the foreground. 
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Drilling Methods 

Different methods are available to advance the boring, depending on the anticipated soil and 
rock conditions. 

Drilling in Firm and Dense Soils 

The simplest drilling methods use ajlight auger ora bucket auger, as shown in Figures 3.6 
and 3.7, to produce an open hole. With either type, the auger is lowered into the hole and 
rotated to dig into the soil. Then, it is removed, the soil is discharged onto the ground, and 
the process is repeated. The hole is free of equipment between these cycles, which allows 
the driller to insert sampling equipment at desired depths and obtain undisturbed samples. 

Figure 3.6 A crew drilling an 
exploratory boring using a truck
mounted flight auger. These 
augers typically have an outside 
diameter of 120-200 mm (3- 8 in). 
(Foremost Mobile Drilling Co.) 

These methods are comparatively inexpensive, so long as they are used in suitable 
conditions, such as firm and dense soils or soft rock. However, they can meet refusal (the 
inability to progress further) when they encounter hard boulders or hard bedrock. This is 
especially likely when the boring diameter is small, since even large cobbles rnight block 
the drilling. Sometirnes this problem can be overcome by using a larger diameter auger (i.e., 
one that is larger than the cobbles and boulders). Alternatively, sorne rigs can switch toa 
coring mode and continue as described below. Otherwise, it becomes necessary to use sorne 
other type of drilling method. 

Drilling in Soils Prone to Caving or Squeezing 

Open bote methods encounter problems in soils prone to caving (i.e., the sides of the boring 
fall in) or squeezing (the soil moves inwards, reducing the boring diameter). Caving is most 
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likely in loose sands and gravels, especially below the groundwater table, while squeezing 
is likely in soft saturated silts and clays. In such cases, it becomes necessary to provide 
sorne type of lateral support inside the hole during drilling. 

One method of supporting the hole is to install casing (see Figure 3.8), which is a 
temporary lining made of steel pipe. This method is especial! y useful if only the upper soils 
are prone to caving, because the casing does not need to extend for the entire depth of the 
boring. 

Another, more common method is to use a hollow stem auger, as shown in Figure 3.9. 
Each auger section has a pipe core known as a stem, with a temporary plug on the bottom 
of the first section. The driller screws these augers into the ground, adding sections as 
needed. Unlike conventional augers, it is not necessary to remove them to obtain samples. 
Instead, the driller removes the temporary plug and inserts the sampler through the stem and 
into the soils below the bottom auger section, as shown in Figure 3.10. Then, the sample 
is recovered, the plug is replaced, and drilling continues to the next sample depth. When 
the boring is completed, the augers are removed. Hollow stem drill rigs with 200 mm (8 in) 
diameter augers are very common, and are often used even when caving is not a proble~ . 

Figure 3.7 Using a bucket auger. The bucket has just 
come out ofthe hole and will be tilted back by the drill 
rig. The driller's helper will then pull the rope, wlúch 
will open the bottom and relea se the soil. Most bucket 
augers have a diameter between 300 and 900 mm 
(12-36 in). 

. _- .. . . . : .. 

·.· . . · 
... .. :
· . . ·.· 

Figure 3.8 Use of casing to prevent caving and squeezing. 
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Figure 3.9 Use of a hollow-stem auger. Figure 3.10 Lowering a soil sampler through a 
hollow-stem auger. 

55 

The third method is to fill the boring with drilling mud or slurry, which is a mixture 
of bentonite or attapulgite da y and water. This material provides a hydrostatic pressure on 
the walls of the boring, as shown in Figure 3.11, thus preventing caving or squeezing. 
These borings are usually advanced using the rotary wash method, which flushes the drill 
cuttings up to the ground surface by circulating the mud with a pump. When samples are 
needed, the drilling tools are removed from the hole and the sampling tools are lowered 
through the mud to the bottom. Special drilling tools may be added if the boring reaches 
hard soils or rock. 

Coring 

Drilling through rock, especially hard rock, requires different methods and equipment. 
Engineers usually use coring, which simultaneously advances the hole and obtains nearly 
continuous undisturbed samples. This is fundamentally a different method that consists of 
grinding away an annular zone with a rotary diamond drill bit, Ieaving a cylindrical core 
which is captured by a core barre/ and removed from the ground. The cuttings are removed 
by circulating drilling fluid, water, or air. Figure 3.12 shows a core sampler partway 
through a core run, which is the segment sampled during one stroke of the sampler. Coring 
also can be done in hard soils. 
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Cunings 

t 

Liner 

Core sample 

Caving or squeezing <oi l 

Coring bit 
. . ... . ·.· · ,· .... . ' . . . · .. 
Figure 3.11 Use of drilling mud to prevent caving and 
squeezing. The mud provides a hydrostatic pressure to the 
sides of the boring, thus keeping the adjacent soils in place . 

Figure 3.12 A sample being recovered by 
coring. The coring bit cuts an annular-shaped 
hole as it penetrates into the ground. 

After each core run, the sample is brought to the ground surface and placed in a 
wooden core box for examination and storage, as shown in Figure 3.13. This permits 
detailed logging of the hole and provides high-quality samples for laboratory testing. Most 
cores are 48 or 54 mm in diameter. 

Coring logs often record the rock quality designation or RQD, which is the percentage 
of core in pieces 100 mm or longer. It is a useful measure of rock fracturing, and thus an 
indicator of stability. RQD values greater than 90 percent typically indicate excellent rock, 
while values less than 50 percent indicate poor or very poor rock. 

The core recovery, which is the total sample length recovered from each core run 
divided by the run Iength, also should be recorded. Often sorne of the sample is "lost," 
especial! y in weak or friable rocks. 

Unfortunately, the weakest and most fractured zones, which are the most important 
zones to identify, are those most likely to be lost during coring. Also, most coring does not 
retain the in-situ orientation of the sample, so information on the directions of joints, 
bedding planes, etc. is lost. Both of these problems can be at least partially overcome by 
using downhole cameras that take photographs or video recordings of the hole after the e ore 
has been removed. 
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Boring Logs 

57 

Figure 3.13 Core samples in a core box. 
These samples are very long, with an RQD 
of nearly 100 percent. 

The conditions encountered in an exploratory boring are recorded on a boring log, such as 
the one shown in Figure 3.14. The vertical position on these logs represents depth, and the 
various columns describe certain characteristics of the soil and rock. These logs also 
indicate the sample locations and might include sorne of the laboratory and in-situ test 
results. Usually, a field logis prepared while the boring is being drilled, then "cleaned up" 
in the office when the lab results become available. 

Downhole Logging 

Sometimes it is useful to drill large-diameter (500-900 mm) borings so the subsurface 
conditions can be observed by downhole logging. A geologist descends into such holes on 
a specially fabricated cradle and inspects the exposed walls. This allows thorough mapping 
of soil and rock types, attitudes of various contacts and bedding planes, etc., and thus is 
much more reliable and informative than relying solely on samples. Of course, this method 
is suitable only above the groundwater table in holes not prone to caving or squeezing. 

Number, Spacing, and Depth 

There are no absolute rules to determine thé required number, spacing, and depth of 
exploratory borings. Such decisions are based on the findings from the field reconnaissance, 
along with engineering judgement anda knowledge of customary standards of practice. 
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Date Drillcd: 6/17196 

Geo Sec 

HSA 6" 

Mike I.ane 

Watec Depth: >21.0 
06/17196 
783.0 

MSL 

Drilled By: Date Measured: 

Drilling Method: Reference Elevation: 
Logged By: . y Datum: 
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SOIL DESCRIPI'ION 

AND 
CLASSIFICATION 

SILTY SANO (SM): brown, moist, fine sand, trace 
coarse sand and' finé grave! 

medium dense 

::::):: ~~m~~brown, moist, mcdium dense, fine to 

.=.::··.:-

. :~::::\ 
· ·.:· .· olive-brown, dense, fme to coarse sand, sorne fine grave! 
.=·::···· 
;. :-. 
=·::. 

~ --------- --------------------------------
501$" ~; SANDY GRA VFL (GP): gray, moist, ,ver¡ dense, fine to !f coarse sand, fine to coarse grável to 3 inclies 

~t 
~ -----------------------------------------

90 _;;j \ fAND witb GRA VEL (SJ');, ~ve-brown, moist. Vt;rY { 
\i~h~~ fine to coarse sañd, nne to coarse gravel to 2 -

Boring terminated at 21.0 feet 
Grounélwatec not encountered 
Hole backfilled and tamped using soil from cuttings 

110 5.2 

Jll KLEINFELDER 

PROJECrNO. LOG OF BORING B-39 

Chap.3 

PLATE 

A-40 

Figure 3.14 A boring log. Samples 2 and 4 were obtained using a heavy-wall sampler, and the corresponding blow 
counts are the number of hammer blows required to drive the sampler. Samples 1, 3, and S are standard penetration 
tests, and the corresponding blow counts are the N 61fvalues, as discussed later in this chapter. (Kleinfelder, Inc.) 
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This is a subjective process that involves many factors, including: 

• How large is the site? 
• What kinds of soil and rock conditions are expected? 
• Is the soil profile erratíc, or is it consisten! across the site? 
• What is to be built on the site (small building, large building, highway, etc.)? 
• How critica! is the proposed project (i.e., what would be the consequences of a 

failure)? 
• How large and heavy are the proposed structures? 
• Are all arcas of the site accessible to drill rigs? 

Although we will not know the final answers to sorne of these questions until the site 
characterization program is completed, we should ha ve at least a preliminary idea based on 
the literature search and field reconnaissance. 

Table 3.1 presents rough guidelines for determining the normal spacing of exploratory 
borings. However, it ís important to recognize that there is no single "correct" solution for 
the required number and depth of borings, and these guidelines must be tempered with 
appropriate engineering judgement. 

TABLE 3.1 ROUGH GUIDELINES FOR SPACING EXPLORATORY BORINGS FOR 
PROPOSED MEDIU M TO HEAVY WEIGHT BUILDI NGS, TANKS, AND OTHER 
SIMILAR STRUCTU RES. 

Subsurface Conditions 

Poor qualíty and/or erratic 

Average 

High quality and uniform 

Structure Footprint Area for Each 
Exploratory Boring 

100-300 

200--400 

300-1,000 

1,000-3,000 

2,000--4,000 

3,000-10,000 

Borings for buildings and other structures on shallow foundations generally should 
extend at least to the depths described in Table 3.2. If fill is present, the borings must 
extend through it and into the natural ground below, and if soft soils are present, the borings 
should extend through them and into firmer soils below. For heavy structures, at least sorne 
of the borings should be carried down to bedrock, if possible, but certainly well below the 
depth of any proposed deep foundations. 

On large projects, the drilling program might be divíded into two phases: a 
prelimínary phase to determine the general soil profile, and a final phase based on the results 
of the preliminary borings. 
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TABLE 3.2 ROUGH GUIDELINES FOR DEPTHS OF EXPLORATORY BORINGS 
FOR BUILDINGS ON SHALLOW FOUNDATIONS {Adapted from Sowers, 1979) 

Subsurface Conditions 

Poor 

Average 

Good 

Mínimum Depth of Borings 
(S= number of stories; 

D = anticipated dcpth of foundation) 

(m) 

6 S 0 7 + D 

5 s"·7 +D 

3 S07 + D 

(ft) 

20 S07 + D 

l55°.7 + D 

10 S 0 7 + D 

Example 3.1 

A three-story steel frame office building is to be built on a site where the soils are expected to 
be of average quality and average uniformity . The building will ha ve a 30 m x 40 m footprint 
and ís expected to be supported on spread footing foundations located about 1 m below the 
ground surface. The si te appears to be in its natural condition, with no evidence of previous 
grading. Bedrock ís severa! hundred feet below the ground surface. Determine the required 
number and depth of the borings. 

Solution 

Per Table 3.1, one boring will be needed for every 200-400 m2 of footprint area. Since the total 
footprint are a is 30 x 40 = 1200 m 2, use four borings. 

Per Table 3.2, the mínimum depth is 5 S 0 7 + D = 5 (3) 0
·
7 + 1 =12m. However, it would be 

good to drill at least one of the borings to a greater depth. 

Exploration plan: 
3 borings to 12 m 
1 boring to 16 m 

Exploratory Trenches and Pits 

= Answer 

Sometimes it is only necessary to explore the upper 3m (1Oft) of soil. This might be the 
case for lightweight projects on sites where the soil conditions are known to be good, or on 
sites with old shallow fills of questionable quality. Additional shallow investigations also 
might be necessary to supplement a program of exploratory borings. 

In such cases, geotechnical engineers often dig exploratory trenches (also known as 
test pits) using a backhoe, as shown in Figure 3.15. These techniques provide more 
information than a boring of comparable depth (because more of the soil is exposed), and 
often are less expensive. The Iog from a typical exploratory trench is shown in Figure 3.16. 

Two special precautions are in order when using exploratory trenches: First, these 
trenches must be adequately shored or laid back to a sufficiently flat slope befare anyone 
enters them. Many individuals (including one of the author's former colleagues) have been 
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killed by neglecting to enforce this basic safety measure. Second, these trenches must be 
properly backfilled to avoid creating an artificial soft zone that might affect future 
construction. 

Figure 3.15 This exploratory trench was dug 
by the backhoe in the background, and has 
been stabilized using aluminum-hydraulic 
shoring. An engineering geologist is logging 
the soil conditions in one wall of the trench. 
In this case, the purpose of the trench is to 
locate a fault. 

Scale: 1 in = 5 ft 
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1 1 
1 Qal Clayey Sand and 

Silty Sand (SC/SM) 
gray to light bro'7n 

2 Qp Silt~ Sandstonel~layey Siltstone 
Highly Weathered, micaceous, 
brown 

1 
1 

3 Qp Less Weathered 

Figure 3.16 Log from an exploratory trench (Courtesy of Converse Consultants). 
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3.6 SOIL ANO ROCK SAMPLING 

The primary purpose of drilling exploratory borings and digging exploratory trenches is to 
obtain representative soil and rock samples. We use these samples to determine the 
subsurface profile and to perform laboratory tests. There are two categories of samples: 
disturbed and undisturbed, each discussed below. 

Disturbad Samples 

A disturbed sample (also called a bu/k sample) is 
one obtained with no attempt to retain the in-place 
structure of the soil or rock. The driller might 
obtain such a sample by removing cuttings from the 
bottom of a flight auger and placing them in a bag. 
Disturbed samples, such as the one in Figure 3.17, 
are suitable for many purposes, such as 
classification and compaction tests. 

Undisturbed Samples 

The greater challenge in soil sampling is to obtain 
undisturbed samples, which are oecessary for many 
soil tests. Except for coring, which recovers 
undisturbed samples as the bole is advanced, 
drilling operations must stop periodically to permit 
insertion of special sampling tools into the hole as 
shown in Figure 3.10. 

In a truly undisturbed soil sample, the soil is 
recovered completely intact and its in-place 

Figure 3.17 A typical disrurbed sample 
stored in a plastic bag. The label attached to 
the bag identifies the sample. 

structure and stresses are not modified in any way. Unfortunately, the following problems 
make it impossible to obtain such sarnples: 

• Shearing and compression that occurs during the process of inserting the sampling 
tool 

• Release of in-situ stresses as the sample is removed from the ground 
• Possible drying and desiccation 
• Vibrations during recovery and transport 

Additional disturbances can occur in the laboratory as the sample is removed from its 
container. Thus, many engineers prefer to use the term "relatively undisturbed" to describe 
their samples. Sands are especially prone to disturbance during sampling. Nevertheless, 
geotechnical engineers have developed various methods of obtaining high-quality samples 
of most soils. 
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Shelby Tube Samplers 

In the mid 1930s, Mr. H. A. Mohr developed the Shelby tube sampler, shown in 
Figure 3.18a, which soon became the most common soil sampling too! (Hvorslev, 1949). 
lt also is known as a thin-wall sampler ("Shelby tubing" is a trade name for the seamless 
steel tubing from which the sampler is manufactured). Figure 3.18b shows a Shelby tube 
sampler attached toa standard head assembly. Most Shelby tube samplers have a 3.00 in 
(76.2 mm) outside diameter and 1116 in (1.6 mm) wall thickness. 

The head assembly is attached to a series of drilling rods, lowered to the bottom of the 
boring, then smoothly pressed into the natural ground below. This smooth pressing is 
accomplished by attaching a hydraulic cylinder to the top of the rods and using the drill rig 
as a reaction. Sometimes it is necessary to pound the sampler in by striking the rods with 
a 63.5 kg (140 lb) hammer, as shown in Figure 3.25, but this method can produce 
significantly more sample disturbance. The sampler is then pulled out of the ground with 
the soil retained inside, capped, and brought to the laboratory. 

The standard head assembly has vents to allow water and air trapped abo ve the sample 
to escape as it is inserted into the ground. However, sorne backpressure remains, and it can 
compress the sample. The piston sampler in Figure 3.18c avoids this problem by placing 
a pis ton inside the Shelby tube sampler. The pis ton is initially at the bottom of the tu be, and 
remains at a constant elevation as the tube is advanced, thus shielding the soil from the 
backpressure. 

(a) 

.-.-- Drilling rod 

D---Vents 

m-=-w--- Standard head 

Ulf""•-1-~- Set screws 

- Shelby tu be 

(b) 

Pis ton 
~-- retraction 

mechanism 

m--- Shelby tube 

~Piston 

(e) 

Figure 3.18 (a) A 3 x 36 inch Shelby tube; (b) A Shelby tube attached toa standard head with four screws; (e) A Shelby 
tube attached to a piston sampler. 
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Heavy-Wall Samplers 

Although Shelby tube samplers generally provide very good results in soft soils, they are 
difficult to use in hard soils. The tu be may bend or collapse due to the heavy loads required 
to press or drive it into such soils, or it may become jammed into the ground and impossible 
to retrieve. The usual solution is to use a sampler with heavier walls as shown in Figure 
3.19. Although these heavy walls induce more disturbance, they al so pro vide sufficient 
strength and durability to survive hard soil conditions. These heavy-wall samplers are 
almost always pounded into the bottom of the boring. 

Heavy-wall samplers usually contain brass or stainless steelliners as shown in Figures 
3.19 and 3.20, and these liners contain the soil sample. After being extracted from the 
boring, the sampler is opened and the soil and liners are removed and placed in a protective 
cylinder for transport to the laboratory and storage. 

(a) 
(b) 

Figure 3.19 A heavy-wall sampler. (a) Cross-section showing liners. The dimensions shown are typical, but many 
different sizes are used. (b) The sampler can be opened to retrieve the liners, and thus is often called a split barre/ 
sampler. The liners are available in different lengths. 
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3.7 GROUNDWATER EXPLORATION ANO MONITORING 
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Figure 3.20 Soil samples 
from heavy-wall samplers are 
contained in liners and stored 
in plastic tubes. In this case, 
the liners ha ve an outside 
diameter of 2.5 in, a height of 
1.0 in, and are made of brass. 

- ------.-1 - Perforated PVC pipe 

Groundwater tablc 

Bentonile seal 

Boring backfilled 
- with sand, grave! 

or soil cuttings 

The presence of water in soil pores or rock 
fissures has a very significant impact on 
the engineering behavior of the soil or 
rock, so si te characterization programs also 
need to assess groundwater conditions. 
When drilling a boring or excavating an 
trench, we may observe small seeps, with 
moisture trickling into the hole. These 
may be due to small non-uniformities in 
the soil conditions that ha ve trapped water 
at a certain leve l. Larger zones of trapped 
water are known as perched groundwater. 
If we continue drilling to a great enough 
depth, the groundwater table is eventually 
encountered, which is the level to which 
water fills an open boring. Soils below the 
groundwater table are said to be saturated, 
which means all of their voids are filled 
with water. 

Sometimes the water quickly flows 
Figure 3.21 An observation well. 

into the hole, reaching equilibrium in an 
hour or less. In these cases, the groundwater table can be located in the open hole befare 
it is backfilled. However, in silty and clayey soils many hours or even days may be required 
to reach equilibrium, and leaving the hole open that long may pose safety problems. In 
addition, the groundwater table often changes with time, and we may wish to monitor these 
changes. The solution to both problems is to install an observation well in the boring as 
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shown in Figure 3.21. It consists of a slotted plastic pipe backfilled with pervious soils (or 
even the drill cuttings) and sealed with an impervious cap. Groundwater is able to flow 
freely into or out of this pipe, so the water leve) inside is the groundwater table. The depth 
to this water can be measured using the electronic probe shown in Figure 3.22. 

We will discuss groundwater in much more detail in Chapters 7 and 8. 

Figure 3.22 Using an electronic probe to measure 
the water leve! inside an observation well. Whe n 
the e lectrodes on the bottom of the tape touch the 
water, an e lectrical circuit is closed and a buzzer 
sounds inside the reel. Al so see Figure 7. 7. 

QUESTIONS ANO PRACTICE PROBLEMS 

3.1 A one-story, 50 m wide x 90 m long manufacturing building is to be built on a site underlain 
by medium dense to dense silty sand with occasional grave!. This soil probably has better-than
average engineering properties and average unifonnity. There are no indications of previous 
grading or fill at this site, and the groundwater table is believed to be about 30 m below the 
ground surface. We anticipate supporting this building on spread footing foundations located 
about 0.5 m below the ground surface. There are no accessibility problems at this site. 

a. How many exploratory borings will be required, and to what depths should they be 
drilled? 

b. What type of drilling equipment would you recommend for this project? 

3.2 A one-story, 20m wide x 50 m long concrete tilt-up office building is to be built ata site near 
a wetlands. Previous exploratory borings at nearby sites encountered about 1 m of moderately 
stiff clayey fill underlain by about 4 m of very soft organic silts and clays, then 15 m of 
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progressively stiffer sandy clays and clayey sands. Limestone bedrock is located about 20m 
below the ground surface. The groundwater table is thought to be at a depth of about 0.5 m. 
Because of the soft soils, we will probably need to support this building on deep foundations 
that extend at least into the stiffer soils, and possibly to bedrock. There are no accessibility 
problems at this site. 

a. How many exploratory borings will be required, and to what depth should they be 
drilled? 

b. What type of drilling and sampling equipment would you recommend for this project, 
and what kind of problems should the field crew be prepared to sol ve? 

3.3 A ten-story steel-frame office building with a 200 ft x 200 ft footprint is to be built on a site 
underlain by alluvial sands and silts. These soils are fairly uniform and probably have good 
engineering properties. The building will ha ve one 12 ft deep basernent and will probably be 
supported on either a mat foundation1 located 5 ft below the bottorn of the basernent, or a deep 
foundation extending about 60 ft below the bottom of the basement. The groundwater table is 
about 30 ft below the ground surface and bedrock is severa] hundred feet below the ground 
surface. There are no accessibility problerns at this site. 

a. How many exploratory borings will be required, and to what depth should they be 
drilled? 

b. What type of drilling equipment would you recomrnend for this project? 

3.4 A small commercial devel
opment consisting of a one-

N story supermarket and a one
story retail store building is to 
be built on the site shown in 
Figure 3.23. The proposed 
spread footing foundations 
will be located at a depth of 
2 ft below the ground surface. 
The site has never been 
developed befare, but a study 
of old aerial photographs 
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indicates a fill was placed in 
the northeast section. This fill 
appears to be up to 5 ft thick, 
probably was not compacted, 
and most likely will need to be 
removed during construction. 
However, we may be able to 
reuse this rnateri al as fill, so 
long as it does not contain 
trash or other deleterious 
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substances. The remainder of Figure 3.23 Site plan for Problem 3.4. 
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1" ~ 100' 

1 A mat foundation is a type of shallow foundation that cncompa~ses the entirc footprint of the building. Sec 
Chapter 17 for more detail s. 
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the soils are probably stiff clayey silts and sandy silts. The groundwater tab\e is believed to be 
about 20ft below the ground surface. There are no accessibility problems at this site. 

Develop a subsurface exploration program and present itas a 250-350 word memo to 
your field crew instructing them what to do. Be sure to include a copy of the site plan marked 
with the proposed location of each activity. 

3.8 EX-SITU TESTING 

The most common method of measuring soil and rock properties is to conduct laboratory 
tests. Sorne of these tests may be performed on either disturbed or undisturbed samples, 
while others require undisturbed samples. We call these ex-situ testing methods, which is 
Latín for "out of its original place," and refers to the removal of soil samples from the 
ground and testing them elsewhere. 

We will díscuss various laboratory tests throughout this book. For clarity, these 
discussions are in the chapters related to the engineering properties being measured: 

Moisture content test 
Unit weight test 
Specific gravity test 
Relative density test 
Sieve analysis 
Hydrometer analysís 
Atterberg limits tests 
Proctor compaction test 
Hydraulic conductivity test 
Consolidation test 
Direct shear test 
Triaxial compression test 
Unconfined compression test 
Ring shear test 
Swell test 
Collapse test 

Chapter4 
Chapter4 
Chapter4 
Chapter 4 
Chapter4 
Chapter4 
Chapter4 
Chapter6 
Chapter 7 
Chapter 11 
Chapter 13 
Chapter 13 
Chapter 13 
Chapter 13 
Chapter 18 
Chapter 18 

There al so are many other laboratory tests we will not cover in this book (see Bardet, 1997). 

3.9 IN-SITU TESTING 

The primary altemative to laboratory testing is to conduct in-situ (Latin for in-place) tests. 
These consist of bringing special equipment to the field, inserting it into the ground, and 
testing the soil or rock while it is still underground. Such methods are especially useful in 
soils that are difficult to sample, such as clean sands. ln-situ tests are usually less expensive 
than obtaining samples and performing ex-situ tests, so we can afford todo more of them. 
This additional data gives us more insight into the soil variability beneath a proposed 
construction site. 
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Geotechnical engineers often use the raw data obtained from in-situ tests as general 
indicators of soil properties. For example, sorne in-situ tests involve pounding or pressing 
something into the ground. If this is difficult to do, the soil must be stiff; if it is easy to do, 
the soil must be soft. We also have developed empirical correlations between in-situ test 
results and specific engineering properties. We will discuss sorne of these correlations in 
the following chapters: 

Relative density 
Consistency 
Shear strength 
Settlement of foundations 

Chapter 4 
Chapter 5 
Chapter 13 
Chapter 17 

The discussions in this chapter are limited to describing the test procedures, adjusting the 
results, perforrning basic interpretations, and discussing the advantages and disadvantages 
of each test method. 

Standard Penetration Test 

One of the oldest and most common in-situ tests is the standard penetration test or SPT. 
It was developed in the late 1920s and has been used extensively in North and South 
America, the United Kingdom, Japan, and elsewhere. Because of this long record of 
experience, the SPT is well-established in engineering practice. lt is performed inside an 
exploratory boring using inexpensive and readily available equipment, and thus adds little 
cost to a site characterization program. 

Although the SPT also is plagued by many problems that affect its accuracy and 
reproducibility, it probably will continue to be used for the foreseeable future, primarily 
because of its low cost. However, it is partially being replaced by other test methods, 
especially on larger and more critica] projects. 

Test Procedure 

The test procedure was not standardized until 1958 when ASTM standard D 1586 first 
appeared. It is essentially as follows 2

: 

l. Drill a 60-200 mm (2.5-8 in) diameter exploratory boring to the depth of the frrst test. 
2. Insert the SPT sampler (also known as a split-spoon sampler) into the boring. The 

shape and dimensions of this sampler are shown in Figure 3.24. lt is connected via 
steel rods toa 63.5 kg (140 lb) hammer, as shown in Figure 3.25. 

3. Using either a rope and cathead arrangement oran automatic tripping mechanism, 
raise the harnrner a distance of 760 mm (30 in) and allow it to fall. This energy drives 
the sampler into the bottom of the boring. Repeat this process until the sampler has 

2 See the ASTM 01586 standard forthe complete procedure. 
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penetrated a distance of 460 mm (18 in), recording the number of hammer blows 
required for each 150 mm (6 in) interval. Stop the test if more than 50 b1ows are 
required for any of the intervals, or if more than 100 total blows are required. Either 
of these events is known as refusal and is so noted on the boring 1og. 

4. Compute the N-value by sumrning the blow counts for the Jast 300 mm (12 in) of 
penetration. The blow count for the first 150 mm (6 in) is retained for reference 
purposes, but not used to compute N because the bottom of the boring is like1y to be 
disturbed by the drilling process and may be covered with loase soil that fell from the 
sides of the boring. Note that the N-value is the same regard1ess of whether the 
engineer is using English or SI units. 

5. Extract the SPT samp1er, then remove and save the soil sample. 
6. Drill the boring to the depth of the next test and repeat steps 2 through 6 as required. 

Thus, N-values may be obtained at intervals no closer than 500 mm (20 in). Typically these 
tests are performed at 1.5-5 m (5-15ft) intervals. 

0.1 in. 
Rollpin (2.5mm) Open Shoe Tube 

L~~/~~/~~~~~~~~ 
f./ 1.375 in. 
.' (349mm) 

\ 
16"to 23" 1 1 

' ... .. .... 

1.5 in. 2 in. 
(38.1mm) (5lmm) 

18 to 30 in. 
(457 to 762mm) 

Ven! 

Figure 3.24 The SPT sampler (Adapted from ASTM D 1586; Copyright ASTM, u sed wíth permission) 

Soft or very loose soils typically have N-values less than 5; soils of average stiffness 
generally have 20 <N< 40; and very dense or hard soils have N of 50 or more. For further 
classification based on the N-value, see Tables 5.4 and 5.5. Very high N-values (>75) 
typically indicate very hard soil or rock, but may simply occur because the sampler has hit 
a cobble or boulder. 

Before the test was standardized, the actual procedures and equipment used in the field 
often varied substantially, which affected the measured N-values. As a result, two drillers 
testing the same strata could obtain N-values that differed by as much as 100 percent. E ven 
after standardization, these variations still are significant, which means the test has a poor 
repeatability. The principal variants are: 

• Method of drilling 
• Cleanliness at the bottom of the hole (lack of loose dirt) before the test 
• Presence or lack of drilling mud 
• Diameter of the drill hole 
• Location of the hammer (surface type or down-hole type) 
• Type ofhammer, especially whether it has a manual or automatic tripping mechanism 
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• Number of turns of the rope around the cathead 
• Actual hammer drop height (manual types are often as muchas 25 percent in error) 
• Mass of the anvil that the hammer strikes 
• Friction in rope guides and pulleys 
• Wear in the sampler drive shoe 
• Straightness of the drill rods 
• Presence or absence of liners inside the sampler (this seemingly small detail can alter 

the test results by 10-30 percent) 
• Rate at which the blows are applied 

Figure 3.25 The SPT sarnpler in 
place in the boring with harnrner, 
rope, and cathead (Adapted frorn 
Kovacs, et al., 1981). 
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"T 
Poor workmanship from the drilling crew also may be an important factor. Sorne 

crews are more interested in advancing the boring than in performing tests, and thus may 
tend to rush through the test. 

These variations, as well as other aspects of the test, were the subject of increased 
scrutiny during the 1970s and 1980s, along with efforts to further standardize the "standard" 
penetration test (DeMello, 1971; Nixon, 1982). Based on these studies, Seed et al. (1985) 
recommended the following additional criteria be met when conducting standard penetration 
tests: 
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• Use the rotary wash method to create a boring that has a diametcr between 200 and 
250 mm. The drill bit should provide an upward deflection of the drilling mud 
(tricone or baffled drag bit). 

• lf the sampler is made to accommodate liners, then these liners should be u sed so the 
inside diameter is 35 mm. 

• Use A orA W size drill rods for depths less than 15m, and N or NW size for greater 
depths. 

• U se a hammer that has an efficiency of 60 percent. 
• Apply the hammer blows at a rate of 30 to 40 per minute. 

Fortunately, automatic hammers are becoming more popular. They are much more 
consistent than hand-operated hammers, and thus improve the reliability of the test. 

In spite of these disadvantages, the SPT does have at least three important advantages 
over other in-situ test methods: First, it obtains a sample of the soil being tested. This 
perrnits direct soil classification. Most of the other methods do not include sample recovery, 
so soil classification must be based on conventional sampling from nearby borings and on 
correlations between the test results and soil type. Second, it is very fast and inexpensive 
because it is perforrned in borings that would have been drilled anyway. Finally, nearly al1 
drill rigs used for soil exploration are equipped to perforrn this test, whereas other in-situ 
tests require specialízed equipment that may not be readily available. 

Corrections to Test Results 

We can improve the raw SPT data by applying certain correction factors, thus significantly 
improving its repeatability. The variations in testing procedures may be at Ieast partially 
compensated by converting the N recorded in the field to Nw as follows (Skempton, 1986): 

NfJJ 

where: 
N60 = SPT N-value corrected for field procedures 
E,.,"" hammer efficiency (from Table 3.3) 
CB = borehole diameter correction (from Table 3.4) 
C5 = sampler correction (from Table 3.4) 
CR = rod length correction (from Table 3.4) 
N= SPT N-value recorded in the field 

(3.1) 

Many different hammer designs are in common use, none of which is lOO percent 
efficient. Sorne common hammer designs are shown in Figure 3.26, and typica1 hammer 
efficiencies are listed in Table 3.3. Many of the SPT -based design correlations were 
developed using hammers that had an efficiency of about 60 percent, so Equation 3.1 
corrects the results from other hammers to that which would have been obtained if a 60 
percent efficient hammer was used. 
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140-lb "Donut" 
WeJght 
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Figure 3.26 Types of SPT hanuners . 
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TABLE 3.3 SPT HAMMER EFFICIENCIES (Adapted from Clayton, 1990). 
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Country Hammer Type 
Hammer Release Hammer Efficiency 

Mechanism E m 

Argentina Donut Cathead 0.45 

Brazil Pin Weight Hand Dropped 0.72 

C hina A u toma tic Trip 0.60 

Donut Hand dro.pped 0.55 

Donut Cathead 0.50 

Colombia Donut Cathead 0.50 

Japan Donut T ombi trigger 0.78 ·0.85 

Dtmut . Cathead 2 turns + 
0.65 ~0.67 

special releasec 

UK Automatic Trip 0.73 

0.55-0.60 

0.45 

Venezuela Donut Cathead 0.43 
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TABLE 3.4 BOREHOLE, SAMPLER, AND ROO CORRECTION FACTORS 
(Adapted from Skempton, 1986). 

Factor Equipment Variables Value 

Borefi(r1e~ría'ctnr,C,i > •.• ·65i-lt5~(t;s S4.5nt)•.•· ••EC too···· 

Samplíng method factor, Cs 

ROdl~ngth factor; e R 

150 ll1Ill ( 6in) Lo5 
2® niin (8 in) < us 
Standard sampler 

Sampler without liner 
(not recommended) 

4-6 m(l3- 20 

6 ._ Ió<rii (20 - 30 ft) > 
>10m (>30ft) 

1.00 

1.20 

. ·········0.75 

.o.s:s 
6.95 
Loo······ 

The SPT data also may be adjusted using an overburden correction that compensates 
for depth effects. Tests performed near the bottom of uniform soil deposits have higher 
N-values than those performed near the top, so the overburden correction adjusts the 
measured N-values to what they would have been if the vertical effective stress, a,: was 
100 kPa (2000 lb/ft2

). Chapter 1 O will discuss a/ and how to compute it, but for now think 
of it as a compressive stress produced by the weight of the overlying soil. Until then, the 
value of az' will be given in any problem statements. 

The corrected va1ue, (N1) 60, is (Liao and Whitman, 1986): 

2000 lb/ft 2 

(3.2- English) 

lOO kPa 
(3.2- SI) 

where: 
(N1)w"' SPT N-value corrected for field procedures and overburden stress 

az' =vertical effective stress at the test location (kPa or lb/fr), as defined 
in Chapter 1 O 

Nw = SPT N-value corrected for field procedures 



Sec. 3.9 ln-Situ Testing 75 

The use of SPT correction factors is often a confusing issue. Corrections for field 
procedures (Equation 3.1) are always appropriate, but the overburden correction mayor may 
not be appropriate depending on the procedures used by those who developed the analysis 
method under consideration. We will identifY the proper value by using the appropriate 
subscripts. 

Example3.2 

A standard penetration test has been conducted in a coarse sand at a depth of 16 ft below the 
ground surface. The blow counts obtained in the field were as follows: 0-6 in: 4 blows; 6-12 
in: 6 blows; 12-18 in: 6 blows. The tests were conducted using a USA-style donut hammer in 
a 6 in diameter boring using a standard sampler with the liner installed. The vertical effective 
stress at the test depth was 1500 lb/ft 2• Determine (N J 60 

Solution 

Em = 0.45 per Table 3.3 
eH= 1.05 per Table 13.4 
C~ = 1.00 per Table 13.4 
eH= 0.85 per Table 13.4 

EmeBCSeRN 
Nw = - --- -

0.60 

N =6 +6 = 12 

(0.45)( 1.05)(1.00) (0.85) (1 2) = 8 

0.60 

(N 1 ) (i(J = N(i() 
2000 lb/ft 2 

1 
a, 

= (8) 2000 lb/ft 2 

1500 lb/ft 2 

= 9 - Answer 

Cone Penetration Test 

The cone penetration test or CPT [ASTM 03441] is another common in-situ test 
(Schmertmann, 1978; De Ruiter, 1981; Meigh, 1987; Robertson and Campanella, 1989; 
Briaud and Miran, 1991 ). Most of the early development of this test occurred in westem 
Europe in the 1930s and again in the 1950s. Further development has occurred in recent 
decades in both Europe and North America. Although many different styles and 
configurations have been used, the current standard grew out of work performed in the 
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Netherlands, so it is sometimes called the Dutch cone. The CPT has been used extensivcly 
in Europe for many years and is becoming increasingly popular in North America and 
elsewhere. 

Two types of eones are commonly used: the mechanical cone and the electric cone, 
as shown in Figure 3.27. Both have two parts, a 35.7 mm diameter cone-shaped tip with a 
60° apcx angle anda 35.7 mm diameter x 133.7 mm long cylindrical sleeve. A hydraulic 
ram pushes this assembly into the ground and instruments measure the resistance to 
penetratíon. The con e resistance, q" ís the total force actíng on the cone divided by íts 
projected area (1 O cm2

); the cone si de friction,f", is the total frictional force acting on the 
friction sleeve divided by its surface area (150 cm ~- lt is common to express the side 
friction in terms of the friction ratio, R¡: 

Contracted Extended 

(a) (h) 

Figure 3.27 Type.~ of eones: (a) mechanical cone (al so known as a 
Bcgemann cone; (b) electric cone (al so known as a Fugro cone). 

(3.3) 

The operation of the two types of eones differs in that the mechanical corre 1s 
advanced in stages and measures q,. and fw at intervals of about 20 cm, whereas the electric 
corre includes built-in strain gages and ís ablc to measure q, and fs. continuously with depth. 
In either case, the CPT defines the soil profile with much greater resolution than does the 
SPT. 

CPT rigs are often mounted in large three-axlc trucks such as the one in Figure 3 .28. 
These are typically capable ofproducing maximum thrusts of 100-200 kN (10--20 tons). 
Smaller, trailer-mounted or truck-mounted rigs also are available. 
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Figure 3.28 A truck
mounted CPT rig. A 
hydraulic ram located inside 
the truck pushes the cone into 
the ground, using the weight 
of the truck as a reaction. 

The CPT has been the object of extensive research and development (Robertson and 
Campanella, 1983) and thus is becoming increasingly useful to the practicing engineer. 
Sorne of this research effort is now being conducted using eones equipped with pore 
pressure transducers in order to measure the excess pore water pressures that develop while 
conducting the test. These are known as piezocones, and the enhanced procedure is known 
as a CPTU test. These devices promise to be especially useful in saturated clays. 

A typical plot of CPT results is shown in Figure 3.29. 
The CPT is an especially useful way to evaluate soil profiles. Since it retrieves data 

continuously with depth (with electric eones) or at very close intervals (with mechanical 
eones), the CPT is able to detect fine changes in the stratigraphy. Therefore, engineers often 
use the CPT in the first phase of subsurface investigation, saving boring and sampling for 
the second phase. 

1t al so is much Iess prone to error due to differences in equipment and technique, and 
thus is more repeatable and reliable than the SPT. 

Although the CPT has many advantages over the SPT, there are at least three 
important disadvantages: 

• No soil sample is recovered, so there is no opportunity to inspect the soils 
• The test is unreliable or unusable in soils with significant grave! content 
• Although the cost per foot of penetration is less than that for borings, it is necessary 

to mobilize a special rig to perform the CPT 

Overburden Correction 

Most analysis methods use the CPT results directly from the field, but sorne require the use 
of an overburden correction factor. This factor is identical to the one applied to SPT results: 



78 Site Exploration and Characterization Chap. 3 

5 

10 

15 

20 

25 

30 

35 

50 

55 

60 

65 

70 

75 

4 2 75 !50 225 300 4 8 6 12 
f.c ( tsf) qc ( tsf) R¡ (%) u ( tsf) 

Figure 3.29 Sample CPT test results. These results were obtained from a piezocone, and thus also include a 
plot of pore water pressure, u, vs. depth. All stresses and pressures are expressed in tons per square foot (tsf). 
For practica! purposes, 1 tsf = 1 kglcm2

• (Alta Geo Cone Penetrometer Testing Services, Sandy, Utah). 



Sec. 3.9 ln-Situ Testing 

2000 lb/ft 2 

2000 lb/ft 2 

where: 
qc = cone resistance obtained in the field 

qcJ = cone resistance corrected for overburden stress 
!.e = cone side friction obtained in the field 
fsc~ = cone side friction corrected for overburden stress 
az' = vertical effective stress (as defined in Chapter 10) 

Soil Classification 

79 

(3.4 - English) 

(3.4- SI) 

(3.5 - English) 

(3.5 - SI) 

The primary difficulty associated with the Iack of a soil sample is that we do not know the 
type of soil being tested. Although we may be able to estímate the soil classification based 
on nearby borings, this problem is still a handicap. 

Engineers have developed empirical correlations between soil type and CPT data, 
including the one in Figure 3.30. These correlations can be programmed into a computer, 
and often are printed along with the test results. However, they need to be used with 
caution, and are not nearly as precise as a visual classification of real soil samples. 

Correlation with SPT 

Geotechnical engineers also have developed empirical correlations between the CPT and 
SPT. The one shown in Figure 3.31 presents the q /N 60 ratio as a function of the mean 
particle size, D50 (as defined in Chapter 4). 
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Figure 3.30 Soil classification based on CPT results (Adapted from 
Robertson and Campanella, 1983). 
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Figure 3.31 Correlation between the qJ N,.,ratio and the mean partícle size, D50 (as defined in Chapter 4). 
(Adapted from Kulhawy and Mayne, 1990, copyright Electric Power Research Institute, used with permission). 
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Pressuremeter Test 

In 1954, a young French engineering student named Louis Ménard began to develop a new 
type of in-si tu test: the pressuremeter test. Although Kogler had done sorne limited work 
on a similar test sorne 20 years earlier, it was Ménard who made ita practical reality. 

The pressuremeter is a cylindrical balloon that is inserted into the ground and inflated, 
as shown in Figure 3.32 and 3.33. Measurements ofvolume and pressure can be used to 
evaluate the in-situ stress, compressibility, and strength of the adjacent soil and thus the 
behavior of a foundation (Baguelin et al., 1978; Briaud, 1992). 

The PMT may be performed in a carefully drilled boring or the test equipment can be 
combined with a small auger to create a self-boring pressuremeter. The latter design 
provides less soil disturbance and more intimate contact between the pressuremeter and the 
soil. 

The PMT produces much more direct measurements of soil compressibility and lateral 
stresses than do the SPT and CPT. Thus, in theory, it should form a better basis for 
settlement analyses, and possibly for pile capacity analyses. In addition, the applied load 
from the pressuremeter cell is spread out over a larger area of soil than the SPT or CPT, and 
thus is less likely to be adversely affected by gravel in the soil. However, the PMT is a 
difficult test to perform and is limited by the availability of the equipment and personnel 
trained to use it. 

Although the PMT is widely used in France and Germany, it is used only occasionally 
in other parts of the world. However, it may become more popular in the future. 
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Figure 3.32 Schematic of the 
pressuremeter test. 

Figure 3.33 A complete pressuremeter set, including three 
cell assemblies and the control unit. 
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Dilatometer Test 

The dilatometer (Marchetti, 1980; Schmertmann, 1986b, l988a, and l988b ), which is one 
of the newest in-situ test devices, was developed during the late 1970s in Italy by Silvano 
Marchetti. It is also known as a jlat dilatometer or a Marchetti dilatometer and consists of 
a 95 mm wide, 15 mm thick metal blade with a thin, flat, circular, steel membrane on one 
side, as shown in Figure 3.34. 

The dilatometer test (DMT) is conducted as follows (Schmertmann, 1986a): 

l. Press the dilatometer into the soil to the desired 
depth using a CPT rig or sorne other suitable 
device. 

2. Apply nitrogen gas pressure to the membrane 
to press it outward. Record the pressure 
required to m ove tbe center of tbe membrane 
0.05 mm into the soil (the A pressure) and that 
required to move its center 1.1 O mm into the 
soil {the B pressure). 

3. Depressurize the membrane and record the 
pressure acting on the membrane when it 
returns to its original position. This is the C 
pressure and is a measure of the pore water 
pressure in the soil. 

4. Advance the dilatometer 150 to 300 mm deeper 
into the ground and repeat the test. Continue 
until reaching the desired depth. 

Each ofthese test sequences typically requires 
one to two minutes to complete, so a typical 
sounding (a complete series of DMT tests between 
the ground surface and the desired depth) may 

Figure 3.34 The Marchetti dilatometer with 
its control unit and nitrogen gas bottle. 
(Courtesy GPE, Inc., Ga inesville, FL) . 

require about two hours. In contrast, a comparable CPT sounding might be completed in 
about thirty minutes. 

The primary benefit of the DMT is that it measures the lateral stress condition and 
compressibility ofthe soil. These are determined from the A, B, and C pressures and certain 
equipment calibration factors and expressed as the DMT indices, as follows: 

/ 0 = material index (a norrnalized modulus) 
K0 =horizontal stress index (a normalized lateral stress) 
E0 = dilatometer modulus (theoretical elastic modulus) 

Researchers have developed correlations between these índices and soil classification as 
well as certain engineering properties (Schmertmann, 1988b; Kulhawy and Mayne, 1990). 

The CPT and DMT are complementary tests (Schrnertrnann, 1988b). The cone is a 
good way to evaluate soil strength, whereas the dilatometer assesses compressibility and in-
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situ stresses. These three kinds of information form the basis for most foundation 
engineering analyses. In addition, the dilatometer blade is most easily pressed into the 
ground using a conventional CPT rig, so it is a simple matter to conduct both CPT and DMT 
tests while mobilizing only a mínimum of equipment. 

The dilatometer test is a relative newcomer, and thus has not yet become a common 
engineering tool. Engineers have had only limited experience with it and the analysis and 
design methods based on DMT results are not yet well developed. However, its relatively 
low cost, versatility, and compatibility with the CPT suggest that it may enjoy widespread 
use in the future. It has very good repeatability, and can be used in soft to moderately stiff 
soils (i.e., those with N ~ 40), and provides more direct measurements of stress- strain 
properties. 

Becker Penetration Test 

Soils that contain a large percentage of grave! and those that contain cobbles or boulders 
create problems for most in-situ test methods. Often, the in-situ test device is not able to 
penetrate through such soils (it meets refusal) or the results are not representative because 
the particles are about the same size as the test device. Frequently, even conventional 
drilling equipment cannot penetrate through these soils. 

One method of penetrating through these very large-grained soils is to use a Becker 
hammer dril/. This device, developed in Canada, uses a small diese! pile-driving hammer 
and percussion action to drive a 135 to 230 mm (5.5-9.0 in) diameter double-wall steel 
casing into the ground. The cuttings are sent to the top by blowing air through the casing. 
This technique has been used successfully on very dense and coarse soils. 

The Becker hammer drill also can be used to assess the penetration resistance ofthese 
soils using the Becker penetration test, which is monitoring the hammer blow-count. The 
number ofblows required to advance the casing 1 ft (300 mm) is the Becker blow-count, 
N 8 . Severa! correlations are available to convert it to an equivalent SPT N-value (Harder 
and Seed, 1986). One of these correlation methods also considers the bounce chamber 
pressure in the diese! hammer. 

Other ln-Situ Tests 

Many other in-situ tests are available, sorne of which are discussed in other parts of this 
book. These include the field density test (Chapter 6), the hydraulic conductivity test 
(Chapter 8), and the vane shear test (Chapter 13). 

Comparison of ln-Situ Test Methods 

Each of the in-situ test methods has its strengths and weaknesses. Table 3.5 compares sorne 
of the important attributes of the tests described in this chapter. 
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TABLE 3.5 ASSESSMENT OF IN-SITU TEST METHODS (Adaptad from Mitchel1, 1978; used with 
permission of ASCE) 

-S(andard Cone ·. Pttsst.Ji'eAA:tet .. _. Dilatometer 
Becker 

Pendiation Penetration ·p(:Reti:ation 

Test Test 
Test Test 

Test 

Simplicity and 
Simple; Complex; Complex; 

Complex; 
Simple, 

Durability of 
rugged rugged de ti cate 

moderately 
rugged 

Apparatus rugged 

Ease of Tcsting Easy Easy Complex Easy Easy 

Continuous Profile or Point Continuous Point Point Corttittuous 
Point Values 

Basis for 
Empirical 

Empirical; Empirical; Empírica!; 
> Etnpiricid 

lnterpretation theory theory· theory 

Allexcept All except All except 
Sands 

Suitable Soils All through 
gravels gravels gravels boulill:rs 

Equipment 
Universally Generally Difficutt to Difficult to . · · Oiffic~Ú to .· · • . 

avirilable: available; loca te; u sed on !acate; used 
Availability and Use 

used u sed ~pecial on special 
in Practice 

routinely routinely projects projects 

Potential for Future 
Lünited Great Great Great 

Development 

QUESTIONS ANO PRACTICE PROBLEMS 

3.5 The vertical effective stress at Sample 3 in Figure 3.14 is 1270 lb/ft ~ Compute (N~ 60 

3.6 A standard penetration test has been performed at a depth of 6.5 m in a medium sand using a 
standard sampler and a USA-style donut hammer. The N-value recorded in the field was 16. 
The boring diameter was about 1 00 mm, and the vertical effective stress at the test location was 
85 kPa. Compute (N1) 6n· 

3.7 Using Figure 3.30, classífy the soils between depths of66 and 80ft in the CPT results presented 
in Figure 3.29. Why are there spikes in the q, ,.f;,., andR¡ curves between depths of 76 and 78ft? 

3.8 A cone penetration test on a sandy soil with mean particle size of0.5 mm produced a q ,of80 
kg/cm2

• Compute the equivalent SPT N60-value. 

3.10 GEOPHYSICAL EXPLORATION 

Geophysics is the use of various principies of physics to discern geologic profiles and to 
measure certain properties ofthe ground. Many such techniques are available, such as: 
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• Inducing seisrnic waves and measuring their propagation 
• Assessing natural gravitational and magnetic fields and their variation across the 

surface of the earth 
• Passing electrical currents through the ground and measuring their propagation 
• Sending radar waves or other kinds of radiation into the ground and recording its 

transmission, absorption, or retlection 

Geophysical exploration rnethods were originally developed by rnining and petroleum 
geologists searching for valuable rninerals and oil deep below the earth's surface. They 
were able to distinguish between different geologic strata by observing their physical 
properties, and thus locate the most promising sites for rnining and oil drilling (Dobrin, 
1988). 

Later, geotechnical engineers and engineering geologists began to use sorne ofthese 
rnethods to assist in site characterization studies. Although geophysics is not nearly as 
precise as drilling borings and obtaining samples, it has the benefit of covering large areas 
at a srnall cost, and sornetirnes can locate features that rnight be rnissed by conventional 
borings. Geophysical rnethods also can be used as a first step in the exploration process, 
thus guiding the placement and depth of exploratory borings. 

The applicability of geophysical rnethods for geotechnical site characterization is 
fairly limited, and only a srnall fraction of practica! projects can benefit frorn thern. 
However, in certain circumstances they can be very valuable as a supplernent to, but not 
instead of, exploratory borings. 

Seismic Refraction 

The most common geophysical method among geotechnical engineers and engineering 
geologists is seismic refraction, which consists of sending seismic waves into the ground 
and measuring their arrival at various points. The waves can be generated by striking the 
ground with a heavy object, such as a sledge hammer, or by detonating a small explosive. 
The resulting waves are measured by geophones aligned in an array and connected to a 
seismograph, as shown in Figure 3.35. 

The wave velocity depends on the physical properties ofthe soil or rock, most notably 
its density, modulus of elasticity, porosity, and frequency of discontinuities. Dense, massive 
rocks, such as basalt, have high wave velocities; softer rocks, such as limestone are 
intermediate; and soils have very low velocities. Seismic refraction uses these differences 
to discem the subsurface profile. 

In Figure 3.35, various strata of soil are underlain by bedrock, and we wish to know 
the depth to this rock. To gather this information, we discharge a small explosive and record 
the wave arrivals at each ofthe geophones. Sorne waves travel through the soil and arrive 
at the various geophones. Simultaneously, other waves travel down to the rock, horizontally 
through it, and back up to the ground surface. Although this path is longer, the wave 
velocity through the rock is much faster, so at sorne distance from the wave source, the latter 
arrives before the former. By comparing the wave arrival times at each geophone, we can 
determine the depth to bedrock. 
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Bedrock Wa"·e Velochy = V2 > V1 

Figure 3.35 U se of seismic refraction to me asure the depth to a hard !ayer, such as 
bedrock. 

Chap.3 

Wave velocity data also can be used to evaluate the rippability (ease of excavation) 
of various soil and rock strata, as discussed in Chapter 6. Finally, geotechnical engineers 
use this and other dynamic data to analyze the propagation of earthquake motions through 
the ground, which is part of the process of predicting ground motions due to future 
earthquakes. 

3.11 SYNTHESIS ANO INTERPRETATION 

Cross-Sections 

Síte characterization programs often generate large amounts of informatíon that can be 
difficult to sort through and synthesize. In addition, this data is spread throughout three 
dimensions, so visualization can be difficult. 

One useful method of compiling subsurface data is to draw vertical cross-sections 
across the site, as shown in Figure 3.36. These sections are most easily developed when 
they intersect the borings, but additional borings slightly off the section al so can be used. 
Sorne interpretation is always required when developing cross-sections, since we do not 
know what conditions exist between the boríngs. Two perpendicular sections can help 
geotechnical engineers visualize the site in three dimensions. 

Sometimes cross-sections show only the subsurface conditions actually encountered 
in the exploratory borings, as in Figure 3.37. This method leaves the interpretation to the 
reader. 

One-Dimensional Design Profiles 

Although cross-sections are important tools for understanding subsurface variations across 
a site, many geotechnical analyses are based on ene-dimensional profiles. For example, the 
settlement analyses we will conduct in Chapters 11 and 12 are ene-dimensional and 
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compute the settlement at a point on the ground surface due to compression of the soils 
immediately below that point. If we need to know the settlement at other points, the 
analysis needs to be repeated as necessary. 
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Figure 3.36 Typical cross-section through a site. 
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Figure 3.37 Cross-section along a pipeline route (U.S. Bureau of Reclamation). 

A one-dimensional design profile is similar to a boring log in that it describes 
subsurface conditions as a function of depth, as shown in Figure 3.38. However, the profile 
u sed for design probably will be a compilation of severa} borings and not exactly like any 
one of them. If the subsurface conditions are fairly uniform across the site (at least by 
geotechnical engineering standards!), then we often use a single representative profile for 
design. 

The development of these design profiles requires a great deal of engineering 
judgement along with interpolation and extrapolation of the data. It is important to ha ve a 
feel for the approximate magnitude of the many uncertainties in this process and reflect 
them in an appropriate degree of conservatism. This judgement comes primarily with 
experience combined with a thorough understanding of the field and laboratory 
methodologies. 
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Figure 3.38 A typícal one.dimensional 
design soil proflle. 

Site Exploration and Characterization 

Geotechnical lnvestigation Reports 

Chap.3 

The final results of a site characterization program are usually presented in a geotechnical 
investigation report that includes copies of all boring logs, laboratory test results, cross
sections, etc., along with the engineer' s interpretations. These reports are virtually always 
prepared in the context of a specific project, and thus include geotechnical recommendations 
for design of foundations, slopes, retaining walls, and other features. For example, a report 
for a proposed building might have an outline similar to the following: 

Scope and Purpose 
Proposed Development 
Field Exploration 
Groundwater Monitoring 
Laboratory Testing 
Analysis of Subsurface Conditions 
Design Recommendations 

Grading 
Foundations 
Retaining walls 
Pavements 

Closure 
Appendix A - Boring Logs 
Appendix B - Laboratory Test Results 
Appendix C - Recommended Construction Specifications 
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3.12 ECONOMICS 

The si te investigatíon and soil testing phase of foundation engineering is the single largest 
source ofuncertainties. No matter how extensive it is, there is always sorne doubt whether 
the borings accurately portray the subsurface conditions, whether the samples are 
representative, and whether the tests are correctly measuring the soil properties. Engineers 
attempt to compensate for these uncertainties by applying factors of safety in our analyses. 
Unfortunately, this solution also increases construction costs. 

In an effort to reduce the necessary leve! of conservatism in the foundation design, the 
engineer may choose a more extensive investigation and testing program to better define the 
soils. The additional costs of such efforts will, to a point, result in decreased construction 
costs, as shown in Figure 3.39. However, at sorne point, this becomes a matter of 
diminishing retums, and eventually the incremental cost of additional investigation and 
testing does not produce an equal or larger reduction in construction costs. The mínimum 
on this curve represents the optimallevel of effort. 
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Figure 3.39 Cost-effectiveness of more extensive site characterization programs. 

W e al so must decide whether to conduct a Iarge number of moderately precise tests 
(such as the SPT) ora smaller number of more precise but expensive tests (such as the 
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PMT). Handy (1980) suggested the most cost-effective test is the one with a variability 
consistent with the variability of the soil profile. Thus, a few precise tests might be 
appropriate in a uniform soil deposit, but more data points, even ifthey are less precise, are 
more valuable in an erratic deposit. 

3.13 GEOTECHNICAL MONITORING DURING CONSTRUCTION 

One of the most important ways geotechnical engineers have to deal with the many 
uncertainties of site characterization is continued monitoring of subsurface conditions 
during construction. Often, new information becomes evident during construction, 
especially if the construction involves making excavations. For example, if a highway cut 
is to be made into a hillside, geotechnical engineers and engineering geologists base its 
design on exploratory borings as discussed in this chapter. Then, when the cut is actually 
made, we examine the newly exposed ground and compare it to the anticipated conditions. 
If new conditions were found, then the design may need to be changed accordingly. 

Another way of dealing with these uncertainties is to conduct full-scale tests in the 
field. For example, we have methods of predicting the load-bearing capacity of pite 
foundations, but often conduct full-scale load tests on pites to verify the computed capacity. 
Such tests involve installing a real pi le at the project site and loading it. These tests might 
be performed before construction, or more often at the beginning of construction. If the load 
test indicates capacities significantly different than those anticipated, then we modify the 
design, perhaps by adding new pites. 

A third way is to install geotechnical instrumentation into the ground. These are 
devices specifically designed to measure certain attributes in soil or rock. For example, an 
inclinometer is a geotechnical instrument that measures horizontal movements in the 
ground. We could install one or more inclinometers in a slow-moving landslide and use the 
resulting data to help assess the depth and direction of movement, and to judge the 
effectiveness of stabilization measures. 

These techniques of continuing the design process through the construction period are 
known as the observational method (Peck, 1969), and forro an important part of 
geotechnical engineering practice. They also represent a significant difference between 
geotechnical engineering and structural engineering. Structural engineers rarely, if ever, 
need to use these methods because they work with materials that are much more predictable 
and thus does not need such verification. 

SUMMARY 

Major Points 

l. An important difference between geotechnical practice and that of most other 
branches of engineering is that we must work with natural materials, not manufactured 
products. These materials, soil and rock, vary significantly from place to place, so 
each building site requires a site characterization program to define the subsurface 
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profile and relevant engineering properties. We then design our project based on the 
results of this program. 

2. The initial stages of a site characterization program typically consist of gathering 
published data, reviewing airphotos (if applicable), and conducting a field 
reconnaissancc. These tasks are in preparation for the subsurface exploration. 

3. Exploration of the subsurface conditions is generally the most important, and most 
expensive, component. This is usually accomplished by drilling exploratory borings 
and obtaining disturbed and undisturbed samples. Exploratory trenches and pits also 
can be useful at sorne sites. A wide variety of methods and tools is available, and the 
proper choice depends on the si te conditions, cost, and other factors. 

4. Geotechnical engineers divide soil and rock tests into two broad categories: ex-situ 
and in-situ. Ex-situ tests are conducted in the laboratory, and thus are subject to 
sample disturbance problems. In-situ tests are conducted in the field, but suffer from 
less control and less precision. Often we use both methods to take advantage of each 
one' s strengths. 

5. In sorne cases, geophysical methods, such as seismic refraction, can be used to assess 
subsurface conditions. However, these methods supplement conventional testing, but 
do not replace it. 

6. Once the site characterization data has been collected, geotechnical engineers 
synthesize it and present the findings and recommendations in a geotechnical 
investigation report. 

7. In well-managed projects, site characterization continues through construction, since 
further data often becomes available and may dictate changes in the design. 

Vocabulary 

aerial photographs 
Becker penetration test 
boring log 
bucket auger 
cavmg 
cone penetration test (CPT) 
coring 
dilatometer test (DMT) 
disturbed sample 
downhole logging 
drill rig 
drilling mud 

exploratory borings 
exploratory trenches 
ex-situ testing 
fence diagram 
field reconnaissance 
flight auger 
geophysical exploration 
geotechnical investigation 

report 
heavy-wall sampler 
hollow-stem auger 
in-situ testing 

pressuremeter test (PMT) 
remate sensing 
rock quality designation 

(RQD) 
seismic refraction 
Shelby tube sampler 
site characterization 
site exploration 
squeezing 
standard penetration test 

{SPT) 
subsurface exploration 
undisturbed sample 

COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

3.9 An engíneer ís planning to use a 24-inch díameter bucket auger similar to the one in Figure 3.7 
to drill several exploratory borings at a site adjacent to a lake. The underlying soils are 
probably soft clays and silts with N-values of less than 5. Is this a wíse choice? Why or why 
not? 



92 Site Exploration and Characterization Chap.3 

3.10 What type of soil sampling equipment would be most appropriate for the soils described in 
Problem 3.9? Why? 

3.11 A large compacted fill is to be placed on a site underlain by a 15m thick strata of saturated clay. 
The weight of this fill will cause the clay strata to consolidate, which will result in large 
settlements at the ground surface. Since these settlements would have an adverse effect on 
buildings and other improvements p1anned for this site, a settlement rate analysis, similar to 
those we will discuss in Chapter 12, is to be performed to estímate the time required for a 
certaín percentage of the settlement to be completed. 

A series of exploratory borings ha ve airead y been drilled at this site, samples have been 
recovered, and 1aboratory tests have been performed to evaluate the consolidation properties 
of the clay. However, to complete the settlement rate analysis, we need to know if thin 
horizonta\ sand seams are present in the clay, and the approximate spacing between these 
seams. If they exist at all, these seams are probably less than 100 mm thick. Although sorne 
of the undisturbed samp1es contained sand seams, more informatíon is needed. 

What kind of additional exploration would you do to determine whether or not more sand 
seams are present? Be sure to consider both technical feasibility and cost, and explain the 
reason for your choice. 

3.12 A leve! building pad is to be built at the site shown in Figure 3.40 by cutting and filling as 
shown. The final pad elevation is to be 215 ft. Then, a three-story steel-frame office building 
is to be built. 

Five exploratory borings have been drilled to determine the subsurface conditions. The 
logs from these borings were as follows: 

BORING 1 

Groundwater table depth = 44 ft 

Depth (ft) Soil or Rack Conditions 

o- 18 

18- 35 

35 -52 

52 - 55 

Sandy clay 

Clayey sand 

Silty sand 

Sandstone bedrock 

BORING2 

Groundwater table depth = 31 ft 

Depth (ft) Soil or Rack Conditions 

O - 28 Clayey sand 

28-36 

36- 39 

Silty sand 

Sandstone bedrock 

BORING3 

Groundwater table depth = 41 ft 

Depth (ft) Soil or Rack Conditions 

o- 34 

34-48 

48-52 

Clayey sand 

Silty sand 

Sandstone bedrock 

BORING4 

Groundwater table depth =40ft 

Depth (ft) Soil or Rack Conditions 

o- 33 

33-45 

45-47 

Clayey sand 

Silty sand 

Sandstone bedrock 

BORING5 

Groundwater table depth = 49 ft 

Depth (ft) Soil or Rock Conditions 

o- 17 

17-25 

25-42 

42-57 

57-60 

Clayey sand 

Silt 

Clayey sand 

Silty sand 

Sandstone bedrock 



Comprehensive Ouestions and Practice Problems 93 

Develop cross-sections along axes A-A ' and B-B' and indicate the soil profiles beneath the 
proposed building. The profiles should be similar to the one in Figure 3.36 and should include 
the exísting and proposed grades, the proposed building, strata boundaries, and the groundwater 
table. Do not use an exaggerated vertical scale. 
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Figure 3.40 Site plan for Problem 3.12. 
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4 
Soil Composition 

. . • in engineering practice, difficulties with soils are 
almost exclusive/y due not to the soils themselves but to 
the water contained in their voids. On a planet without 
any water there would be no needfor soil mechanics. 

Karl Terzaghi, 1939 

Once the soil and rack samples have been brought to the laboratory, we need to conduct 
appropriate tests to develop data for our analyses. Sorne of these tests measure familiar 
engineering properties, such as shear strength, while others focus on the sample's 
composition and structure. 

The composition of soil and rock is quite different from that of other civil engineering 
materials, such as steel, concrete, or wood. These differences include: 

94 

• Soil and rock are natural materials, not manufactured products. As such, their 
engineering properties vary significantly fram place to place and even across a single 
building si te. Although wood also is a natural product, it is sorted and graded before 
being used in construction. In general, we cannot sort soil or rack, and must 
accommodate whatever is present on our site. 

• Soil is a particulate material that consists of individual particles. It is not a 
continuous mass. Sorne rock strata, especially certain sedimentary rocks, also can be 
treated as particulates. Even rock that appears to be a continuous mass virtually 
always contains cracks and fissures that divide it into blocks. 

• Soil can contain all three phases of matter (sol id, liquid, and gas) simultaneously, and 
these three phases can be present in varying proportions. Rock also can contain all 
three phases, although the liquid and gas phases may be confined to the fissures. 
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This chapter discusses the methods we use to assess the composition of soils and the 
parameters we use to describe this composition. 

4.1 SOIL AS A PARTICULATE MATERIAL 

Most civil engineering materials consist of a continuous mass held together with molecular 
bonds, and the mechanical properties of such materials depend on their chemical makeup 
and on the nature of these bonds. For example, the shear strength of steel depends on the 
strength of the molecular bonds, and shear failure requires breaking them. In contrast, soil 
is a particulate material that consists of individual particles assembled together as shown in 
Figure 4.1. Its engineering properties depend largely on the interaction between these 
particles, and only secondarily on their intemal properties. This is especially true in 
gravels, sands, and silts. For example, when soils fail in shear, they do so because the 
particles begin to roll and slide past each other, not because the partid es break intemally. 
Breakage of individual particles is typically minimal. Thus, the shear strength depends on 
factors such as the coefficient of friction between the particles, the tightness of packing, and 
so on, rather than the chemical bonds inside the particles. 

Figure 4.1 Microphotograph of a medium sand at Sx magnification. 

Clays also ha ve a particulate structure, but the nature of the particles is quite different, 
as discussed later in this chapter. In clays, there is much more interaction between the 
particles and the pore water, so their behavior is more complex than that of other soils. 

4.2 THE THREE PHASES 

Soil also is different from most civil engineering materials in that it can simultaneously 
contain solid, liquid, and gas phases. The liquid and gas phases are contained in the voids 
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or pares between the so lid particles. In addition, the three phases often interact, and these 
interactions ha ve important effects on the soil' s behavior. 

The so lid phase is always present in soil, and usually consists of particles derived from 
rocks, as discussed in Chapter 2. It also can include organic material. 

The liquid phase is usually present, and most often consists of water. However, it also 
can include other materials, such as: 

• Gasoline or other chemicals that have leaked out of underground tanks or pi peJines, 
or infiltrated from the ground surface. The cleanup of such contaminants can be a 
significant problem, and has been the object of many "superfund" si tes identified by 
the Environmental Protection Agency. 

• Leachate that has escaped from a sanitary landfill . This leachate can contaminate 
groundwater, and make it unfit for drinking. 

• Sea water moving inland through the soil, which often occurs when wells are installed 
near the ocean to pump out fresh water for municipal purposes. 

• Natural petroleum seeps. 

Although these constituents usually representa small fraction of the liquids in a soil, 
they can be very important, especially if the groundwater is to be pumped and used for 
domestic purposes, but becomes contaminated. 

If the liquid phase does not completely fill the voids, then the remaining space is 
occupied by the gas phase. It is usually air, but can include other gasses, such as: 

• Methane (CHJ and carbon dioxide (C02) from the decomposition of organic 
materials. These gasses are often found near sanitary landfills and near highly organic 
natural soils. 

• Petroleum vapors from contaminated soils. 
• Hydrogen sulfide (H2S) from the decomposition of sulfur-bearing materials. It is 

sometimes found near sanitary landfills, sewage facilities, and coal deposits. 

Gasses other than air can be important because they sometimes pose safety hazards 
to workers in utility vaults, small excavations, mines, and other underground areas. Sorne, 
such as hydrogen sulfide, are poisonous, while others, such as methane, are flammable. For 
example, methane gas permeating up from the ground became trapped in a small room of 
a department store in Los Angeles. In 1985, this gas accidently ignited, creating an 
explosion that blew out the windows and collapsed part of the roof. Twenty-three people 
required hospital treatment as a result of the blast (Hamilton and Meehan, 1992). 

Even gasses that are neither toxic nor flammable can be dangerous because they 
displace oxygen, thus suffocating workers. This problem has caused injury and death, but 
can be avoided by using special detection equipment and providing adequate ventilation. 

Clearly, components other than water and air are very important. However, they 
generally represent only a small portion of the soil weight and volume. Therefore, for 
purposes of this chapter, we will simply refer to the liquid and gas phases as "pore water" 
and "pore air". 
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4.3 WEIGHT-VOLUME RELATIONSHIPS 

lt is hclpful to identify the relative proportions of solids, water, and air in a soil, because 
these proportions have a significant effect on its behavior. Therefore, geotechnical 
engineers ha ve developed quantitative methods of assessing these components. 

Phase Diagrams 

Phase diagrams, such as those shown in Figure 4.2, indicare the relative proportions of 
solids, water, and air in a soil. The dimensions on the left side of the diagram indicate the 
weight or mass of each component, while those on the right side indicate their volumes. 

Weight Volume Mass Volume 

11 
If 

) Aír 

Water 

Solíds 

¡n 11 A ir ¡n f _pv If 
Water _p v 

lJ Solids tJ 
Figure 4.2 Phase diagrams describe the relative proportions of solids, water, and 
air in a soil. One side presents weights or masses, while the other presents 
vol u mes. 

Definitions of Weight-Volume Paramet ers 

Geotechnical engineers have defined severa! weight-volume parameters based on the 
dimensions shown in the phase diagrarns. These parameters give important information on 
the composition of a particular soil, and form part of the basic language of soíl mechanics. 

M oisture Content and Degree of Saturation 

One of the most common soil pararneters is the moisture content, w (also known as the 
water content), which can be expressed either in terms of weight or mass: 

w 

w 

w 
______:: X l 00% 
ws 

M 
______:: X J 00% 
M 

.< 

(4.1) 

(4.2) 
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A small w indicates a dry soil, while a large w indicates a wet one. Values in the field 
are usually between 3 and 70%, but values greater than 100% are sometimes found in .soft 
.soils below the groundwater table, which simply means such soils have more water than 
solids. 

The definitions in Equations 4.1 and 4.2 are slightly different than one might expect, 
because the denominators are W, and M" not W and M. These are good formulas to 
memorize, but don't make the common mistake of using the wrong denominator. 

The moisture content can be easily measured in the laboratory by conducting a 
moisture content test (ASTM 02216) as follows: 

l. Obtain a small can to hold the soil sample and find its mass, M" 
2. Place a representative sample of the soil into the can and find the total mass, M 1• 
3. Place the soil and can into an oven with a constant temperature of 110 ± 5°C and 

leave it there until completely dry. This usually requires 12 to 16 hours. 
4. Determine the mass of the dry sample and can, M2• 

5. Compute the moisture content using: 

w 
M - M 1 2 

X 100% 
M-M 2 e 

(4.3) 

A similar parameter is the degree of saturation, S, which is the percentage of the voids 
filled with water: 

V 
S __.:': X 100% 

vv (4.4) 

This is similar to moisture content in that both are equal to zero when there is no 
water. However, S has a maximum value of 100%, which occurs when all of the voids are 
filled with water. We use the term saturated to describe this condition. Soils below the 
groundwater tableare generally saturated. Values of S above the groundwater tableare 
usually between S and 100%, although values approaching zero can be found in very arid 
areas. 

Capillary effects, discussed in Chapter 7, can draw water upward from the 
groundwater table, often producing soils with S = 100% well above the groundwater table. 
Therefore, do not use saturation computations to determine the location of the groundwater 
table. Instead, use observation wells as discussed in Section 3. 7. 

Unit Weight and Density 

Geotechnical engineers often need to know the unit weight, y: 
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(4.5) 

The unit weight of undisturbed soíl samples can easily be determined in the laboratory 
by measuring their physical dimensions and weighing them. This method produces reliable 
assessments of y for many soils. However, it is affected by sample disturbance, especially 
in sandy and gravelly soils. Sometimes unit weight measurements are made on supposedly 
"undisturbed" samples that in reality have significant disturbance. Such measurements are 
very misleading, so it is best to not even attempt unit weight measurements on poor quality 
samples. Table 4.1 presents typical ranges of y for various soils. 

TABLE 4o1 TYPICAL UNIT WEIGHTS. 

Typical Unit Weight, y 
Soil Type and 

Unified Soil Classification 
(See Section 5.3) 

SP- Poorly graded sand 

SW- Well graded sand 

SM - Silty sand 

SC - Clayey sand 
. ' ''' ... .. . 

Abo ve 
Groundwater Table 

... 

95 o 125 15.0 o 19.5 

95 o 135 15.0°21.0 

80- 135 12.5-21.0 

85- 130 13.5- 20.5 

ML : ~\V pljlstic~ty silt . ']'5 -110 < .Tl.5 -17.5 

.•. :.MH .••. ..•.•..... . ~-·· ··· ·_ H_.• __ • __ J_•~-•·.•.~t.:.: .•. •~-·Ias·······i·······tl···~.i.ty_•• ... si .. lt_H .4s ,i:lb lL5- 11.5 . . . . . . . . . . . . . . •.• : •.• :e " ; ~ : - : ~-~ ::; :_ :~ "-:"-:< ~-:-- .:; -:--: 

CL- Low plasticity clay 

CH - High plasticity clay 

80- 110 

80- 110 

12.5- 17.5 

12.5-17.5 

Below 
Groundwater Table 

..•.•...• -22.Q 

>us ~r$o ·>.·I9S..:2:M 

lZS •0 140 / 1~.5 di() .· 
······: ::.:·.:·.·;·;·.· ... --. 

-125·140 

120 o 135 

120- 145 

110- 140 

110- 135 

75- 130 

70- 125 

19.5-22.0 

19.0-21.0 

19.0- 23.0 

17.5- 22.0 

17.5- 21.0 

11.5- 20.5 

11.0-19.5 

Two variations of unit weight also are commonly used, the dry unir weight, y tJ and 
the unit weight ofwater, y w: 

(4.6) 
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(4.7) 

Nonnally we use y "' = 9.81 kN/m3 = 62.4 lbtfe for fresh water and Y,., = 10.1 kN/m3 = 
64.0 lb/ft3 for sea water. 

For soils below the groundwater table, sorne computations use the buoyant unit 
weight, yh: 

(4.8) 

We also can define similar parameters based on mass instead of weight. These 
beco me the density, p, dry density, p d' and density of water, p.,: 

~ 
L2J 

Design values of Pw = 1000 kg/m3 and 62.4lbm/ft3 for fresh water. 
Based on F = Ma, the unit weight and density are related by: 

y = pg 

where: 
g = acceleration dueto gravity = 9.81 m/s 2 = 32.2 ftls 2 

(4.9) 

(4.10) 

(4.11) 

(4.12) 

For most geotechnical computations, unit weight is more useful than density because 
we use it to compute stresses due to the weight of the soil. A notable exception is dynamic 
analyses that need to consider inertial effects that are best presented in terms of mass. 

Unfortunately, geotechnical engineers are often careless in our use of these terms. 
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Many of us use the tenn density when we really mean unit weight. This usage is technically 
incorrect, even though it is common in conversation, reports, and even in technical 
literature, and can be confusing. As a general rule, one can assume the speaker or writer 
really means unit weight unless the discussion involves a soil dynamics problem. In this 
book, we will avoid such confusion by always using the proper tenns. 

Specific Gravity of Solids 

The specific gravity of any material is the ratio of its density to that of water. In the case 
of soils, we compute it for the solid phase only, and express the results as the specific 
gravity of solids, G,: 

(4.13) 

(4.14) 

This is quite different from the specific gravity of the entire soil mass, which would include 
solid, water, and air. Therefore, do not make the common mistake of computing G, as y/yw! 

Tables 4.2 and 4.3list G, values for common soíl minerals. 

TABLE 4.2 SPECIFIC GRAVITY OF 
SELECTED NON-CLAY MINERALS 

Mineral G, 

Quartz 2.65 

Feldspar 2.54 -2.76 

Homblende 3.00 -3.50 

Mica 2.76- 3.20 

Calcite 2.71 

Hematite 5.20 

Limonite 3.6-4.0 

Gypsum 2.32 

Tale 2.70-2.80 

Olivene 3.27-4.50 

TABLE 4.3 SPECIFIC GRAVITY OF 
SELECTED CLAY MINERALS 

Mineral 

Kaolinite 

Montmorillonite 

Illite 

Chlorite 

G, 

2.62-2.66 

2.75 - 2.78 

2.60-2.86 

2.60-2.96 

Although a standard laboratory test is available to measure G ,(ASTM D854), it is usually 
not needed because nearly all real soils have 2.60 < G, < 2.80, which is a very narrow range. 
The additional precísion obtained by perforrning a test is generally not worth the expense. 
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For most practical problems, it is sufficient to estima te G ·' from the following list: 

• Clean, light colored sand of quartz and feldspar 
• Dark colored sand 
• Sand-silt-clay mixtures 
• Clay 

2.65 
2.72 
2.72 
2.65 

Nevertheless, sorne unusual soils have G, values well outside these limits. For 
example, the olivene sands in Hawaii have G, values as high as 4.50, while organic soils 
have low G, values, sometimes Jess than 2.0. 

Void Ratio and Porosity 

The relative volumes of voids and solids may be expressed using the void ratio, e: 

(4.15) 

Thus, densely packed soils have a low void ratio. Typical values in the field range from 0.1 
to2.5. 

The porosity, n, is a similar parameter: 

V 
n "' __:: x 100% 

V 

lt typically is between 9 and 70% and is related to e as follows: 

n _e_x 100% 
1 +e 

( 4.16) 

(4.17) 

Sometimes geotechnical engineers divide the porosity into two parts: the water porosity, 1\-· 
and the air porosity, n,: 

Vw X 100% 
V 

(4.18) 
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va 
n ~ - x 100% 
" V 

(4.19) 

Relative Density 

The relative density is a specia1 weight-volume parameter used in sandy and gravelly soils. 
It is defined as: 

where: 
D, = Relative density 

e = V o id ratio 

D, 

e"',."= Mínimum void ratio 
e'"= = Maximum void ratio 

X 100% (4.20) 

The values of emin and em= represent the soil in very dense and very loose conditions, 
respectively, and are determined by a standard laboratory test (ASTM 04253 and 04254). 
Thus, loose soils have low values of D,, while dense soils have high values. In theory, the 
lowest possible value of D, is 0% and the highest possible value is 100%. Thus, D, is often 
more useful than e because we can easily compare the field value to the Jowest and highest 
possible values. Table 4.4 presents a classification of soil consistency based on its relative 
density. 

TABLE 4.4 CONSISTENCY OF COARSE-GRAINED SOILS 
VARIOUS RELATIVE DENSITIES (Lambe and Whitman, 1969; 
Adapted by permission of John Wiley and Sons, lnc.)' 

Relative Density, D, Classification 
(%) 

o- 15 Very loose 

15- 35 Loo se 

35 - 65 Medium dense b 

65-85 Dense 

85 - 100 Very dense 

• Other classification systems ha ve been proposed by others that use 
these terms, but with different values for the corresponding relative 
densitíes. 
b Larnbe and Whitrnan used the term "medium," but "medium dense" 
is pmbably better because "medium" usually refers to the grain size 
distribution. 
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Another way to determine D, is by using empirical correlations with ín-sítu tests. 
These methods are often preferred, because ít ís so difficult to obtain sufficiently 
undisturbed samples to obtain a re1iable value of e in sandy soi1s. In addition, in-situ tests, 
especially the CPT, give a better representation of the variability of the soil strata, because 
coarse-grained soils ínevitably have sorne zones that are 1ooser and den ser than average. 

Equatíons 4.21 and 4.25 present correlations between D ,and the standard penetration 
test (SPT) and cone penetration test (CPT) resu1ts (Kulhawy and Mayne, 1990). The CPT 
correlation is probably more reliab1e than the SPT. 

Equations 4.21 and 4.25 include a couple ofparameters that have not yet been defined. 
The vertical effective stress, a,', is a measure of the compressive stress in the ground at the 
depth where the test data is being evaluated; the overconsolidation ratio (OCR) is a measure 
of the stress history in the soil; and D 50 ís the grain size at which 50 percent of the soil is 
finer. All of these will be defined and discussed in more detai1 1ater in this book. In the 
meantime, the required values will simply be given in any problem statements. 

CP = 60 + 25 log D50 

1.2 + 0.05 log( _t_) 
lOO 

[ 
q l 2000 lb/ft 

2 

D, = \ 315 Qc~CRO.I8 \ -~0-~-- X 100% 

D = ( q,. l ~ IOOkPa x lOO% 
r \ 315Qc0CR0·18 a~ 

(4.21) 

(4.22) 

(4.23) 

(4.24) 

(4.25 English) 

(4.25 SI) 
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where: 
(N1) 60 = corrected SPT N-value, as defined in Chapter 3 

e p = grain size correction factor 
CA= aging correction factor 

CaeR= overconsolidation correction factor 
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D 50 = grain size at which 50 percent of the soil is finer (mm) as defined in Section 
4.4 

t = age of soil (time since deposition in years). If no age information data is 
available, use t = 100 yr. 

OCR = overconsolidation ratio, as defined in Chapter 11. If no information is 
available to assess the OCR, use a value of 2. 

qc = cone resistance (kg/cm2 or ton/ft2
), as defined in Chapter 3 

Q, = compressibility factor 
= 0.91 for highly compressible sands 
= 1.00 for moderately compressible sands 
= 1.09 for slightly compressible sands 

For purposes of solving this formula, a sand with a high fines content ora 
high mica content is "highly compressib1e," whereas apure quartz sand is 
"slightly compressible." 

a/ = vertical effective stress (lb/ft2
; kPa), as defined in Chapter 1 O 

Many people confuse relative density with relative compaction. The latter is defined 
in Chapter 6. Although the names are similar, and they measure similar properties, these 
two parameters are numerically different. In addition, sorne people in other professions use 
the term "relative density" to describe what we call specific gravity! Geotechnical engineers 
should never use the term in this way. 

Table 4.5 presents typical values of e,,.. and e"''" for various sandy soils. These are not 
intended to be used in lieu of laboratory or in-situ tests, but cou1d be used to check test 
results or for preliminary analyses. 

TABLE 4.5 TYPICAL VALUES OF em,. AND em•x(Hough, 1969; Adapted by permission of John 
Wiley and Sons, lnc.) 

Soil Descriptíon e,""' (dense) e,= (loo se) 

Equal spheres (theoretical values) 0.35 0.92 

Clean, poorly graded medium sand (Ottawa, Illinoís) 0.50 0.80 

Clean, t1ne-to-medium sand 0.40 1.0 

Uniform inorganíc silt 0.40 1.1 

Silty sand 0.30 0.90 

Clean fine-to-coarse sand 0.20 0.95 

Micaceous sand 0.40 1.2 

Silty sand and gravel 0.14 0.85 
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Derived Equations 

By combining the definitions just described and the phase diagrams in Figure 4.2, we can 
derive a series of new weight-volume equations. For example: 

Let V,.= 1, as shown in Figure 4.3. 

vv 
e = gives V" "' e 

S 
vw vw S e ~X](}(}% gwes 
v. 

ww 
gives Ww "' Seyw Yw vw 

G, 
ws 

gives ws 
V, Y,. 

w 
w ... 
-xlOO% 

Sey.,. 
- - x lOO% 

ws GsYw 

Rewriting this equation gives: 

Weight 

T o A ir 

+ Se'lw Water 

S 
wG, 
--X 100% 

e 

Voluroe 

1 
Te 

Gs Yw( l) 

Se 
~X 100% 
Gs 

4-l + Figure 4.3 Phase diagraro G,'lw Solids 1 
t _i_ for derivation of S=wG ¡e. 

(4.26) 
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Derivations based on any other assumed value of V, would produce the same equation. 
Using similar derivations, we also can develop the following equations: 

1 + wG,JS 

w 
.< 

w 
l+w 

M 
M, ---

1 + w 

w ~ S [ y... - __!_ l X 100% 
Yd Gs 

S __ w __ xlOO% 

(4.27) 

(4.28) 

(4.29) 

(4.30) 

(4.31) 

(4.32) 

Foral! of these equations, parameters normally expressed as a percentage must be inserted 
in decimal form. For examp1e, a degree of saturation of 45% in Equation 4.28 would be 
expressed as 0.45 not 45. 
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Solving Weight-Volume Problems 

We oftcn encounter problems where onc or more of the weight-volume parameters is known 
and others need to be determined. For examp1e, sorne parameters, such as moisture content, 
can be measured in the 1aboratory, whi1e others, such as void ratio, cannot. Therefore, we 
need to have a means of computing them. 

Often we can perform these computations using the derived equations presented on 
pages 106 and 107. However, if this method does not work, we go back to fundamentals 
and so1ve the problem using a phase diagramas follows: 

l. Draw a phase diagram and annotate all of the dimensions presented in the problem 
statement. Remember to set w. =O. If the soil is saturated, we also can set v. =O. 

2. Sometimes no weights or volumes are given in the problem statement, or the only 
dimensions given are equal to zero (i.e., no air or no water). If this is the case, then 
the given data is applicable to the entire soil strata, regardless of the sample size. 
However, the phase diagram ana1ysis method requires that a certain quantity of soil 
be specified, and will not work unless we do so. Therefore, we must assume a 
quantity. Any one dimension may be assumed (but on1y one!) . Usually we assume 
V= 1 m3 or V= 1 te. 

3. Using Equations 4.1 through 4.33 and obvious addition and subtraction from the 
phase diagram (i.e., V, = V - V,- V,), determine all of the remaining dimensions. 

4. Compute the required parameters from these dimensions using Equations 4.1 through 
4.20. 

Example 4.1 

A 27.50 lb soil sample has a volume of 0.220 ft ~ a moisture content of 1 0.2%, and a specific 
gravity of solids of 2.65. Compute the unit weight, dry unit weight, degree of saturation, void 
ratio, and porosity. 

Solution using fundamental and derived eqnations 

w 27.50 lb 
y 

V 0.220 ft 3 

y =_Y_ 
d 1 + w 

125.0 lb/ft 3 

1 + 0.102 

125.0 lb/ft 3 

113.4 lb/ft] 

125 lb/ft 3 = Answer 

113 lb/ft 3 
- Answer 

S --~-·- X J00o/o ___ o_.t_0_2_~-x 100% =59% = Answer 
62.4 lb/ft 3 l 

113.4 lb/ft 3 2.65 
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(2.65) (62.41b/ft 3) - 1 = 0.4582 

113.41b/ft 3 
0.458 - Answer 

n = _e_x!OO% 
1 +e 

0.4582 x 100% = 31.4% ... Answer 
1 + 0.4582 

Solution using a phase diagram 

109 

Although the fundamental and derived equations were sufficient to solve this problem, and 
would be the easiest method, we also will illustrate a solution using a phase diagram. 

Step 1: Draw and annotate a phase diagram (see Figure 4.4). 

Weíght (lb) Volume (ft3) n .----Al------,, ~t82 1 

T" :¡.: ::::: :~: T 
Step 2: Assume dimension. 

Figure 4.4 Phase diagram 
for Example 4. 1. 

Not applicable to this problem, because weights and volumes ha ve been given. 

Step 3: Determine di mensions in phase diagram. 

w 
I +w 

27.50 lb = 24.95 lb 
1 + 0.102 

w.. w- w, = 27.50 lb- 24.95lb = 2.551b 

G, 

2.65 

w, 
V, Y,. 

24.95lb 

v, (62.41b/ft 3) 

v, = 0.1509ft 3 
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62.4lb/ft 3 

w,.. 
v ... 
2.551b 

v •. 
V.,. " 0.0409 ft 3 

v, = v-v,.-v, = o.220ft 3 -0.0409ft 3 - 0. J509ft 3 = o.o282ft 3 

Step 4: Compute parameters. 

y W 27·50 lb = 125 lb/ft 3 - Answer 
V 0. 220 ft 3 

n = Vv X IQO% = 0.0282 ft
3 

+ 0.0409 ft 
3 

X JOO% = 3 1.4 % 
V 0.220ft 3 

- Answer 

v, 
e = 

V, 
0.0409 ft 3 

... 0.0282 ft 
3 = 0.458 

0.1509 ft 3 
- Answer 

w 
Y,¡ = -i 24·951b = 113lb/ft 3 - Answer 

0.220 ft 3 

V 
S = ~ X 100% 

V,. 

Example 4.2 

0.0409 ft 3 
- ---- --X 100% = 59% 
O. 0409 ft 3 + O. 0282 ft 3 

A certain soil has the following properties: 
G, == 2.71 
n = 41.9% 
w = 21.3% 

Find the degree of saturation, S, and the unit weight, y. 

- Answer 
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Solution 

Although this problem could be sol ved using Equations 4.17 and 4.26-4.28, we will use the 
phase diagram method to illustrate Step 2 ofthe procedure described above. 

Step 1: Draw and annotate phase diagram (see Figure 4.5). 

Weight (kN) Volume (m3 ) 

nf---------IA;, ~ ,~, r 
18 72 3 29 Water ~ 1.000 

¡15;43 SoH~ u Figure 4.5 Phase diagram 
for Example 4.2. 

Step 2: Assume dimension. 

No weights or volumes were stated, so all of the given data applies to the entire soil 
strata. Therefore, we will develop a phase diagram for an assumed volume of 1 m ~ 

Step 3: Determine dimensions in phase diagram. 

V 
n = ____: x 100% 

V 
0.419 Vv = 0.419m 3 

V-V 
\" 

l.OOOm 3 -0.419 m 3 = 0.58Im 3 

ws 
V, Y.-

2.71 

w 
W =~"X 100% 

w, 

ws 15.44kN 

0.213 
15.44 kN 

w •. = 3.29kN 

W = W, + Ww 15.43 kN + 3.29 kN 18.73 kN 

Y., 9.81 kN/m 3 3.29kN v\1' = 0.335 m 3 
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Step 4: Compute parameters. 

vw 
S = -X 100% 

v. 

Example4.3 

y 
w 
V 

0.335 m 3 
_ _ .:..._::.ce..;_ ___ X 100% = 80.0 % 
0.335 m 3 + 0.084 m 3 

18.73 kN 

1m 3 
18.7 kN/m 3 

- Answer 

The standard method of measuring the specific ¡ 
gravity of solids (ASTM D854) uses a calibrated · 
glass flask known as a pycnometer, as shown in 
Figure 4.6. The pycnometer is first filled with water 
and set on a balance to find its mass. Then, it is 
refilled with a known mass of dry soil plus water so 
the total volume is the same as before. Again, its 
mass is determined. From this data, we can compute 

G,. 
Using this technique on a certain soil sample, 

we have obtained the following data: 

Mass of soil = 81.8 g 
Moisture content of soil = 11 .2% 
Mass of pycnometer+water = 327.12 g 
Mass of pycnometer+soil+water = 373.18 g 
Volume of pycnometer = 250.00 ml 

- Answer 

Compute G, for this soil. 
Figure 4.6 Use of a pycnometer to measure 
G, in the laboratory. 

Solution 

Mass (g) Volume (mi) Mass (g) Volume (mi) 

r+ Pycnometer 1+ Pycnometer 

327.12 t 1 ~ 373.18 222.50 Water 

l:t Water 
250.00 l ;,;,~ + 250.00 

_L Solids ±J 
(a) (b) 

Figure 4.7 Modified phase diagrams for Example 4.3. 
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(M)A Vpw (250.00 mi)( 1 g/ml) 250.00 g 

MP MA -(Mw)A 327.12g -250.00g = 77.12g 

G, 

M 

1 +w 

81.8 g 
= 73.56 g 

1 + 0.112 

(MJ8 373.18g-77.12g-73.56g 222.50 g 

222.50 g 
1 g/ml 

222.50 ml 

(V,)8 250.00 mi - 222.50 ml 27.50 ml 

73.56 g 2.67 - Answer 
(27.50 m1)(1 g/ml) 
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Note: A reallaboratory specific gravity test also considers various correction factors to account 
for the density of water as a funct ion of temperature and other variables. For simplicity. we 
have not considered these factors here. 

QUESTIONS ANO PRACTICE PROBLEMS 

4.1 A cube of moist soíl weighs 330 lb and has a volume of 3.00 ff. Its moisture content is 27.0% 
and the specific gravity of solids is 2. 72. Compute the void ratio, porosity, degree of saturation, 
and unit weight of this soil. 

4.2 A sample of soil is compacted into a 9.44xl04 m1 1aboratory mold. The mass of the compacted 
soil is 1.91 kg and its moisture content is 14.5%. Using a specific gravity of solids of 2.66, 
compute the degree of saturation, density (k g/ m) and unit weight (kN /m') of this compacted 
soil. 

4.3 A saturated soil has a moisture content of 38.0% and a specific gravity of solids of 2.73. 
Compute the void ratio, porosity and unit weight (lb/ft 3 or kN/m) of this soil. 
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4.4 A sample of clay was obtaincd from a point below the groundwater tab\e. A moisture content 
test on this sample produced the following data: 

Mass of can = l 0.88 g 
Mass of can+ moist soil = 116.02 g 
Mass of can+ dry soil = 85.34 g 

a. Compute the moisture content. 
b. Assume a reasonable value for G,, thcn compute the void ratio and unit weight. 

4.5 An undisturbed cylindrical soil sample is 60 mm in diameter and 152 mm long. It has a mass 
of 816 g. After finding the mass of the entire sample. a small portion was removed and a 
moisture content test was performed on it. The results of this test on the sub-sample were: 

Mass of can = 22.01 g 
Mass of can+ moist soil = 124.97 g 
Mass of can+ dry soil = 112.72 g 

Using G, = 2.70. compute w, yd, e, and S. 

4.6 A strata of clean. light-colored quartz sand located bclow the groundwater table has a moisture 
content uf 25.6%. The mínimum and maximum void ratios ofthis soil are 0.380 and 1.109. 
Select an appropriate value of G, for this soil, compute its relative density, and classify its 
consistency using Table 4.4. 

4. 7 A contractor needs 214 yd·' of aggregate base material for a highway construction project. 1t 
will be compacted to a dry unit weight of 130 lb/ft'. This material is available in a stockpile at 
a local material supply yard, but is sold by the ton, not by the cubic yard. The moisture content 
of the stockpile is 7.0%. 

a. How many tons of aggregate base material should the contractor purchase to have 
exactly the corree! volume of compacted material? 

b. The contractor purchased the material per thc computation in part a. and it exactly met 
the needs at the project site. An intense rainstorm occurred the following week, which 
delayed further construction and rah;ed the moisture content of the stockpile to 19.0%. 
Now, the contractor needs to prepare another idcntica\ section of aggrcgate base and is 
ordering thc same number of tons as before. How many cubic yards of compacted 
aggregate base will be produced from this second shipment? How will it compare with 
the first shipment? Explain. 

4.8 A cone penetration test has been conducted, and has measured a cone resistance of 85 kg/cm 2 

at a depth of 10 m. The vertical effective stress at this depth is 150 kPa, and the 
overconsolidation ratio is 2. The soils at this depth are quartz sands. Compute the relative 
density, and classify the soil using Table 4.4. 

4.9 A standard penetration test has been conducted at a depth of 15 ft in an 8-inch diameter 
exploratory boring using a USA-style safety hammer and a standard sampler. This test 
produced an uncorrected N-value of 12. The soil inside the samplerwas a fine-to-medium sand 
with D,0 = 0.6 mm. The vertical effective stress at this depth is 1\00 lb/fr. Adjust the N-value 
as described in Chapter 3, then compute the relative density and classify the soil using 
Table 4.4. 
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4.4 PARTICLE SIZE AND SHAPE 

The individual solid particles in a soil can have different sizes and shapes, and these 
characteristics also have a significant effect on its engineering behavior. Therefore, 
geotechnical engineers often assess particle size and shape. 

Particle Size Classification 

Several systems have been developed to classify soil particles based on their size. We will 
examine only one: the ASTM system, as described in Table 4.6. According to ASTM, 
particles Iarger than 3 in (75 mm) in diameter are known as rock fragments. Smaller 
particles are defined as soil, and are classified according their ability to pass through certain 
size sieves. A sieve is a carefully manufactured mesh of wires with a specified opening size, 
as shown in Figure 4.8. 

Figure 4.8 An 8-in 
(200 mm) diameter sieve 
used for soil testing. This 
one is a 1-inch sieve. Notice 
how the smaller pieces of 
grave! have passed through, 
while the larger pieces have 
no t. 

TABLE 4.6 ASTM PARTICLE SIZE CLASSIFICATION (Per ASTM 02487) 

Sieve Size 

Passes Retained on 

12 in 

3 in 3/4 in 

3/4 in #4 

#200 

Panicle Diameter 

(in) 

> 12 

0.75-3 

0.19-0.75 

<0.0029 

(mm) 

> 350 

75.0-350 

19.0 -75.0 

4.75- 19.0 

< 0.075 

Soil Classification 

Boulder 

Coarse grave! 

Fine grave) 

Soil 

Fines (silt +el ay) 
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Figures 4.9 and 4.1 O are photographs of samples from each category. Natural deposits often 
include a mixture of both rock fragments and soil. 

Laboratory Tests 

Although the distribution of particle sizes can often be estimated by eye, two laboratory tests 
are commonly used to provide more precise assessments: the sieve analysis and the 
hydrometer analysis. In this context, the word "analysis" means a laboratory test, not a 
series of computations. 

Boulder Cobble 

Figure 4.9 Boulders are particlcs largcr than 12 inches in diameter: Cobbles are particles between 3 and 12 inches in diameter. 

Sieve Analysis 

A sieve analysis is a laboratory test that measures the grain-size distribution of a soil by 
passing it through a series of sieves. The larger sieves are identified by their opening size. 
For example, a 3/4-inch sieve will barely pass a 3/4-inch diameter sphere. Smaller sieves 
are numbered, with the number indicating the openings per inch. For example, a #8 sieve 
has 8 openings per inch or 64 per square inch. However, the size of these openings is less 
than l/8 inch because of the width of the wire. Table 4.7 presents opening sizes for standard 
sieves used in North America. 
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Coarse Sand 

Coarse grave! 

Medium Sand 

Fine Sand 
Fine grave! 

Figure 4.10 Full-scale photos of coarse and fine grave!; coarse, medium, and fine sand. 
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TABLE 4.7 ASTM STANDARD SIEVES (per ASTM D4;,:2:.:;.2...;:;ac..;,n"-d..;:E-'-10;;.;0;.:.) ________ _ 

Sieve Opening Size Síeve Opening Size 
ldentifícation (in) (mm) Identification (in) (mm) 

3inch 3.00 76.2 #16 

2inch 2.00 50.8 #20 

1Yz inch 1.50 38.1 #30 

1 inch 1.00 25.4 #40 

3/4 inch 0.75 19.0 #SO 

3/8 inch 0.375 9.52 #60 

#4 0.187 4.75 #100 

#8 0.0929 2.36 #140 

#10 0.0787 2.00 #200 

Most people can just barely see 0. 1 mm diameter 
objects without using a magnifying glass, and this nearly 
corresponds to the #200 sieve. This diameter also represents 
the border between gritty and smooth textures. Thus, 
referring back to Table 4.6, sands and silts could be visually 
distinguished by looking at the particles (if you can see them, 
it's a sand) and by feeling for grittiness (if it feels gritty, it's 
a sand). Both are best done with wetted soil samples. 

The test (ASTM D422) consists of preparing a soil 
sample with known weight of solids, W~ and passing it 
through the sieves as shown in Figure 4.1 1. The sieves are 
arranged in order with the coarsest one on top. A pan is 
located below the finest sieve. The weight retained on each 
sieve is then expressed as a percentage of the total weight. 

The percentage passing the #200 sieve is especially 
noteworthy. Soils that have less than about 5 percent passing 
the #200 sieve are called "clean," while those that have more 
are called "dirty." For example, a clean sand is primarily 
sand, with less than 5 percent silt or clay. 

Hydrometar Analysis 

Although sieve analyses work very well for particles larger 
than the #200 sieve (sands and gravels) and they determine 
the total amount of fines, they do not give any insight on the 
distribution of finer particles (silts and clays). The smallest 
clay particles are only about lxl0-4 mm in diameter, which 
is about the same size as a smoke particle. 1t is impossible to 

0.0465 1.18 

0.0335 0.850 

0.0236 0.600 

0.0167 0.425 

0.0118 0.300 

0.00984 0.250 

0.00591 0.150 

0.00417 0.106 

0.00295 0.075 

Soíl samp1e (J!JI' 
( 

~3" 
Coarse grave!¡ e3/4" 

Fine grave1 ¡ e#4 
Coarse sand ¡ e#lü 

Medium sand ¡ e#40 
Fine sand ¡ 

~#200 
(•ilt&~:~{~ 

~Pan 

Figure 4.11 A series of sieves 
for conducting a sieve analysis. 
The sieve sizes used in a real test 
are different than those shown 
here. 
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manufacture sieves this small, so we need to use another technique: the hydrometer analysis. 
This procedure (ASTM 0422) consists of placing a soil sample with a known Wsinto a 1000 
mi graduated cylinder and filling it with water. The laboratory technician vigorously shakes 
the cylinder to place the soil in suspension, then places it upright on a table as shown in 
Figure 4.12. 

Once the cylinder has been set upright, the soil particles begin to settle to the bottom. 
We describe this downward motion using Stoke's Law: 

D2yw(Gs- GL) 
V ~ _.:.__.:.___:__-=--

where: 
v = velocity of settling soil particle 

D = particle diameter 
y w = unit weight of water 

18 T] 

G, = specific gravity of so lid particles 
GL = specific gravity of soil-water mixture 

T] = dynamic viscosity of soil-water mixture 

The velocity is proportional to the square of the 
particle diameter, so large particles settle much more 
quickly than small ones. In addition, we can determine 
the mass of solids still in suspension by measuring the 
specific gravity of the soil-water mixture, which is done 
using the hydrometer shown in Figure 4.12. Therefore, 
by making a series of specific gravity measurements, 
usually over a period of 24 hours, and employing 
Stoke's law, we can determine the distribution of 
particles sizes in the soil sample. 

The hydrometer analysis is unsuitable for particles 
larger than about a #lOO sieve because they settle more 
quickly than we can measure the specific gravity. 
However, by performing a sieve analysis, hydrometer 
analysis, or both, we can determine the distribution of 
particle sizes for virtually any soil. 

Grain Size Distribution Curves 

(4.34) 

Figure 4.12 Equipment used in a 
hydrometer analysis. Part of the 
hydrometer is protruding from the top 
of the fluid. 

Real soils rarely fall complete! y within only one of the categories listed in Table 4.6. They 
almost always contain a variety of particles sizes mixed together. Therefore, we need to 
have an effective means of presenting the distribution of particle sizes in a soil. That 
method is the grain-size distribution curve, such as those shown in Figure 4.13. These are 
plots of the grain diameter ( on a 1ogarithmic scale) vs. the percentage of the solids by weight 
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smaller than that diamcter. We call the Jatter "percent finer" or "percent passing," which 
generales mental images of that portian of the soil passing through a si e ve. 

90 

80 

E 4o 
u .... 
iiJ 

¡::... 30 

10 

FINES 

#200 #4 3" 

()~~~--~~~~~~~~~~~~~~~~~~~~~~~~~~ 

0.001 0.01 0. 1 
Grain size (mm) 

Figure 4.13 Graín síze dístribution curves for ti ve soils. 

10 100 

Curves on the left side of the diagram, such as soil A, indicate primarily fine-grained 
soils (silts and clays), while those on the right side, such as soil B, indicate coarse-grained 
soils (sands and gravels). Steep grain-size distribution curves, such as soil C, reflect soils 
with a narrow range of particle sizes. These are known as poorly-graded soils (or 
uniformly-graded soils). Conversely, soils with flat curves, such as soil O, contain a wide 
range of particle sizes and are known as well-graded soils. Figure 4.14 shows photographs 
of both types. Literature in the geological sciences often use the terms well-sorted and 
poorly-sorted, which have the opposite definitions: Well-sorted = poorly-graded, while 
poorly-sorted = well-graded. 

Sorne soils havc a nearly flat zone in their grain-size distribution curve, such as soil 
E. These are called gap-graded because they are missing particles in a certain size range. 
Gap-graded soils are sometimes considered a type of poorly graded soil. Aggregates used 
to make concrete are typically gap graded. 

We can determine the percentage of each type of soil by weight by comparing the 
percents passing the appropriate sieve sizes as listed in Table 4.6. For example, to 
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determine the amount of sand in a soil, subtract the percenlage passing the #200 sieve from 
the percentage passing the #4 sieve. 

Figure 4.14 A well gradcd soil, such as 
that shown above, has a wide rangc of 
particle sizes, in this case ranging from 
fine sand to coarse grave!. Converse! y, 
a poorly graded soil, such as the one on 
the left, has a narrow range of particle 
sizes. This particular soil is a poorly 
graded grave! that is commercially 
produced in rock crushing plants. It is 
called pea grave/, even though the 
particles are slightly larger than most 
peas. Both photographs are full-scale. 

A soils technician who once 
worked for the author apparently 
misunderstood the origin of the name 
pea grave!, because his notes always 
referred to it as pee grave!! 
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The particle diameters that correspond to certain percent-passing values for a given 
soil are known as the D-sizes. For example, D 10 is the grain size that corresponds to 10 
percent passing. In other words, 1 O percent of the soil is finer then D 10 • Two additional 
parameters, the coefficient ofuniformity, c., and the coefficient of curvature, (.,are based 
on the D-sizes: 

(4.35) 

(4.36) 

Steep curves, which reflect poorly graded soils, have low values of C "' while flat 
curves (well-graded soils) have high values. Soils with smooth curves have C < values 
between about 1 and 3, while irregular curves have higher or lower values. For example, 
most gap-graded soils ha ve a ce outside this range. 

Example4.4 

Determine the following for soil D in Figure 4. 13: 
• Percent gravel, sand, and fines 
• e" and ce 

Solution 

Percent finer data from grain size curve: 
#200 - 40% 
#40 -88% 
3 in - 100% 

Percentage of each type of soil: 
Grave!= 3 in- #4 = 100%- 88%"" 12% - Answer 
Sand = #4- #200 = 88%- 40% == 48% - Answer 
Fines= #200 = 40% = Answer 

D-sizes from grain-size curve 
D 10 = 0.0019 mm 
D 30 = 0.030 mm 
D00 =0.49 mm 
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Dfil e =
" DIO 

0.49 mm 

0.0019mm 
= 260 - Answer 

(0.030 mm)2 
_ ___,_.:..._;_;_---'-:--- = 0.97 
(0.0019 mm)(0.49 mm) 

= Answer 
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Note: This is an exceptionally Iarge value of C ,, which reflects the very flat grain-size curve. 
Most c. values are less than 20. 

Particle Shape 

The shape of silt, sand, and grave! particles varies from very angular to well rounded, as 
shown in Figure 4.15 (Youd, 1973). Angular particles are most often found near the rock 
from which they were fonned, while rounded particles are most often found farther away 
where the soil has experienced more abrasion. 

Angular particles have a greater shear strength than smooth ones because it is more 
difficult to make them slide past one another. This is why aggregate base material used 
beneath highway pavements is often made of rocks that have been passed through a rock 
crusher to create a very angular gravel. Clay particles ha ve an entirely different shape, and 
are discussed later in the next section. 

Sorne non-clay particles are much flatter than any of the samples shown here. One 
example is mica, which is plate-shaped. Although mica never represents a large portion of 
the total weight, even a small amount can affect a soil's behavior. Sands that include mica 
are known as micaceous sands. 

Figure 4.15 Classification of particle shape for silts, sands, and gravels. 

QUESTIONS ANO PRACTICE PROBLEMS 

4.10 Determine the percent grave), percent sand, and percent fines for soils A, B, and C in 
Figure 4.13. 
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4.11 Determine C. and C,. for soils A, B, and C in Figure 4.13. 

4.12 Plot the grain size distribution curves for each of the soíls descríbed below. All three curves 
should be on the same semilogarithmic diagram. 

% Passín~ b~ Wei~ht 

Sieve Number Lagoon Clay Beach Sand Weathered Tuff 
Beufort, SC Da~tona Beach, FL Central America 

3/4 in 100 lOO 100 

Y2 in 100 100 98 

#4 100 100 95 

#10 100 100 93 
#20 100 lOO 88 

#40 100 98 82 

#60 100 90 75 

#100 95 10 72 

#200 80 2 68 

Particle Diameter from 
Hydrometer Analysis (mm) 

0.045 61 · 66 
0.010 42 33 

0.005 37 21 
O.OOl ·27 

Data from Sowers (1979). 

4.13 Which of the soi\s in Problem 4.1 2 is most well graded? Why? 

4.14 The American Associatíon of State Highway and Transportation Officials (AASHTO) has 
defined grading requirement~ for soils to be used as base courses under pavements (AASHTO 
designation M 147). The requirements for grading Careas follows: 

Sieve Designation 

1 inch 

3/8 inch 

#4 

#10 

#40 

#200 

Percent Passing by Weight 

100 

so- 85 

35- 6S 

2S- so 
ts- 30 

S- lS 

An import soil is availab1e from a nearby borrow site , and it has a grain-size distribution as 
described by curve E in Figure 4. 13. Does this soil satisfy the AASHTO graín-size 
requírements for class e base material? 
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4.5 CLA Y SOILS 

Soils that consist of silt, sand, or grave! are primarily the result of physical and mild 
chemical weathering processes and retain much of the chernical structure of their parent 
rocks. However, this is not the case with clay soils because they have experienced extensive 
chemical weathering and have been changed into a new material quite different from the 
parent rocks. As a result, the engineering properties and behavior of clays also are quite 
different from other soils. 

Formation and Structure of Clay Minerals 

Severa! different chemical weathering processes form clay minerals which are the materials 
from which clays are made. We will examine one of these processes asan example. This 
process changes orthoclase feldspar, a mineral found in granite and many other rocks, into 
a clay mineral called kaolinite. The process begins when water acquires carbon dioxide as 
it falls through the atmosphere and seeps through soil, thus forming a weak carbonic acid 
(H2C03) solution. This acid reacts with orthoclase feldspar according to the following 
chemical formula (Goodman, 1993): 

4KA1Sip8 + 2H2C03 + 2Hz0 - 2~C03 + Al4(0H)8Si40 10 + 8Si02 

orthoclase + carbonic acid + water - potassium carbonate + kaolinite + silica 

Finally, the potassium carbonate and silica are carried off in solution by groundwater, 
ultimately to be deposited elsewhere, leaving kaolinite clay where orthoclase feldspar once 
existed. 

These various chemical weathering processes form sheet-like chemical structures. 
There are two types of sheets: tetrahedral or silica sheets consist of silicon and oxygen 
atoms; octahedral or alumina sheets have alurninum atoms and hydroxyls (OH). Sometimes 
octahedral sheets have magnesium atoms instead of aluminum, thus forming magnesia 
sheets. These sheets then combine in various ways to form dozens of different clay 
minerals, each with its own chemistry and structure. The three most common ones are: 

Kaolinite - Consists of altemating silica and alumina sheets, as shown in Figure 
4.16a. These sheets are held together with strong chernical bonds, so kaolinite is a 
very stable clay. Unlike most other clay minerals, kaolinite does not expand 
appreciably when wetted, so it is used to make pottery. It also is an important 
ingredient in paper, paint, and other products, including pharmaceuticals (i.e. , 
kaopectate). 

Montmorillonite (also called smectite)- Has layers made of two silica sheel<; and one 
alumina sheet, as shown in Figure 4.16b. The bonding between these Jayers is very 
weak, so large quantities of water can easily enter and separate them, thus causing the 
clay to swell. This property can be very troublesome or very useful, depending on the 
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situation. Problems with soil expansion include extensive distortions in structures, 
highways, and other civil engineering project~ (see discussion of expansive soils in 
Chapter 18). However, this expansive behavior and the low permeability of 
montmori\lonite can be useful for sealing borings or providing groundwater barriers. 
Bentonite, a type of montmorillonite, is commercially mined and sold for such 
purposes. 

Illite - Has layers similar to those in montmorillonite, but contains potassium ions 
between each layer, as shown in Figure 4.16c. The chemical bonds in this structure 
are stronger than those in montmorillonite but weaker than those in kaolinite, so illite 
expands slightly when wetted. Glacial clays in the Great Lakes regían are primarily 
illite. 

Other clay minerals include vermiculite, attapulgite, and chlorite. 

IAI 1 layers~~~ ~~F=--I fl _____._( 
exchangeable ) si e T 

catlOOS __:' ~: l Qr llffi 

);; ( 

/s; \. 

Kaoliníte Montmorillonite 

1 

Potassiurn 

ion___..§K 
Si T 
Al 0.96nm 
Si K t 
~-

~ 
Illite 

Figure 4.16 Structures of comrnon clay minerals: a) kaolinite consists of alternating silica and alumina sheets; 
b) montmorillonite consists of alumina sheets sandwiched between silica sheets. Water and ex.changeable catíons may be 
present between the sílica sheets; e) illite is similar to rnontmorillonite, but contains potassium ions between the silica 
sheets (Adapted from Holtz and Kovacs, 1981 ). 

Individual clay particles are extremely small (less than 21-1m (2xl0'6 m) in diameter). 
They cannot be seen with optical microscopes, and require an electron microscope for 
scientific study (see Figure 4.17). These images show how the shape of clay particles is 
substantially different from other soils. 

Properties of Clays 

Because of the small particle diameter and plate-like shape of clays, the surface area to mass 
ratio is much greater than in other soils This ratio is known as the specific surface. For 
example, montmorillonite has a specific surface of about 800 m 2/g, which means 3.5 g of 
this clay has a surface area equal to that of a football fíeldl 

The large specific surface of clays provides more contact area between particles, and 
thus more opportunity for various interparticle forces to develop. It also provides more 
places for water molecules to attach, thus givíng clays a much greater affinity for absorbing 
water. Sorne clays can easily absorb several times their dry weight in water. 
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Montmorillonite clays have the greatest specific surface, so it is no surprise that they have 
the greatest affinity for water. The interactions between this water and the clay minerals are 
quite complex, but the net effect is that the engineering properties vary as the moisture 
content varies. For example, the shear strength of a given clay at a moisture content of 50% 
will be less than ata moisture content of 10%. 

This behavior is quite different from that in sands, because their specific surface is 
much smaller and the particles are more inert. Other than changes in pressure within the 
pore water, which affect all soils and are discussed later in this book, variations in moisture 
content ha ve very little effect on the behavior of sands. 

Kaolinite lllite Chlorite 

Figure 4.17 Electron microscope images of kaolinite, illite, and chlorite clays. Note the sheet-like shapes, which are quite 
different from the spherically-shaped particles of coarser soils (Images courtesy of Dr. Ralph L. Kugler). 

Formation of Clay Soils 

On a slightly larger but still microscopic scale, clay minerals are assembled in various ways 
to form clay soils. These microscopic configurations are called the soilfabric, and depend 
largely on the history of formation and deposition. For example, a residual clay, which has 
weathered in-place and is still at its originallocation, will ha ve a fabric much different from 
a marine clay, which has been transported and deposited by sedimentation. 1 These 
differences are part of the reason such soils behave differently. 

Although we sometimes encounter soil strata that consist of nearly pure clay, most 
clays are rnixed with silts anci/or sands. Nevertheless, even a small percentage of clay 
significantly impacts the behavior of a soil. When the clay content exceeds about 50 
percent, the sand and silt particles are essentially floating in the clay, and ha ve very little 
effect on the engineering properties of the soil. 

1 See discussions of residual and marine soils in Chapter 2. 
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4.6 PLASTICITY ANO THE ATTERBERG LIMITS 

From the previous discussion, it is clear that silts and clays are two very different kinds of 
soils. Yet, the classification system described in Table 4.6 used the term "fmes" to describe 
everything that passes through a #200 sieve. It made no attempt to distinguish between silts 
and clays. Sorne classification systems draw the line between them based on particle size 
as determined from a hydrometer test, typically at 0.001 to 0.005 mm. Although such 
systems can be useful, they also can be misleading because the biggest difference between 
silt and clay is not their particle sizes, but their physical and chemical structures, as 
discu ssed earlier. 

It would be impractical to use electron microscopes or other sophisticated equipment 
to distinguish between clays and silts on a routine basis. lnstead, we do so by assessing a 
property called plasticity, which can be determined much more easily and inexpensively. 
In this context, the term plasticity describes the response of a soil to changes in moisture 
content. When adding water toa soil changes its consistency from hard and rigid to soft and 
pliable, the soil is said to be exhibiting plasticity. Clays can be very plastic and silts only 
slightly plastic, whereas clean sands and gravels do not exhibit any plasticity at all. This 
assessment can be made using visual-manual procedures, and with experience one can 
distinguish between clays and silt simply with the hands and a water bottle. More formal 
assessments of plasticity are performed in the laboratory using the Atterberg limits tests. 

The Atterberg Limits 

In 1911, the S wedish soil scientist Albert Atterberg ( 1846-1916) developed a series of tests 
to evaluate the relationship between moisture content and soil consistency (Atterberg, 1911; 
Blackall, 1952). Then, in the 1930s, Karl Terzaghi and Arthur Casagrande adapted these 
tests for civil engineering purposes, and they soon became a routine part of geotechnical 
engineering. This series includes three separate tests: the liquíd limit test, the plastic limit 
test, and the shrinkage limit test. Together they are known as the Atterberg limits tests 
(ASTM D 427 and D4318). 

The liquid limit and plastic limit tests are routinely performed in many soil mechanics 
laboratories. However, the shrinkage limit test is less useful, and is rarely performed by 
civil engineers. 

The Liquid Limit Test 

The liquid limit test uses the liquid limit device, a standard laboratory apparatus shown in 
Figure 4.18. A soil sample is placed in the device, anda groove is cut using a standard tool. 
The cup is then repeatedly dropped, and the number of drops required for the groove to 
close for a distance of one-half inch is recorded. The soil is then removed and ito; moisture 
content is determined. This test is then repeated at various moisture contents, producing a 
plot of number of drops vs. moisture content. 

By definition, the soil is said to be at its liquid limit when exactly 25 drops are 
required to closc the groove for a distance of one-half inch. The corresponding moisture 
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content is determined from the test data. The liquid limit, LL or w u is this moisture content 
expressed without a percentage sign. For example, if the moisture content is 45%, the liquid 
limit is 45. 

Figure 4.18 This device is 
used to perforrn the liquid 
limit test. The soil pat is in 
place and has been grooved 
with the grooving too) shown 
on the right. The next step is 
to begin tuming the crank, 
which wiJI repeatedly drop 
the cup. 

The Plastic Limit Test 

The plastic limit test procedure involves carefully rolling the soil sample into threads, as 
shown in Figure 4.19. As this rolling process continues, the thread becomes thinner and 
eventually breaks. If the soil is dry, it breaks at a large diameter. If it is wet, it breaks at a 
much smaller diameter. By definition, the soil is at the plastic limit when it breaks at a 
diameter of one-eighth of an inch (3 mm). The plastic limit, PL or w P• is this moisture 
content with the percent sign dropped. 

Figure 4.19 A plastic limit test is being 
perforrned on this soil sample. It has 
been rolled until it broke, which 
occurred ata diameter of 1/8 inch (see 
scale). Thus, by definition, this soil is at 
the plastic limit. The value of w L wiJI be 
deterrnined by perforrning a moisture 
content test. The scale is in inches. 

q 

4 
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Consistency and Plasticity Assessments Based on Atterberg Limits 

1'he A..tterber~ limits test results heliJ engineers assess the plasticity of a soil and its 
consistency at various moisture contents. Figure 4.20 shows the changes in these 
characteristics with changes in moisture content. 

Liquid State: Defonns easily; 
consistency of pea soup 
to soft butter 

Liquid Limit (wJ ----------- ------------, 

Plastic State: Defonns without cracking; 1 
consistency of soft butter 1 P 

Plastic Limit (wp) ---------~
0

~~f~~:Y ________ __l 

Shrinkage Limit 

Semisolid State:Deforms permanently, 
but cracks; consistency 
ofcheese 

Solid S tate: Breaks before it wi\l 
defonn; consistency of 
hard candy 

Figure 4.20 Consistency of fine-graíned soi ls at different moisture contents 
(Sowers, 1979). 

When the soil is at a moisture content between the liquid limit and the plastic Iimit, 
it is said to be in a p lastic state. It can be easily molded without cracking or breaking. The 
children's toy play-dough has a similar consistency. This property relates to the amount and 
type of clay in the soil. The plasticity index, PI or IP, is a measure of the range of moisture 
contents that encompass the plastic state: 

(4.37) 

Soils with a large clay content retain this plastic state over a wide range of moisture 
contents, and thus have a large plasticity index. The opposite is true of silty soils. Table 4.8 
describes soil characteristics at various ranges of plasticity index. Clean sands and gravels 
are considered to be nonplastic (NP). 

The liquidity index, IL, compares the current moisture content of a soil, w, to its 
Atterberg limits: 

(4.38) 
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Thus, a liquidity index of O means the soil is currently at the plastic limit, and 1 means it is 
at the liquid limit. 

TABLE 4.8 CHARACTERISTICS OF SOILS WITH DIFFERENT PLASTICITY IN DICES (Sowers, 1979) 
:<<>r - ·-: ->.:<:7::: ~ ::,' 

Plasticity Index, JP . . CJassificlltiriri : 

·:.··.::·:.;::::-:.::·::.·:.·,;:, :·:·:·.·.::·:·:·.:·:·:·: ;::.·: .. · . .. 

•· < Vis~~1rl~ual IdAAtificatiOJI. 
Dry Strength #:J.),cy SatnP~. · · 

.· -.·::·:::.::-:· :: :·:·_:·> < : ·: ~ .--· 

0-3 NonpÚIStic . Very low FaUs ~A~~. : 

3- 15 Slight Easily crushed .withfip~~ •·· 

15 - 30 Medium Difficult to crusb with fm#l"s 

........ .. 

>30 Highly plaslic( > High ~U, t()crush wíth fingers 

4. 7 STRUCTURED VS. UNSTRUCTURED SOILS 

E 
E 
o 
u 

i? 
ü 
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Many soils contain additional physical features beyond a "simple" particulate assemblage. 
These are known as structured soils and include the following: 

• Cemented soils contain cementing agents that bind the particles together. The most 
common cementing agents are calcium carbonate (CaCO;¡ and iron oxides (Fep3). 

Both are usually transmitted into the soil in solution within the groundwater. 
• Fissured soils contain discontinuities similar to fissures in rock. Stiff clays are 

especially likely to contain fissures. 
• Sensitive clays are those with a flocculated structure of clay particles that resemble a 

house of cards. These soils are very sensitive to disturbance, which destroys this 
delicate structure. The landslide in Figure 2.17 occurred in a sensitive clay. 

Unstructured soils are those that do not contain such special features. Most 
geotechnical analyses are based on unstructured soils, and thus often need to be modified 
when working with structured soils. 

4.8 ORGANIC SOILS 

Technically, any material that contains carbon is "organic." However, engineers and 
geologists use a more narrow definition when we apply the term to soils. An organic soil 
is one that contains a significant amount of organic material recently derived from plants 
or animals. It needs to be fresh enough to still be in the process of decomposition, and thus 
retains a distinctive texture, color, and odor. 

Sorne soils contain carbon, but are not recently derived from plants or animals and 
thus are not considered organic in this context. For example, sorne sands contain calcium 
carbonate (calcite), which arrived as a chemical precipitate. 
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The identification of organic soils is very important, because they are much weaker 
and more compressible than inorganic soils, and thus do not provide suitable support for 
most engineering projccts. lf such soils are present, we usually avoid them, excavate them, 
or drive piles through them to reach more suitable deposits. 

The term peat refers to a highly organic soil derived primarily from plant materials. 
It has a dark brown to black color, a spongy consistency, andan organic odor. Usually plant 
fibers are visible, but in the advanced stages of decomposition they may not be evident. 
Peat often occurs in bogs, whích are pits filled with organic material. Bogs are typically 
covered with a live growth of moss. Thoroughly decomposed peat is sometimes called 
muck, although this term also is used to describe waste soil, such as the cuttings from 
tunnels. Peat can be subjected to the samc processes that form sedimentary and 
metamorphic rocks, thus forming bituminous coa! and anthracite coa/, respectively. 

Swamps are larger than bogs and may contain a wider variety of materials. They are 
typically fed by slow streams or lakes. The Everglades in Aorida is a noteworthy example. 

Although many organic soil deposits create obvious topographic features such as 
swamps and bogs, others are buried underground, having been covered with inorganic 
alluvial soils. These often are difficult to detect, and can be the source of large differential 
settlements. For example, such buried deposits are present near the coast in Orange County, 
California, and have been the source of settlement problems. 

Organic deposits also may be mixed with inorganic soils, especially silts and clays, 
producing soils that are not as bad as peat, but worse than inorganic deposits. 

QUESTIONS AND PRACTICE PROBLEM S 

4,15 Borings for observation wells, such as the one shown in Figure 3.21, are normally sealed with 
an impervious cap near the ground surface. This cap prevents significant quantities of surface 
water from seeping into the well . For conveníence, manufacturers supply a pelletized clay that 
has been dried and formed into 10 mm diameter ba\1s. The driller then pours these balls into 
the boring and adds water. As the clay absorbs the water, it expands and seals the boring. What 
type of clay would be most appropriate for this purpose? Why? Would other clays produce less 
satisfactory results? Why'l 

4.16 A soil has a liquid limit of 61 anda plastic limit of 30. A moisture content test performed on 
an undisturbed sample of this soil yielded the following results: 

Mass of soi\ +can before placing in oven 
Mass of soil +can after removal from oven 
Mass of can 

Compute the following: 
a. The plasticity index 
b. The moisture content 
c. The liquidity index 

96.2 g 
71.9 g 
20.8 g 

Presenta qualitative description of this soil at its in-situ moisture content. 
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4.17 A soil has wP = 30 and wL = 80. Compute its plasticity index, then describe the probable clay 
content (i.e., small, moderate, high). 

4.18 A soil has w P = 22 and w L = 49. What moisture content corresponds to a liquidity index of 0.5? 

4.19 Compute the specific surface (expressed in m2/g) for a typical fine sand. State any assumptíons. 
and compare your computed value with that quoted for montmorillonite clay in Sectíon 4.5. 
Discuss the significance of these two numbers. 

SUMMARY 

Major Points 

l. Soil is a particulate material, so its engineering properties depend primarily on the 
interaction between these particles. This is especially true of gravels, sands, and silts. 
Clays also are particulates, but their behavior is much more complex because of the 
interaction between the particles and the pore water. 

2. Soil can include all three phases of matter simultaneously, and their relative 
proportions are importan t. Geotechnical engineers have developed a series of weight
volume parameters to describe these proportions. 

3. The distribution of particle sizes in a soil also is important, and this distribution can 
be determined by performing a sieve analysis and/or a hydrometer analysis. The 
results are presented as a grain-size distribution curve. 

4. The solid particles also ha ve various shapes, which impact their behavior. 
5. Clays are formed by chernical weathering processes. The individual particles are 

much smaller than sands or silts, and their engineering behavior is much more 
dependant on the moisture content. 

6. Clays and silts are often distinguished from each other by assessing their plasticity, 
which reflects their affinity for water. The Atterberg limits tests, especial! y the plastic 
limit and liquid limit, help us do this. 

7. Structured soils are those with special features, such a cementation, fissures, or 
flocculated structures. They behave differently from unstructured soils, which do not 
contain these features. 

8. Organic soils are those with a significant quantity of organic matter. Their 
engineering properties are much worse than those of inorganic soils. 

Vocabulary 

Atterberg lirnits 
bog 
boulder 
buoyant unit weight 
cemented soil 
el ay 
cobble 

degree of saturation 
density 
dry density 
dry unit weight 
fines 
fissured soil 
gap-graded soil 

grain-size distribution curve 
gravel 
hydrometer analysis 
illite 
kaolinite 
liquid limit 
liquidity index 
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moisture content 
montmorillonite 
mue k 
organic soil 
particulate material 
peat 
phase diagram 
plastic limit 
plasticity 

plasticity index 
poorly graded soil 
porosity 
pycnometer 
relative density 
sand 
sensitive clay 
shrinkage limit 
síeve analysis 
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silt 
specific gravíty of solíds 
structured soil 
unit weight 
unstructured soil 
void ratio 
weíght-volume parameter 
well-graded soil 

COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

4,20 A sand with G, = 2.66 and e = 0.60 is completely dry. l t then becomes wetted by a rising 
groundwater table. Compute the unit weight (lb/te or kN/m3

) under the following conditions: 
a. When the sand is complete! y dry 
b. When the sand is 40 percent saturated 
c. When the sand is completely saturated 

4.21 A soil initially has a degree of saturation of 95% and a unit weight of 129 lb/te. It is then 
placed in an oven and dried. After removal from the oven, its unit weight is 109 lb/ft3 • 

Compute the void ratio, poro~ity, initial moisture content, and specific gravity of the soil 
assuming its volume did not change during the drying process. 

4.22 A 1.20 m thick strata of sand has a void ratio of 1.81. A contractor passes a vibratory roller 
over this strata, which densifies it and reduces its void ratio to 1.23. Compute its new thickness. 

4,23 A 412 g samp le of silty s and with a moisture content of 11.2% has been placed on a #200 sieve. 
The sample was then "washed" on the sieve, forcing the minus #200 particles to pass through. 
The soil that remained on the sieve was then oven dried and found to ha ve a mass of 195 g. By 
visual inspection, it is obvious that al! of this soil is smaller than the #4 sieve. Compute the 
percent sand in the original sample. 

4.24 A standard penetration test has been performed on a soil, producing (N1)(f:l = 19. A sieve 
analysis was then performed on the sample obtained from the SPT sampler, producing curve 
C in Figure 4.13. Assuming this soil is about 150 years old and has OCR = 1.8, compute its 
relative density and classify its consistency. 

4.25 Develop a formula for relative density as a function of y d• y d h;• and y d-Io• where y d is the dry unit 
weight in the field, y d-hi is the dry unit weight that corresponds to e m,. and y d-Io is the dry unit 
weight that corresponds to emax · 

4.26 All masses for the specific gravity test described in Example 4.3 were determined using a 
balance with a precision of ±0.0 1 g. The volume of the pycnometer is accurate to within 
±0.5%, and the moisture content measurement is accurate to within ±2.0% (i.e., the real w could 
be as low as 11.0% oras high as 11.4%). Assuming al! measurement errors are random, 
determine the precision of the computed Gs value. 
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Hint: All errors are random, so the worst -case would be if non e of the errors were compensating 
(i.e., each measurement had the maximum possible error, and each contributed to making the 
computed G, farther from its true value). Thereforc, compute the highest possible value of G, 
that is consistent with the stated uncertainties, then compare it with the G , obtained in Example 
4.3. 

4.27 A 10,000 ft3 mass of saturated clay had a void ratio of 0.962 anda specífic gravity of solids of 
2.71. A fill was then placed over this clay, causing it to compress. This compression is called 
consolidation, a topic we will discuss in Chapters 11 and 12. During this process, sorne of the 
water was squeezed out ofthe voids. However, the volume ofthe solids remained unchanged. 
After the consolidation was complete, the void ratio had become 0.758. 

a. Compute the initial and final moisture content of the clay. 
b. Compute the new volume of the clay. 
c. Compute the volume of water squeezed out of the clay. 

4.28 What are the three most common clay minerals? Which one usually causes the most problems 
forgeotechnical engineers? Why? 



5 
Soil Classification 

Chinese legends record a classification of soils 
according to color and structure which was made by 
the engineer Yu during the reign of Emperor Yao, 
about 4000 years ago. 

This is the earliest known soil classification system 
(Thorp, 1936) 

Thus far we have studied several ways of categorizing soíl, such as by its geologic origin, 
mineralogy, grain size, plasticity index, and so on. Each of these methods is useful in the 
proper context, but a more comprehensive system is needed to better classify soils for 
engineering purposes. These systems need to focus on the characteristics that affect their 
engineering behavior, and must be standardized so everyone "speaks the same language." 
This way, engineers can communicate using terms that clearly describe the soíl, while still 
being concise. 

Many such soil classification systems have been developed, usually based on the 
grain-size distribution and the Atterberg limits. They often are supplemented by 
non-standardized classifications of other properties, such as consistency and cementation. 

5.1 USDA SOIL CLASSIFICATION SYSTEM 

The United States Department of Agriculture (USDA) soil classification system (Soil 
Survey Staff, 1975) is used in soil survey reports and other agricultural documents. 

136 
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Although this system differs from those used by gcotechnical engineers, we must understand 
it to interpret their reports, as discussed in Section 3.2. 

The first step in using this system is to determine the percentage by dry weight of each 
constituent, as follows: 

• Coarse fragments 
• Sand 
• Silt 
• Clay 

(> 2.0 mm) 
(0.05 - 2.0 mm) 
(0.002 - 0.05 mm) 
(< 0.002 mm) 

Note that these divisions do not correspond to those defined by ASTM (Table 4.6), and that 
clays and silts are distinguished by particle size, not Atterberg limits. Since this system is 
based entirely on particle size, it is a type of textura! classificarion system. 

Next, find the total weight of sand+silt+clay (do not include coarse fragments in the 
total!) and convert each weight to a percentage of this total. Then, using the triangle in 
Figure 5.1, find the soil classification. 

Percent sand 

Figure 5.1 USDA soil classification triangle. There are three sets of lines in this 
diagram: The percent clay is represcnted by a series of horizontal lines, silt by lines 
inclíned from upper right to lower left, and sand by lines inclined from lower right to 
upper left. For example, Point A represents 60 percent clay, 30 percent silt, and 10 
percent san d. To classify a soil using this diagram, determine the percentages of clay, 
silt, and sand, and trace the appropriate lines untii they meet. 
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If coarse fragments constitute more than 15 to 20 percent of the entire sample, then 
add one of the following terms to the classiftcation obtained from the triangle: 

Channery: Fragments of thin, flat sandstone, limestone, or schist up to 6 inches 

Cherty: 
along the longer axis. 
Angular fragments that are less than 3 inches in diameter, at least 75 
percent of which are chert (a sedimentary rock that occurs as nodules in 
limestone and shale). 

Cobbly: Rounded or partially rounded fragments of rock ranging from 3 to 10 

Flaggy: 
inches in diameter. 
Relatively thin fragments 6 to 15 inches long of sandstone, limestone, 
slate, shale, or schist. 

Gravelly: Rounded or angular fragments, not prorninently flattened, up to 3 inches 
in diameter, with less than 75 percent chert. 

Shaly: Flattened fragments of shale less than 6 inches along the longer axis. 
Fragments of si ate less than 6 inches along the longer axis. Slaty: 

Stony: Rock fragments larger than 10 inches in diameter if rounded, or longer 
than 15 inches along the longer axis if flat. 

Example 5.1 

Sieve and hydrometer analyses ha ve been performed on a soil sample, and the results of these 
tests are shown as curve A in Figure 5.2. Determine its USDA classification. 

Solution 

From the grain-size distributíon curve: 

Particle Size (mm) Percent Finer 
2.0 92% 
0.05 SO% 
0.002 20% 

Coarse fragments = 100-92 = 8% 
Sand = 92% - SO% = 42% 
Silt = SO% - 20% = 30% 
Clay =20% 

Adjust percentages as a total of sand+silt+clay 
Sand = 42 (100/92) = 46% 
Silt = 30 (100/92) = 33% 
Clay = 20 ( 100/92) = 22% 

Using Figure S.l , this soil plots as a LOAM = Answer 
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Figure 5.2 Grain-size distribution curves. 

5.2 AASHTO SOIL CLASSIFICATION SYSTEM 

Terzaghi and Hogentogler developed one of the first engineering classification systems in 
1928. It was intended specifically for use in highway construction, and still survives as the 
American Association of State Highway and Transportation Officials (AASHTO) system 
(AASHTO, 1993). It rates soils according to their suitability for support of roadway 
pavements, and continues to be widely used on such projects. 

The AASHTO system uses both grain-size distribution and Atterberg limits data to 
assign a group classification and a group index to the soil. The group classification ranges 
from A-1 (best soils) to A-8 (worst soils). Group index values near O indicate good soils, 
while values of 20 or more indicate very poor soils. However, it is important to remember 
that a soil that is "good" for use as a highway subgrade might be "very poor" for sorne other 
purpose. 

This system considers only that portian of the soil that passes through a 3-inch sieve. 
lf any plus 3-inch material is present, its percentage by weight should be recorded and noted 
with the classification. 

Use Table 5.1 to determine the group classification. Begin on the left side with A-1-a 
soils and check each of the criteria. If all have been met, then this is the group 
classification. If any criterion is not met, step to the right and repeat the process, continuing 
until all the criteria have been satisfied. Do not begin at the middle of the chart. 
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TABLE 51 AASHTO SOIL CLASSIFICATION SYSTEM (AASHTO 1993) 
' -

Sílt-Clay Materials 
General Granular Materials (more than 3 5 percent Highly 

Classi ficatíon (35 perccnt or less passing No. 200 sicve) ' passing Organic 
No. 200 sieve) 

A-1 A-2 A-7 

Group Classitication 
A-1-a A-l-b A-3 A-2-4 A-2-5 A-2-6 A-2-7 A-4 A-5 A-6 

A-7-5 A-8 

A-7-6 

Sieve analysis 
percent passing: 

#lO ~ 50 

#40 5 30 S 50 2 51 
#200 S 15 s25 S 10 S 35 s 35 $ 35 $ 35 2 36 2 36 ~ 36 ¿ 36 

Characterist ics of b 

fraction passing #40: 
Liquid limit S 40 ~ 41 S 40 2 41 S 40 2 41 S 40 " 41 
Plastícity indcx S 6 NP" S ]Q ~ 10 ~ 11 ;o- 11 S 10 S 10 ;, 11 2 11 

Usualtypes of 
Stone 

significan! 
fragments; Fine 

Silty or clayey gravel and sand Sitty soils Clayey soíts Peat or 
grave! and sand muck 

constituent materials 
sand 

General rating as 
Excellcnt to good Fair to poor 

Un-
subgrade suirable 

' NP indicates the soil is non-plastic (i.e., it has no clay) 
h The plasticity index of A-7-5 soils is s liquid limit- 30. For A-7-6 soi1s, it is > than the liquid limit- 30 

The placement of A-3 bcfore A-2 is necessary for the "left-to-right elimination process" and does not indicatc superiority 
of A-3 over A-2 

Compute the group index using Equation 5.1: 

Group Index (F-35)[0.2 + 0.005(wL -40)] + O.Ol(F- 15)(/p- 10) 

where: 
F =fines content (portian passing #200 sieve), expressed as a percentage 

wL = liquid limit 
lp = plasticity index 

{5.1) 

When evaluating the group index for A-2-6 or A-2-7 soils, use only the second term 
in Equation 5.1. For all soils, express the group indexas a whole number. Computed group 
index values of less than zero should be reported as zero. 

Finally, express the AASHTO soil classification as the group classification followed 
by the group index in parentheses. For example, a soil with a group classification of A-4 
anda group index of 20 would be reported as A-4(20). 
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Example 5.2 

The natural soils along a proposed highway alignment have a grain-size distribution as 
described by curve A in Figure 5.2, a Jiquid lirnitof 44, anda plastic limit of21. Determine the 
AASHTO soil classification and rate its suitability for pavement support. 

Solution 

Referring to the sieve sizes in Table 4.7: 
Passing #10 sieve (2.00 mm)= 92% 
Passing #40 sieve (0.425 mm)= 74% 
Passing #200 sieve (0.075 mm) = 54% 

e onsider group classifications from left to right: 

A-1-a through A-2-7: No (>35% passing #200) 
No (liquid limit too high) A-4: 

A-5: 
A-6: 
A-7: 

No (plasticity index too high) 
No (liquid Iirnit too high) 
Y es (all criteria met) 

IP > w1. - 30, so group classification is A-7-6 (per footnote b on Table 5.1) 

Compute group index: 

Group Index = (F- 35)[0.2 + 0.005(wL- 40)] + 0.01 (F- l5)(IP- 10) 

Final result: 

= (54 - 35)[0.2 .. 0.005 (44 - 40)] + 0.01 (54 - 15) (23 - 10) 
= 9 

A-7·6 (9), which wou1d make a poor subgrade ...... Answer 

5.3 UNIFIED SOIL CLASSIFICATION SYSTEM (USCSt 

Arthur Casagrande developed a new engineering soil dassification system for the United 
States Anny during World War 11 (Casagrande, 1948). Since then, it has been updated and 
is now standardized in ASTM D2487 as the Unified Soil Classijication System (USCS). 
Unlike the AASHTO system, the USCS is not limited to any particular kind of project; it 
is an all-purpose system and has become the most common soil classification system among 
geotechnical engineers. 

In its original form, the classification consisted only of a two- or four-letter group 
symbol. Later, the system was enhanced by the addition of severa] group names for each 
group symbol. For example, a typical USCS classification would be: 
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SM- Silty sand with grave! 

where "SM" is the group symbol and "Silty sand with grave!" is the group name. 
The position of a soil type in the group name indicates it relative importance, as 

follows: 

Noun"" Primary component 
Adjective = Secondary component (or further explanation of primary component) 
"with ... " = Tertiary component 

For example, a clayey sand with grave[ has sand as the most important component, clay as 
the second most important, and grave! as the third most important. If very little of a soil 
type is present, then it is not included in the group name at all. For example, a clayey sand 
is similar to the soil just described, except it has less than 15 percent grave!. 

lnitial Classification 

To use the Unified Soil Classification System, begin with an initial classification as follows: 

l. Determine if the soil is highly organic. Such soils ha ve the following characteristics: 

• Composed primarily of organic material 
• Dark brown, dark gray, or black color 
• Organic odor, especially when wet, and 
• Soft consistency 

In addition, fibrous material (remnants of stems, leaves, roots, etc) is often evident. 
If the soil does not ha ve these characteristics (and the vast majority do not), then 

go to Step 2. However, if it does, then classify itas follows: 

Group symbol Pt 
Group name Peat 

This completes the unified classification for highly organic soils. These soils are very 
problematic because of their high compressibility and low strength, so the group 
symbol Pt on a boring log is a red flag to geotechnical engineers. 

2. Conduct a sieve analysis to determine the grain-size distribution curve. For an 
informal classification, a grain-size distribution curve based on a visual inspection 
may suffice. 

3. Based on the grain-size distribution curve, determine the percent by weight passing 
the 3-inch, #4, and #200 sieves, then compute the percentage by weight of gravel, 
sand, and fines using the definitions in Table 4.6. 

4. If 100 percent of the sample passes the 3-inch sieve, go to Step 5. If not, ba'>e the 
classification on the part that passes this sieve (usually called the "minus 3-inch 
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fraction"). To do so, adjust the percentages of grave!, sand, and fines using a 
procedure similar to that in Example 5.1. Then, perform the classification based on 
these modified percentages, and note the percentage of cobbles ami/or boulders and 
the maximum particle size with the final classification. For example, if 20 percent of 
the soil is cobbles, sorne as large as 8 inches, the uses classification (after going 
through the rest of the procedure) might be: 

SW- Well-graded sand with grave! and 20% cobbles, max 8 inches 

5. lf 5 percent or more of the soil passes the #200 sieve, then conduct Atterberg limits 
tests to determine the liquid and plastic limits. 

6. If the soil is fine-grained (i.e. , ~ 50 percent passes the #200 sieve), follow the 
directions for fine-grained soils. lf the soil is coarse-grained (i.e., <SO percent passes 
the #200 sieve), follow the directions for coarse-grained soils. 

Classification of Fine-Grained Soils 

Fine-grained soils are those that ha ve at least 50 percent passing the #200 sieve. Thus, these 
soils are primarily silt and/or clay. Casagrande developed the plasticity chart in Figure 5.3 
to assist in the classification of these soils. This chart uses the Atterberg limits to 
distinguish between clays and silts. Although most fine-grained soils contain both clay and 
silt, and possibly sand and grave! as well, those that plot above the A-lineare classified as 
clays, while those below this Iine are silts. 

60 

50 

._,<::.. 
40 ><. 

~ 
.5 
e 
:g 

30 ., 
o;! 

e:: 20 

10 
7 
4 
o 

o 10 16 20 30 40 50 60 70 

Liquid Limit, wr 

80 90 100 

1 
1 

110 

Figure 5.3 Plasticity chart (ASTM 02487). The "A-Iine" separates silts from clays, while the "U-line" 
represents the uppcr limit of recorded test results. Data that plot ahovc thc U-lineare probably in error. Note 
how the vertical axis is the plasticity index, no\ the plastic limit. Soils idcntificd as "non-plastic" (NP) are 
classified as ML. 
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We use the plasticity chart to determine the group symbol for fine-grained soils. It 
usually consists of two letters, which are interpreted as follows: 

First Letter Second Letter 
M Predominantly silt1 L Low plasticity 
C Predominantly clay H High plasticity 
O Organic 

CL soils are known as lean clays, while CH soils arefat clays. The corresponding 
terms for ML and MH soils are silt and elastic silt, respectively, even though the 
stress-strain behavior of MH soils is no more e las tic than any other soíl. 

In this context, an organic soil is one that has a noteworthy percentage of organic 
matter, yet consists primarily of inorganic material. This differs from a highly organic soil, 
as described earlier (group symbol Pt), which contains much more organic material. With 
experience, one can usually determine whether a fine-grained soil is inorganic (M or C) or 
organic (0) by visual inspection. Altematively, we could perform two liquid limit tests, one 
on an unmodified sample from the field, and another on a sample that is first oven-dried. 
The drying process alters any organics that might be present, and thus changes the liquid 
limit. If the liquid limit after oven drying is less than 75 percent of the original value, then 
the soil ís considered to be organic. If not, then it is inorganic. 

To classify inorganic fine-grained soils, use the flow chart in Figure 5.4 and the 
plasticity chart in Figure 5.3. For organic fine-grained soils, use Figures 5.5 and 5.3. 

Example 5.3 

Classify the ínorganic soil from Example 5.2 using the Unified Soil Classificatíon System. 

Solution 

lnitial classification 
100% passes 3-inch sieve, so no adjustments are necessary 
;> 50% passes #200 sieve, so the soil is fine-grained 

Classification of fine-grained soil 
Soil is inorganic, so use Figure 5 .4 

Liquid limit < 50 
Plots as CL on Figure 5.3 
< 70% passes #200 
% sand = #4--#200 = 97% - 54% = 43% 
% gravel = 3-in-#4 = 100%-97% = 3% 
% sand > % gravel 
< 15% gravel 
Group name = Sandy lean el ay 

Final result: CL- Sandy lean clay .- Answer 

' Mis the first letter in mo and mjala , the Swedísh words for silt and flour. 



Liquid limil < 50 

Begin 

Liquid lim it ~ 50 

Group Symbol 
(Per Figure 5.3) 

Group Name 

~ 2: R:5% pass ~200 Lun clay 

< 
~ 1~1~ pa~~ #200 ~ 70- M41}í pass 11200 ~ •;g sand ~% gravel ~ Lean c:biy witb sand 

~ % sand ..: ~ ~/~ gr01vel ~ Lean c:lay wíth 2ravel 

CL <% !\and ~ % graveJ ~ < IS%gravcl ~ Saadylean clay 

50- 69~1A pass #2{)0 ~ ~ 15%, grave! ~ Sand~· tean day witb gravel 

% sand <.:% grnvcl ~ < 15•1; =-and GraveUy lean day 

~ ~ 15% ~and Gravelly lt:an clay with sand 

......-4' ~ H5% pass #200 Silt}' da~' 

< '< 70% p~« #200 ~ 70 - !\4% P~" #200 ~% 'Ond. 2: !~ gJi"l\cl ~ Silty da y whh sand 

~ % sand <% gravcl ------. SUty cla)' wtlh gravel 

CL-ML < % ~and ~ %gravd ~ < 1.5% grave! ~ Sandy silt)· day 
50 - 69% pass #200 --..._. 2: LS% grave l ~ Sandy sílty da y with grnel 

% !'iartd <% gra\' r:l ~ < 15% ..and Granlly roilt)' da y 

--......_. :<:! 15% sand Gravelly !!ilt}' da~· with sand 

---" ~ 85% pass ~200 Silt 

< 
2: 70~-'o pass #200 ~ 70- 84'% pass #200 ~% sa nd ~ ~¡, gravel ~ Si1t with sand 

--......_. % sand ..:. ~/g grave:!______. Sllt "'ith gran] 

ML < % sand ~ % grnvd ~ < 15"/o grave! Sandy sill 

50- 69% pass #200 . _ ~ 2 15% grave! Sand)' silf wUh gravcl 

~-'il s.índ <~/o gravd ~ < 1 S% ~nd Gravelt}' sUI 

~ 2' LS% .s<lnd Gr;~veUy silt with sand 

~ 2" ~5% pa<;s #200 Fat clay 

< ~ 711% pass #200 ~ 70 + !H%. pa~s #200 ~% sand ~"lo grave! ~ Fat clay with sand 

~ ~1a !>and -<% gravd ~ Fat rlay wilh grutJ 

CH < ~/~sand <:!: %gravcl ~ < 15%gravel Sand~· ratc:lay 

< 
~O- 69% pa~s #200 --.._. ~ 15~{. gravcl Sand,_· fat day with gravt"l 

% ~nd <% grnvel ~ < 1 ~% sand Gravell)' fat da y 

~ ~ 15% 5and Gnvcll,_· fat clay with sand 

~ H5"/o pruos ,_200 EJastlc: ~U1 

< 
~ 70% p. as.~ #200 ...:::::! 70- 84-Dit~- pass #2{)0 ~% ~and 2:% grave!~ Ela stic sllt wlth s•nd 

~ % sand <% gravel _.____. F.lastlc: illt ,..·lth ann•l 

MH < o/., sand ~ % gcavcl ~ < 15,.-u gravd Sandy cla~tk "UI 

51} + 69% pass #200 ~ 2" 15% gm...-d Sandy tlutlc dll w•lh 1ranl 

% sand <% gravcJ ~ < 1.5% ..and (;n'\'t·lly rl••ll<" ••lt 

~ ~ 1 5~>0 sand ( ir•'\'••lly d • tllt' tdlt wUh tand 

Figure 5.4 Flow chart for classification of inorganic fine-grained soils (:;,50% passing #200 sievc) (Adaptcd frorn ASTM D2487). 



Group Symbol Group Name 

Liquid limlt < 50 

1 

2: 70% pass #200 ~ 2: 85% pass #200 Organlc c:lay 

< 70 - 84%, pas" #200 ~ % sand 2: o/~ grave( Organic day with 'SilD.d 
PlotsasCL ~ 
or CL-ML % sand < %grave! ------+ Organk cl•y ~·ith grave! 

on Flgure 5.3 < 010 sand 2: ";Q gravcl ~ < 15% gravel Sand}' organic day 

< 
< 70% pass #200 2 ) 5% grave! Sandy orglllnic da y with gravel 

~/., sand < % gravel ~ < 15% ~and Granlly organic eh•)' 

~ \ 5% sand GrneUy o~anic clay with sand 

-----+ OL 
2:: 70% pass #200 ~ "2: K5°/o pas~ #200 Organic sílt 

< 70 - 84(1/o pass #200 ~ % sand 2: 0/o gntvel OrganiL" silt with sand 

Plots as ML •1o sand <"'o gravcl ------+ OrgaDic silt with gnvel 

un Flgure 5.3 <% sand ~%grave\ ~ < 15'% grave! Sandy otganic ~llt 
< 70% pass #200 2: ISo/o gravc:L Saody orgaJIIC silt with gravel 

% sand < % grave! ~ < 15°/e sand Gravelly organic silt 

2: 15% sand Gravelly or¡anic siU with und 

Begin 

\ 

?< 70'1, pa»· #200 ~ ?< S5% pas. #200 Or~anóc clay 

< 70 - X4% pass #200 ~ % sand ~ % grave\ Organic: clay '1\'ith sand 

Plots as CH % !i<Lnd < % grave! ------+ Organi( el a~· wlth gravel 

on Figure 5_3 < % sand 2:% grovel ~ < l5% grave\ Sandy org•njc day 

< 
< 70G;~ pas~ #200 ~ 15% grave! Sandy organic clay with gravel 

'% sand < %grave( ~ < L5o/o sand Gravelly organic clay 

2: 15% sand Grll\'elly organi~ ~lay wUh sand 

Liquid limit 2. 50-----+ OH 
2: 70% pass #200 ~ ~ l'l5°/~ pass #200 Organic sllt 

< 70 + 84% pass #200 ~ % sand ~ o/g grave! Organic -silt w¡th sand 

Plots as MH 'Yo sand < % gravel ------+ Orglllnic silt with g ravd 

on Figure 5_3 •;., sand 2:. % gnn'el ~ < 15%. gravcl Sandy orga .. it: silt 

< 70'/o pass #200 < "= 15% grave) Sondy organic silt wlth gnvel 

% sand <% grave1 ~ < 1 S% sand Gravelly organlc silt 

2: 15% sand Gr•veUy organic :dlt with -sand 

Figure 5.5 F1ow chart for classification of organic fine-grained soils (~50% passing #200 síeve) (Adapted from ASTM D2487). 
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Classification of Coarse-Grained Soils 

Coarse·grained soils are those that ha ve less than 50 percent passing the #200 sieve. Thus, 
these soils are primarily sand and/or grave!. The group symbols for coarse-grained soils are: 

First Letter Second Letter 
S Predominantly sand P Poorly graded 
G Predominantly grave! W Well graded 

M Silty 
C Clayey 

As discussed in Chapter 4, poorly graded soils are those with a narrow range of 
particle sizes (i.e., a steep grain-size distribution curve), while well-graded soils have a wide 
range of particle sizes (i.e., a flatter grain-size distribution curve). In this context, silty (M) 

or clayey (C) indicate a large percentage of silt or clay in a coarse·grained soil. 
To classify coarse·grained soils, use the flow chart in Figure 5.6. By inspection ofthis 

chart, we see that both sands and gravels are divided into three categories depending on the 
percentage of fines (fines= percent passing the #200 sieve): 

If < 5 percent fines Use two-letter group symbol to describe gradation (well or 
poorly graded) 

lf 5 · 12 percent fines Use four·letter group symbol to describe both gradation and 
type of fines 

If > 12 percent fines U se two-letter group symbol to describe type of fines ( silt or 
el ay) 

Example5.4 

Determine the unified soil classífication for the inorganic soil 8 in Figure 5.2. 

Solution 

Initial classification 
100% passes 3·in sieve, so no adjustments are necessary 
< 50% passes #200 síeve, so soil is coarse·grained 

Classification of coarse·grained soils 
% grave! = 3·in--#4 = 100% · 100% = 0% 
% sand = #4--#200 = 100%-4% = 96% 
%fines= #200"' 4% 
D 10 = 0.10 mm 
D30 "' 0.17 mm 
D60 =0.40mm 
C. = D,dD 10 "' 0.40/0.10"' 4.0 
C,. = D30z/(D1r/)60 ) = 0.172/[(0.10)(0.40)] = 0.72 



Grave! 
1/o:Ynd< 
%grave! 

Begin 

j 
Sand 
•;.,sand~ 

%.grave[ 

Pcr L"Taln.-sjzc d15tribution ~ 
Group Symbol Group Name 

Cu<!-4 ~ lsCc:S:) GW-==::::::::: < l:'i~1i.sand ----+ \'t'eiJ.en•dcdgranl 

< Ce<! or Cc>3 ~ 2:1 :;oo:-~ ~anJ. ---+ Wt:U-guded gra ve! "''itb sand 
·~ ~";Gpass ;t:¡no ~ GP -===:::::::::: ~: !5' ·•• ~and~ Puurly-gradnJ gravcl 

Cu<4 2: 15% s.and~ Poorl,.·-grad~ gravcl "'·itiJ ~•nd 

MLor MH ~ GM ~ < 15'':1osand_...... Silty R,ravel 

------.. 21 ~% $and___. Silt) gran! witb !land 

:> 12"'/.i. pass lt200 -===:.._------~ ( 'L or CJI ~ GC ~ < 15% ~and----+ C laycy x.ravel 

-----.. 2: 15"% ~nd----+ Claycy gn.vel 'ft"ith ~•nd 
CL-ML ~ GC-GM ~ < l5,.;f silnd ----+ Stlty,clay~ygra\·cl 

~ l 5~/Í. sand -----+ Silty , dRlCY gravel witllo ~ud 

Cu2:6 ~ l :SCc::sJ _ SW-===:::::::::: ~~ t.:'W,q ¡ravcl ---.. Wl'll-grade•h•Bd 

< C'c< lorCc;·J.~ ~LS';Ogravel 4Wc::11-ttradedundwlthgr.anl 
<;!i•;;.pa)O~#lOO ~SP ~< I S~·"O gravc:I~Poorly-&rad€:dsand 

Cu ... :6 2: IS% grnvel-+ Poor1J·graded saod with gnvct 

Figure 5.6 Flow chart for classitlcation of coarse-grained soils (<50% passing #200 sieve) (Adapted from ASTM 02487). c. and C, are the 
coeftlcíents of unifonnity and curvature as detined in Chapter 4. The alternative endings for sorne group names (shown in parenthesis) are for 
soils that plot as CL-ML on Figure 5.3. 
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Using Figure 5.6 
% sand > % grave! 
< 5% fines 

c.< 6 and C < 1, so group symbol is SP 
< 15% grave! 

Final results: SP - Poorly-graded sand - Answer 

Example5.5 

149 

The inorganic soil C in Figure 5.2 has a liquid limit of 30 andan plastic limit of 25. Determine 
its unified soil classification. 

Solution 

Initial classification 
100% passes 3-in sieve, so no adjustments are necessary 
< 50% passes #200 sieve, so soil is coarse-grained 

Classification of coarse-grained soils 

% gravel = 3-in-#4 = 100% - 80% = 20% 
% sand = #4-#200 = 80% - 10% = 70% 
% fines = #200 = 1 0% 
D10 = 0.075 mm 
D30 = 0.39 mm 

D60 = 1.7 mm 
c.= D&JD 10 = L?/0.075 = 23 
Ce= D30

2/(D 10 D6(,) = 0.392/[(0.075)(1.7)] = 1.2 

Using Figure 5.6 

Final result: 

% sand >% grave! 

5 - 12% fines 
c. > 6 and 1 :;; C, s 3 ( :. soil is well graded) 

fp = WL - W p = 30 - 25 = 5 
Fines plot as ML on Figure 5.3, so group symbo1 is SW-SM 
> 15% grave! 

SW-SM- Well-graded sand with silt and gravel = Answer 

Classification of Borderline Soils 

Sometimes a soil classification is very el ose to the dividing line between two different group 
symbols. In such cases, it is acceptable to use both symbols in the classification, with the 
"correct" symbol first, followed by the "almost correct" symbol. For example, a sand-clay 
combination with slightly Iess than 50 percent fines could be identified as SC/CL. 
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Soil Assessment Based on USCS Classification 

Geotechnical engineers have many ways to assess the suitability of a soil for particular 
purposes. For example, if a soil is being considered for use asan "impervious" cap over a 
sanitary landfill, we would perform hydraulic conductívity tests as described in Chapter 7 
to determine how easily water flows through it. Soils that restrict the flow of water are best 
for landfill caps. However, before we perform these special ized tests, geotechnical 
engineers assess a soil based on its classification. For example, an SW soil would pass 
water very easily, and thus would be rejected for the landfill cap even without a hydraulic 
conductivity test. Table 5.2 presents general soil properties based on the unifíed group 
symbol, and may be used to assist in such assessments. 

5.4 VISUAL-MANUAL SOIL CLASSIFICATION 

Although geotechnical engineers routinely perform sieve, hydrometer, and Atterberg limits 
tests, it is not cost-effective to do so on every sample obtained from the field, so the 
remaining samples must be classified without the benefit of laboratory test data. The 
following methods can assíst in this process: 

• The #200 sieve approximately corresponds to the smallest particles one can see with 
the unaided eye. Thus, individual fme sand particles can be distinguished, but 
individual silt particles cannot. In addition, particles larger than the #200 sieve have 
a gritty texture, while those smaller are pastey. 

• Clay and silt particles often clump together, and may look like sand. These clumps 
will dissolve when wetted. Therefore, when in doubt, be sure to wet the soil before 
classifying it. 

• Clays (CL and CH) have a higher dry strength, but lose this strength when wetted. 
In addition, moist clays can be rolled between the fingers into 5-mm diameter threads. 

• Silts (ML and MH) have a lower dry strength, and are much more difficult to roll into 
threads. 

• Cementing agents, such as calcium carbonate, are sometimes present in sandy or silty 
soils. These agents can give the soíl a high dry strength, even if no clay is present. 
Again, the key is to wet the sample before classifying it. Cemented soils will retain 
their dry strength, while clayey soils will soften when wetted. 

5.5 SUPPLEMENTAL SOIL CLASSIFICATIONS 

Regardless of the textura! classification system being used (AASHTO, USCS, etc.), 
geotechnical engineers often add certain supplementary classifications. Sorne of these have 
been standardized in ASTM D2488, but informal classifications are used at least as often 
as the standard terms. Eíther way, they provide ímportant inforrnation on the in-situ soil 
conditions. 
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Table 5.2 ASSESSMENTOFSOlLPROPERTlES BASE DON GROUPSYMBOL(Adaptedfrom Sowers, 1979) 

Group 
Symbol 

Compaction 
Characteristics 

Compressibility 
and Expansion 

:/-:c:c·_ · :~; ... ;: :" 

GW > ~ · Almost oooe 

sw 

SP 

SM 

se 

MH 

CH 

OH 

.·. ~· · · ···· 

Almostoooe 

Slight 

Good Almostnone 

Good Almost none 

Good Slight 

Good to fair 
S light to 
medium 

G. ood.·· .. · .. · t. o ... poor.•.• .. ••.•·••··· Slight to 
mi@ium 

Good wfair Med.ium 

Fair to poor High 

Fair to poor Very high 

Fair to poor High 

N·. • .. o·. t .. sui.·tab··.·.· •.· ... ·• ·.w·. ·.••.·•·•·••.·.. • • ..... • ••• • . . . . . ...... . Y~hi~ 

Drainage and 
Hydraulic 

Conductivity 

Good. . "' ·····' . 
dl'ainage; 
peviious 

·.Qood 
di'afnage; 
peivious 
Poor 
·drainage; 
semipervious 

Poor ..... 
#na!le;· · 
$erilipernous 

Good 
drainage; 
pervious 
Good 
drainage; 

pervious 
Poor 
drainage; 
impervious 

Poor 
drainage; 
impervious 

Poor 
drainage; 
impervious 

No drainage; 
impervious 
Poor 
drainage; 
impervious 

Poor 
drainage; 

impervious 

No drainage; 
impervious 

No drainage; 
impervious 

Fair topoor 
• dtainage 

Value as a 
Fill Material 

Very stal:lie 

ReasonabJy 
stable 

ReaS()Jlably .. 
.stable 

Reasonably 
stable 

Very stable 

Reasonably 
stable when 
dense 
Reasonably 
stable when 
dense 

Reasonably 
stable 

Faír stability, 
good 
compaction · 

required 

Good stability 

Unstable, 

sbould not~ 
used 
Fair to poor 
stability, good 
compaction 
required 
Fair stability, 
expands, 
weakens, 
shrinks, cracks 
Unstable. 
should not be 
u sed 

Shouldnot~ 

used 

Value as a 
Pavement 
Subgrade 
WhenNot 
Subject to 

Frost 

Excellent 

!3xcelleot 
togood 

Excel4!nt 
to good 

Good ·· 

Good 

Good to 
fair 

Good to 
fa ir 

Good to 
fa ir 

Fair to 
poor 

Fair to 
poor 

POOr, not 

suitable 

Poor 

Poor to 
very poor 

Very poor 

Not 
su1táhle 

Value as a 
Base Course 

for 
Pavement 

Good 

Poorto fair 

Fairtopoór 

Good to fair, 
not suitable 
ifsnbjectto 
frost 

Fair to poor 

Poor 

Poor 

Fair to poor, 
not suitable 
if subject to 
frost 

Not snitable 

Not suitable 

Not suilaQle 

Not suitable 

Not suitable 

Not suitable 

Not suitable 
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Moisture 

Knowledge of the moisture condition of a soil can be very useful. Therefore, moi.~ture 
content tests, as discussed in Chapter 4, are among the most common soil tests. In addition, 
engineers often give a qualitative assessment of soil moisture using descriptors such as those 
in Table 5.3. 

TABLE 5.3 MOISTURE CLASSIFICATION 

Classification Description 

S!ightly moist Sorne moisture, but ~till has a dry appearance 

Very moist Enough moisture to wet the hands 

Color 

The soil color can vary as its moisture content changes, so it is a less reliable classification. 
Nevertheless, it is useful as a common supplementary soil classification. Although 
standardized color description systems, such as the Munsell Color Charts, are available, they 
express colors using an awkward notation (i.e., 10 YR 5/3). Therefore, most engineers just 
use common color names, such as brown, tan, gray-brown, etc. Sometimes individual firms 
or agencies standardize these names, but there is no widely accepted standard. 

Consistency 

The consístency of a soil describes its stiffness, and is a very useful supplementary 
classification. For example, a hard CH soil is quite different from a very soft CH. 
Consistency depends on the soil type, moisture content, unit weight, and other factors, and 
may change in the field with time, especially if the soil becomes wet. Tables 5.4 and 5.5 
present classifications of soil consistency, along with qualitative and quantitative 
descriptions. 

When classifying the consistency of coarse grained soil s based on standard penetration 
test data, it is especially important to apply the overburden correction described in Section 
3.9, thus obtaining (N1) 00• 
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TABLE 5.4 CONSISTENCY CLASSIFICATION FOR FINE-GRAINED SOILS (Terzaghi, Peck, and 
Mesri, 1996 and U.S. Navy, 1982; Adapted by permission of John Wiley and Sons, lnc.) 

SPT Undrained 

Classification Description N6o 
Shear Strength, s. 

val u e (kPa) Obttr) 

Thumb penetrates easily;·e~:trudes 
<2 <12 <250 

between fingers when squeezed 
Very soft 

Thumb will penetrate soíl about 25 
Soft mm; molds with light finger 2-4 12- 25 250- 500 

pressure 

Thumb will penetrate about 6 mm 
Medium with moderare effort; molds witb 4-8 25;$6·· 500- 1000 

strong fmger pressu.;e 

Thumb indents easily, and will 
8- 15 50 -lOO 1000-2000 

penetrate 12 mm with great effort 
Stiff 

Tbumbwill not indent soil, but 
15-30 100-200 2000-4000 

thtimbriail readily indents it 
Hard 

Thumbnail will not indent soi1 or 
> 30 >200 >4000 

will indent it only with difficulty 
Very hard 

' The N-value is defined in Chapter 4. 
b The undrained shear strength is defined in Chapter 13, and is half of the unconfined compressive 

strength. 

TABLE 5.5 CONSISTENCY CLASSIFICATION FOR COARSE-GRAINED SOILS (U.S. Navy, 1982, 
and Lambe and Whitman. 1969; Adapted by permission of John Wiley and Sons, lnc.) 

Classification 

Very loose 

Loo se 

Dense 

Description 

. > EasY ~ IJe!letrated with a 12-Jlll1l~~~ ~ •• •• < ···• ·· .· •.•. <íi 
pushetl by hand · · · · · · < , .•.. · 

Difficult to penetrate with a 12-mm diameter rod 
pushed by hand 

Difficult to penetrate 300 mm with a 12-mm 
diameter rod driven with a 2.3-kg (5-lb) hammer 

4 - 10 

17-32 

D, 
Relative 
Density b 

15- 35 

65- 85 

85- lOO 

• These va1ues are for sandy soils. If sorne fine grave! is present, use two-thirds of the field va1ue. If 
significant quantities of coarse grave1 are present, do not use this table. 

b If CPT data is available, use Equation 4.25 to compute D, 
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Cementation 

Sorne soils are cemented with certain chemicals, such as calcium carbonate (CaC03) or iron 
oxide (Fe20 3). The presence of calcium carbonate can be determined by applying a small 
amount of hydrochloric acid (HCI) and noting the reaction. A bubbling action indicates the 
presence of CaC03• A lack of bubbling indicates sorne other cementing agent. Iron oxide 
gives the soil a red-orange tint, similar to rusty steel. 

Table 5.6 presents a classification of soil cementation. 

TABLE 5.6 CLASSIFICATION OF SOIL CEMENTATION (After ASTM 02488) 

Classification Description 

Moderate Crumbles or breaks with considerable finger pressure 

Strong . .. W íll not.crumbk or break with flnger pressure 

Structure 

Soil particles can be assembled into many different structures. Often these need to be noted 
in the classification of undisturbed samples as follows (ASTM D2488): 

• Stratified - Altemating layers of varying material or color with layers at least 6 mm 
thick 

• Laminated- Altemating layers of varying material or color with the layers less than 
6 mm thick 

• Fissured - Breaks along definí te planes of fracture with little resistance to fracturing 
• Slickensided- Fracture planes appear polished or glossy, sometimes striated (liner 

markings showing evidence of past movement) 
• Blocky- Cohesive soil that can be broken down into small angular lumps which 

resist further breakdown 
• Lensed- Inclusions of small pockets of different soils, such as smalllenses of sand 

scattered throughout a mass of clay 
• Homogeneous- Same color and appearance throughout 

5.6 APPLICABILITY ANO LIMITATIONS 

Standardized soil classification systems are very valuable tools that help geotechnical 
engineers identify soils and make prelirninary assessments of their engineering behavior. 
However, they also have limitations. Casagrande (1948) said: 

"lt is not possible to classify all soils into a relatively small number of groups such 
that the relation of each soil to the many divergent problems of applied soil mechanics 
will be adequately presented." 
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Do not expect too much from a soil classification system. ldentifying the proper 
classification is a good start, but we still need to use other test results, an understanding of 
soil behavior, engineering judgment, and experience. 

SUMMARY 

Major Points 

l. Standardized soil classification systems are an important part of the language of 
geotechnical engineering. They help us identify soils and communicate important 
characteristics to other engineers. In addition, a classification helps us develop 
preliminary assessments of a soil's behavior. 

2. The USDA soil classification system classifies soils based on their grain size 
distribution, and is used in soil survey reports. 

3. The AASHTO soil classification system uses both grain size and Atterberg limits data, 
and is u sed to assess soils for use as highway subgrades. 

4. The Unified Soil Classification System is an all-purpose system based on grain size 
and Atterberg limits data. 

5. Supplemental soil classifications assist in further describing important characteristics 
not addressed by the USDA, AASHTO, or unified systems. 

Vocabulary 

AASHTO soil classification 
system 

blocky 
cementation 
coarse-grained soil 
consistency 
fine-grained soil 
fissured 

group classification 
group index 
group name 
group symbol 
highly organic soil 
homogeneous 
laminated 
lensed 

organic soil 
plasticity chart 
slickensided 
stratified 
structure 
Unified soil classification 

system 
USDA soil classification 

system 

COMPREHENSIVE OUESTIONS ANO PRACTICE PROBLEMS 

5.1 What kinds of soil are contained in loam as used in the USDA classification systern? 

5.2 A clean well-graded sand would rate very hígh in the AASHTO soil classification system, and 
thus be considered a good soil for use as a highway subgrade. However, it would be a very 
poor choice for certaín other applications. Give one example of a situation where this soil 
would not be a good choice. 

5,3 Is it ever necessary to conducta hydrometer analysis when classifying soils according to the 
uses, or is a sieve analysis always sufficient? 
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5.4 Explain thc differem:e between a sílty sand and a sandy silt in the Unified Soíl Classífü;ation 
System. 

S.S How would you determine if a soíl was a silty sand ora sandy silt if: 
a, Laboratory test equípment was avaihtble? 
b. Laboratory test equlpment wa;; not avaílable? 

5.6 A simitary landfill project needs an impon soíl for use as an irnperviou~ cap over the refuse. 
The following soíls are available for this purpose: 

Soil 1: GC 
son 2: se 
Soil3: ML 
Soi14: CL 

The desígo engíneer desíres a soil with a high clay content because it will help keep water out 
of the landfill. \Vhich of tbe avaílable soíls appears to be most promising',, Why? 

The following informarion, and the grain-size distribuHon data in Fígure 5.2, are to be used in 
Problems 5.7 through 5.11. Al! ofthese soils are inorganic. 

Soil Sarnple U quid Plastic 
Ideruification Limít Limit 

D 60 33 

E 40 30 

F 30 26 

G Non-plastk 

5.7 Determine the USDA Classification for soils D through G 

5.8 Determine the AASHTO group classífication and group index for soils D through G. 

5.9 According to the AASfiTO classifications, wh ich of the soíls D through G would make the best 
highway subgrade? 

5.10 Determine the USCS group syrnbol and group narne for soils D through G. 

5.11 Which of !he following USCS soils would probably receive the best rahng for use as a higbway 
subgrade per the AASliTO classification: CL, SM, ML, or SW'! Why? 

5.12 Soil A ín Figure 4.13 is organic, but not highlyorganic, and has aplastic límit of2l anda líquíd 
limit of 40. Detennine its unified group symbol and group name. 

5.13 Determine the unified group symbol and group name for the inorgank ~oil E in Figure 4,13. 
The fines fli'é non-plastic. 



6 
Excavation, Grading, 

and Compacted Fill 

The wise architect should wash the excavations with 
thefive products ofthe cow. 

The excavation should be made at night and the 
bricks should be laid in the daytime. 

The chief architect should distinguish the two 
varieties of bricks, namely stony brick and pure brick, 
and their three genders, and should fix the male 
bricks in the temples of male deities. 

Manasara, a sixth-century architect (Acharya, 1980) 

Most civil engineering projects include sorne earthwork, which is the process of changing 
the configuration of the ground surface. When soil or rock is removed, we ha ve made a cut 
or excavation; when it is added, we have made afill or embankment. These changes make 
the site more suitable for the proposed development. 

For example, virtually all highway and railroad projects require earthwork to create 
smooth grades and alignments and to provide proper surface drainage. The value of cuts 
and fills in highway projects is especially evident in mountainous areas where older two
lane roads were built using as little earthwork as possible, resulting in steep grades and sharp 
turns. When a modero multi-lane interstate highway is built through the same mountains, 

157 
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design engineers use more generous cuts and fills, thus producing smoother alignments and 
gentler grades. Figure 6.1 shows a deep cut made during construction of such a highway. 

Figure 6.1 This four
lane highway was 
created by making a cut 
on the left side of the 
photo and in the 
background, and a fill 
in the foreground. 

Earthwork also is important in building construction, especially in hilly terrain. Cuts 
and fills are used to create level pads for the buildings, parking lots, and related areas, as 
shown in Figure 6.2, thus using the land area to better advantage. Even building projects 
in areas with natural! y leve! terrain often require minor earthwork to provide proper surface 
drainage. 

Figure 6.2 Typical cross-section through a proposed building si te showing locations of proposed cuts and fills . 

Large residential developments in hilly areas often include extensive earthwork, 
sometimes millions of cubic meters, and can create hundreds of residential lots. Such 
projects pro vide leve! building pads and smooth street alignments, and allow more houses 
to be built in a given area. They also provide for a safer development, because a properly 
graded tract is less prone to landslides, excessive settlement, flooding, and other problems. 

Finally, the most impressive earthwork projects are earth darns, such as the one in 
Figure 6.3. They require very large volumes of carefully placed fill, yet are much less 
expensive than concrete dams because such fills can be placed very economically. When 
properly designed and constructed, earth dams also are very safe. 
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Figure 6.3 Oroville Dam on the Feather River in California. This is a 225 m (740 ft) tall earth dam with a 
volume of 61,000,000 m 3 (80,000,000 yd3

) (California Department of Water Resources). 

6.1 EARTHWORK CONSTRUCTION OBJECTIVES 

The most fundamental objective of earthwork construction is to change the ground surface 
from sorne initial configuration, typically described by a topographic map, to sorne final 
configuration, as described on a new topographic map known as a grading plan. These 
changes are often necessary to properly accommodate the proposed construction, and to 
maintain proper surface drainage, which is important to the long-term performance of cuts 
and fills. 

Another important requirement is that earthwork must not create slope stability 
problems (i.e., landslides). This is especially important in hilly and mountainous areas, 
since the leve! building pads or road alignments created by the earthwork are possible only 
because nearby areas are made steeper and thus less stable. 

Compacted fills have additional requirements, including: 

l. Fills must ha ve sufficient shear strength to support both their own weight and externa! 
loads, such as foundations or vehicles. Lack of sufficient strength can produce 
landslides, bearing capacity failures, and rutting of pavements. 

2. Fills must be sufficiently stiff to avoid excessive settlement. Soft fJ.!ls permit 
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foundations to settle excessively, thus damaging buildings, and often produce 
undesirable changes in surface drainage patterns. 

3. Fills must continue to satisfy requirements 1 and 2, even if they become wet. 
4. Sorne fills, such as the core of earth dams or liners for sanitary landftlls, must ha ve a 

sufficiently low hydraulic conductivity1 to restrict the flow of water. Others, such as 
aggregate base material below pavements, must have a high hydraulic conductivity 
to drain water away from critica} areas. 

5. In areas prone to frost heave (a heaving that occurs when the ground freezes), it is 
sometimes desirable to have fills made of soils that are not frost-susceptible. 
Chapter 18 discusses this problem. 

Fills for residential, comrnercial, and industrial projects built before the 1960s often 
did not fully satisfy these requirements. As a result, these buildings often experienced 
excessive settlements, and slope failures such as landslides were common. The term "fill" 
became associated with shoddy construction. However, there is nothing implicitly bad 
about fills; only poorly constructed fills. 

During the 1960s, building codes began to include stricter requirements for fills, and 
required builders to hire geotechnical engineers. These changes produced significantly 
better fills, and the problems were significantly diminished. Today, fills built in accordance 
with accepted standards of practice are at least as good as cuts. 

The new grading techniques included many changes, most notably stricter 
requirements for soil compaction. This means all fills had to be packed tightly using heavy 
equipment. 

6.2 CONSTRUCTION METHODS ANO EOUIPMENT 

Design engineers need to have a good understanding of construction methods and 
equipment, because the way something is built often has a significant impact on how it must 
be designed. This is especially true for geotechnical engineers, because we are usually 
involved in both the design and construction phases of a project. 

Historie Methods 

Mankind has been making cuts and fllls for thousands of years, often with primitive tools 
and large numbers of slaves and animals. A number of impressive projects were built long 
before the advent of modero construction equipment by hauling soil in baskets and carts. 
Among the most impressive were the earth dams built for irrigation purposes in India and 
Sri Lanka. For example, Kalaweva reservoir in Sri Lanka was created by a 19 km long, 
21 m tall earth dam built in AD 459. Another even larger dam would have created a huge 

1 Hydraulic conductivity is a measure of the soil 's ability lo transmit water. A high value indicates water passes 
through the soil very easily, while a low value indicates the opposite. Chapter 7 discusses tlús tapie in much 
more detail. 
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reservoir, However, this dam was never used because the canal that was to feed the 
reservoir was built running uphill, suggesting their expertise in earthwork had far surpassed 
their skills in surveying (Schuyler, 1905). 

The first significant advancements carne in the nineteenth century with the 
introduction of steam power. This 1ead to mechanized earthmoving equipment and began 
the era of efficient large-scale earthmoving. 

Stearn-powered equipment was used to build the Panarna Canal, which was the largest 
earthmoving project of its da y. The Culebra Cut (now known as the Gaillard Cut), shown 
in Figure 6.4, was the most difficult part of the construction due to its height and the very 
difficult geologic conditions. The cut passes through a formation known as the Cucaracha 
(Cockroach) Shale, a weak sedimentary rock. Unfortunately, the first efforts to build the 
canal were orchestrated by the arrogant Ferdinand de Lesseps, who despised engineers and 
began construction without the benefit of a geologic study (Kerisel, 1987). This lead toa 
rnisguided attempt to build a sea-leve! canal, which would have required a 109 m cut at 
Culebra. Massive landslides (created by the construction activities), yellow fever, and 
financia] insolvency eventually halted the first attempt to build the canal. 

~V,. 

V 

Figure 6.4 Construction of the Culebra Cut for the Pan ama Canal, 1907. The steam-powered 
excavators placed loads of soil and rock into railroad cars that hauled them away (Library of 
Congress). 

When construction resumed with the benefit of geologic studies, locks had been added 
to raise the canal 25 m above sea leve!. E ven so, huge landslides continued to be a problem, 
resulting in enormous excavation quantities. The Culebra Cut alone required 75,000,000 
m 3 (98,000,000 yd3

) , a massive quantity even by today's standards. The canal was 
completed in 1914, and stands as both a great civil engineering achievement and a drarnatic 
case study demonstrating the importance of geology. 
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Hydraulic Fills 

During the early decades of the twentieth century, many large earthwork projects were built 
using a technique called hydraulic filling. This method consisted of mixing the soil with 
large quantities of water, conveying the mixture to the construction site through pipes and 
flumes, then depositing it at the desired locations. The soil settled in place and the excess 
water was directed away. No compaction equipment was used. Figure 6.5 shows a 
hydraulic fill dam under construction. 

This technique was popular between 1900 and 1940, especially for earthfill dams, 
because earthmoving equipment was too small and underpowered for such large projects. 
Unfortunately, the quality of such fills was poor and they often experienced large 
settlements and landslides. 

The last significant hydraulic fill in the United States was at Ft. Peck Dam in 
Montana. A very large, 3,800,000 m 3 (5,000,000 yd3

) landslide occurred during 
construction in 1938. lt was blamed on the poor quality of the hydraulic fill . The advent 
of modem earthmoving equipment was already underway, making hydraulic fills obsolete. 

Figure 6.5 Construction of 
San Pablo Dam in California 
using hydraulic fill 
techniques, circa 1918. Two 
fills are being placed 
simultaneously, one on each 
si de of the photograph, to 
form the shells. The finer 
soils flow to the center and 
form the impervious core. 
(US Bureau ofReclamation) 

Another serious problem with hydraulic fills became evident in 1971 when the Lower 
San Fernando Dam near Los Angeles failed during a magnitude 6.4 earthquake. This failure 
was due to liquefaction of the hydraulic ftll soils (see further discussion and photograph in 
Chapters 15 and 20). As a result, several hydraulic fill daros have been rebuilt or replaced 
to avoid similar failures. 

Modern Earthmoving 

The twentieth century brought further advances in earthmoving equipment, especially 
during the period 1920-1965, so today we can move large quantities of earth at a very low 
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cost. To illustrate these improvements, consider the 1914 excavation costs for the Panama 
Canal, which were about $0.79/yd3 (Church, 1981). If we adjust this figure for inflation, it 
translates to about $12/yd3 in 1998 money. However, the 1998 cost of similar work using 
modero equipment is less than half of that adjusted cost. 

Equipment 

A thorough discussion of modero earthmoving equipment is well beyond the scope of this 
book. However, we will cover sorne of the principal machines and their applications. 

The key development in modero earthrnoving equipment was the introduction of the 
tractor or crawler shown in Figure 6.6. Its job is to convert engine power into traction, and 
thus move both itself and other equipment. The ftrst tractors were developed for agricultura] 
and military purposes during the early twentieth century. They were mounted on tracks to 
allow mobility over very rough terrain. Modero track-mounted equipment is very powerful 
and mobile, but operates at slow speeds, generally no more than 11 kmlhr (7 milhr). Wheel
mounted tractors also are available, and have the advantage of greater operating speeds, 
often in excess of 50 kmlhr (30 mi/hr). However, wheel-mounted equipment has less 
traction and is not as well suited for rough terrain. Thus, both types have a role in modero 
earthmoving. 

a b 

Figure 6.6 Tractors: a) track-mounted or crawler type; b) wheel-mounted type. (Caterpillar Inc.) 

Various kinds of equipment can be attached to tractors to produce productive work. 
One of the most common accessories is the bulldozer, which is a movable steel blade 
attached to the front of a tractor. For example, the tractor in Figure 6.6a is equipped with 
a bulldozer, and could be used for cutting, moving, spreading, mixing, and other operations. 

Another common attachment is a loader, as shown in Figure 6.7. It consists of a 
bucket attached to the front of a tractor and can be used to pick up, transport, and deposit 
soil. Loaders also may be used for light excavation. 
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Figure 6.8 A back.hoe is a 
tractor with a loader on the 
front and a hoe on the back. 
They are commonly used to 
dig trenches, as shown here. 
(Caterpillar Inc.) 

Excavation, Grading, and Compacted Fill Chap. 6 

Figure 6.7 Wheel-mounted 
loader removing soil from a 
stockpile. (Caterpillar Inc.) 

Figure 6.9 An excavator is a 
large hoe mounted on a 
special rotating chassis. This 
excavator is digging a hole 
on the right side of the 
picture and dumping the 
spoils in a pi le on the left 
side. Excavators also can 
dump directly into trucks. 
(Caterpillar lnc.) 
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A hoe attachment is a bucket used for digging pits or trenches. Special tractors with 
a loader in the front and a hoe in the back, as shown in Figure 6.8, are called backhoes, and 
are very common on construction sites. An excavator, shown in Figure 6.9, is larger and 
mounted on a special chassis instead of on a tractor. 

Often, tractors are described by the names of their attachments. For example, the term 
bulldozer (or simply 'dozer) often refers toa tractor with a bulldozer attachment. 

Conventional Earthwork 

We will use the term conventional earthwork to describe the excavation, transport, 
placement, and compaction of soil or soft rock in areas where equipment can move freely. 
This process may be divided into several distinct steps, each requiring appropriate 
equipment and techniques. 

Clearing and Grubbing 

The frrst step in most earthwork projects is to remove vegetation, trash, debris, and other 
undesirable materials from the areas to be cut or filled. Stumps, roots, buried objects, and 
contarninated soils also need to be removed. Most of these materials would have a 
detrimental effect on the fill , and must be hauled off the site. The above-ground portion of 
this work, as shown in Figure 6.1 O, is called clearing and the underground portion is called 
grubbing. 

Figure 6.10 Clearing and 
grubbing in a former orange 
grove. The trees are being 
removed and hauled to the 
dumpster seen in the 
ba<:kground. 

The time and money required for clearing and grubbing varíes from site-to-site. For 
example, very little work may be required in arid areas because little vegetation is present, 
while substantial effort is often required in tropical areas because of their dense forests with 
thick underbrush. In forests of marketable timber, the value of the trees removed during 
clearing may generate a net profit. 

Vegetation may remain in areas that will not be cut or filled, and grading plans often 
are designed to save desirable vegetation, especially large trees. These areas often require 
special protection so they are not damaged by the construction activities. 
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Sometimes clearing and grubbing is accompanied by stripping, which consists of 
removing and storing the topsoil. Such soils are valuable because they contain nutrients for 
plants. Once the grading is completed, these soils are retumed to the top of the graded 
surface in areas to be landscaped. 

Limited quantities of inorganic debris, such as chunks of concrete, bricks, or asphalt 
pavement, do not need to be ~auled away and may be incorporated into the ftll so long as 
they are no larger than about 250 mm (10 in). Those larger than about 100 mm (4 in) in 
diameter are called oversize, and must be spread out in the fill , because stacking them in one 
place would leave undesirable voids. In addition, oversized objects must not be placed in 
fills that are to be penetrated with pile foundations, nor in the upper 3 m (lO ft) , as they 
would cause problems with utility excavations. 

Excava/ion 

Excavation, which is the removing of soil or rock, can occur at many different locations. 
Usually, most of the excavation occurs in areas where the proposed ground surface is lower 
than the existing ground surface. Normally, these excavated materials are then used to make 
ftlls at other portions of the project si te. Sometimes additional soil is needed, so it becomes 
necessary to obtain it by excavating at offsite borrow pits, which are places where soil is 
removed to be used as import (the term "borrow" is a misnomer, since we have no intention 
of bringing the soil back!). Finally, areas to be filled are often prepared by first excavating 
loose upper soils, thus exposing firm ground on which to place the fill . 

Contractors have various kinds of earthmoving equipment that may be used to 
excavate soils. Loaders are useful when the excavated soil is to be immediately loaded into 
a truck or conveyor belt, but are generally not used to transport the soil for long distances. 
Scrapers (sometirnes called pans), shown in Figure 6.11, are much more efficient for most 
moderate- to large-size projects because they can load. transport, and unload. Figure 6.12 
shows the interna] operation of a scraper. 

Figure 6.11 A scraper 
transporting a load of soil 
across a construction site. 
This scraper is equipped with 
an elevating mechanism at 
the front of the bowlto assist 
in loading soil. 
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Figure 6.12 Operation of a scraper: a) To 
load the bowl, lhe operator opens the apron, 
moves lhe ejeclor plate lo lhe rear, and lowers 
lhe front so it digs 100-150 mm (4-6 in) inlo 
lhe ground. As lhe scraper moves forward , il 
fills with soil. In harder ground, il may be 
necessary lo push lhe scraper wilh a bulldozer 
during the loading phase. b) To transport soil, 
lhe apron is closed and lhe bowl is lifled. 
Scrapers usually transport soil at speeds of 
about 32 km/hr (20 milhr). e) U pon reaching 
the area to be filled, the operator again opens 
the apron, but lowers the bowl only slighlly, 
leaving it 100-1 50 mm (4-6 in) above the 
ground surface. The ejector is moved 
forward, pushing the soil out and under the 
bowl, thus depositing a uniform thickness of 
soil (Wood, 1977). 

Sometimes the ground is too hard to be excavated with a scraper or loader. This 
problem often can be overcome by first loosening it with a ripper attached to a tractor, as 
shown in Figure 6.13. This device consists of one or more teeth that are pressed into the 
ground, then pulled through to loosen it. The ripping operation can then be followed by 
excavating equipment. 

Figure 6.13 A track-mounted 
tractor equipped with a 
ripper. This ripper has two 
teeth, others have as many as 
four or five, depending on 
the type of ground to be 
ripped and the power of the 
tractor. The teeth are 
hydraulically lowered into 
the ground, then pulled by 
the tractor. 
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When the ground is so hard that even rippers do not work, it may become necessary 
to use blasting. This consists of drilling strategically placed holes into the ground and 
packing them with an explosive. Then, the explosives are detonated, thus loosening the 
ground and allowing it to be excavated. Special chemicals also are available for use in areas 
where the noise and vibration from explosives is unacceptable. The contractor pours these 
liquid chemicals and a catalyst into the holes. The catalyst causes the chemical to solidify 
and expand, thus fracturing the rock. 

Often the excavatability (ease of excavation) or rippability (ease of ripping) ata site 
is evident from a visual inspection, and the proper equipment and techniques may be 
selected accordingly. At questionable si tes, measurements of the seismic wave velocity 
from a seismic refraction survey (see Chapter 3) can assist in selecting the proper 
equipment. Generally, soil and rock with velocities less than about 500 mis (1600 ft/s) can 
be excavated without ripping. Higher velocities can be assessed using Figure 6.14. 

Rippability al so depends on other factors not reflected in the seismic wave velocity, 
such as the size and spacing of joints, ripper tooth penetration, presence of boulders, and 
operator technique. 
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Figure 6.14 Ripping capabilities of a Caterpillar D9N tractor with a No. 9 ripper bar (Caterpillar, 1993). 
Conditions identified as "non-rippable" generally require blasting. 

Because the excavatability of soil and rock can vary widely, even on a single job site, 
it becomes an important issue in computing payment to the contractor. If the excavation 
quantities are unclassified, the contractor receives the same unit price for al! materials, while 
classified excavation sets different prices depending on the ease of excavation. Typically, 
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classified excavation is divided into two categories: common, which includes soil, and rock. 
Rock excavation would have a much higher unit price. Unfortunately, there are many 
intermediare materials that could arguably fit into either classification, so this often becomes 
a point of contention between engineers and contractors, and has been the source of many 
lawsuits. To avoid such problems, specifications for classified excavation need to clearly 
define each category. 

Transport and Placement 

Although bulldozers and wheelloaders can transport soils for short distances (i.e., less than 
100-150 m), they become very uneconomical with longer hauls. For these projects, it 
becomes necessary to use other equipment. 

Scrapers are very efficient at moderate-length hauls, and many earthwork projects falJ 
into this category. They can excavate, transport, and place the soil, as described above, but 
cannot be used to haul over public highways. 

Dump trucks can be used instead of scrapers, especially when the soil is being 
excavated by loaders, as shown in Figure 6.15. Most dump trucks can travel over public 
highways, and they move faster than scrapers. However, this method requires more 
equipment and more operators. 

When soil needs to be hauled for longer distances over the highway, contractors often 
use wagons. These are towed by semi tractors and are most cost-effective when the haul 
distance is long. U pon arriving at the fill si te, the wagons are self-unloading, either through 
the bottom or the back. Large off-road wagons, such as tbe one in Figure 6.16, also are 
available. 

Figure 6.15 A large du mp 
truck. This one is too large 
to travel on highways, and is 
used only when all of its 
movement can occur off 
road. Smaller dump trucks 
also are available. and they 
can travel on highways. 
(Caterpillar lnc.) 

When large quantities of soil need to be transported to a confined area, such as with earth 
dams, a system of conveyor belts sometimes is an efficient method. One such system is 
shown in Figure 6.17. Bull Shoals Dam in Arkansas was built using an exceptionalJy long 
series of conveyor belts that stretched 7 mi ( 11 km) from a borrow pit to the dam. 
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Figure 6.16 A very large 
off-road wagon. Upon 
reaching its destination, this 
wagon will unload the soil 
through doors on the bottom. 
Smaller versions of this 
design can be towed by semi 
tractors over the highway. 
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Figure 6.17 Use of conveyor belts to transpon soil to the Seven Oaks Dam in California. These belts move soil about 3 
km (2 mi) from the borrow site to the dam, then drop it at a convenient location. The loader places it in large dump trucks 
that haul it a short distance to the construction site. 

The selection of equipment to transport soils depends on many factors, most notably 
the haul distance as described in Table 6.1. 

TABLE 6.1 ECONOMICAL HAUL DISTANCES (Adapted from 
Caterpillar, 1993) 

Equipment Economical Haul Dístance 

(m) (ft) 

Bulldozer < 100 < 300 

Wheel loader 50-150 150-500 

Scraper 300-2,500 1,000-8,000 

Dump truck 350-6,500 1,100-21,000 

Conveyor belt 30-11,000 100-36,000 

Wagon > 3,000 > 10,000 
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Once the soil arrives at the area to be filled, it must be laid out in thin horizontal/ifts, 
typically about 200 mm thick. Each lift must be moisture-conditioned and compacted 
before the next lift is placed. Thus, the fill is constructed one lift at a time. 

Moisture Conditioning 

The soil must be at the proper moisture content before it is compacted. Soils that are too 
wet or too dry will not compact well. Usually the moisture content is not correct and needs 
to be adjusted accordingly. If the soil is too dry, this is usual! y done by spraying it with a 
water truck, as shown in Figure 6.18. A bulldozer or other equipment is then used to mix 
the soil so the water is uniforrnly distributed. 

Figure 6.18 A water truck 
spraying a new lift of soil for 
a fill and preparing it to be 
compacted. 

The grading contractor has a much more difficult problem when the soil is too wet. 
Mixing it with dryer soil is difficult, especial! y with clays, because it is very hard to achieve 
thorough mixing. The result often consists of altemating clumps of wet and dry soil instead 
of a smooth mixture. The most common technique is to spread the wet soil over a large area 
and allow the sun to dry it. This works well so long as a rainstorm does not occur! 

Compaction 

The next step is to compact the lift. Compaction is the use of equipment to compress soil 
into a smaller volume, thus increasing its dry unit weight and improving its engineering 
properties. The solids and water are virtually incompressible, so compaction produces a 
reduction in the volume of air, as shown in Figure 6.19. 

Although many early fills were built without any special effort to compact them, sorne 
engineers recognized the importance of compaction as early as the níneteenth century. 
Animals were used as compaction "equipment" on sorne projects, including a team of 115 
goats used to compactan earth dam near Santa Fe, New Mexico, in 1893 (Johnson and 
Sallberg, 1960). Heavy rollers also began to be used. Initially these rollers were puUed by 
teams of horses, but by 1920 the horses had been replaced with tractors. Further 
developments during the twentieth century enhanced the capabilities of compaction 
equipment. Toda y, a wide variety of effective compaction equipment is available. 
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Figure 6.19 Three phase diagrams showing the changes in soil as it moves from its 
naturallocation to a compacted fill. 

Chap.6 

All of the equipment that drives over a fill, from pickup trucks to loaded scrapers, 
contributes to its compaction. However, we generally cannot rely only on this incidental 
compaction because: 

• Most construction equipment is intentionally designed to ha ve low contact pressures 
between the tires or tracks and the soil. This allows them to travel more quickly and 
easily through soft ground. For example, a Caterpillar 973 track loader has a contact 
pressure of only 83 kPa (12 lb/in~. Such pressures are too low to produce the 
required compaction in norrnal-thickness lifts. 

• Incidental traffic usually follows common routes, so their compactive effort is not 
uniformly distributed across the fill. Thus, sorne areas may receive sufficient 
compaction, while others receive virtually none. 

Therefore, it is necessary to use specialized compaction equipment specifically designed for 
this task. Such equipment is much more efficient and effective. All compaction equipment 
uses one or more of the following four methods (Spann, 1986): 

• Pressure - The contact pressure between the equipment and the ground is probably 
the most important factor in the resulting compaction of the underlying soils. A 
typical sheepsfoot roller has a contact pressure of about 3500 kPa (500 lb/in2

), which 
is far greater than the track-mounted equipment described earlier. 

• Impact - Sorne equipment imparts a series of blows to the soil, such as by dropping 
a weight. This adds a dynamic component to the compactive effort. 

• Vibration - Vibratory compaction equipment utilizes eccentric weights or sorne 
other device to induce strong vibrations into the soil, which can enhance its 
compaction. These vibrations typically have a frequency of 1000-3500 cycles per 
minute. 

• Manipulation - Compaction equipment that imparts sorne shearing forces to the soil 
can also contribute to better compaction. This action is called kneading or 



Sec. 6.2 Construction Methods and Equipment 173 

manipulation. However, excessive manipulation, such as in an overly wet fill, can be 
detrimental. When such fills are simply being moved around with no compaction 
occurring, we have a condition called pumping. 

The proper selection of compaction equipment and methods depends on the type of 
soil, the size of the project, compaction requirements, required production rate, and other 
factors. No single device is the best choice for all situations. Figure 6.20 shows typical 
ranges of soil types for various types of compactors. 

COMPACTOR ZONES OF APPLICATION COMPACTIVE METHOD 
100% 
CLAY SILT 

100% 
SAND ROCK 

1 
SHEEPSFOOT 

!• 

GRID 

VIBRATORY 

SMOOTH STEEL D RUMS 

MULTI-TIRED PNEUMATIC 

HEAVY PNEUMATIC 

VIBRATORY 
TAMPING FOOT 

TOWED TAMPING FOOT 

HIGH SPEED TAMPING FOOT 

CATERPILLAR 
TAMPING FOOT 

CATERPILLAR 
TAMPING FOOT 

Pressure, manipulation 

Pressure, manipulation 

Pressure, vibration 

Pressure 

Pressure, manipulation 

Pressure, manipulation 

Pressure, manipulation, vibration 

Pressure, manipulation 

Pressure, manipulation, impact, 
vibration 

Pressure, manipulation, impact, 
vibration 

Figure 6.20 Soil types best suited for various kinds of compaction equipmenl (Adapted from Caterpillar. 
1993). 

One of the oldest and most commoo compaction machines is the sheepsjoot roller, 
shown in Figure 6.21. lt consists of one or more rotating drums with numerous feet that 
concentrate its weight onto a small area, thus increasing the contact pressure to about 
2000-5000 k:Pa (300-700 lb/in1. The sheepsfoot roller was invented around 1906 by 
Walter Gillette, a contractor in Los Angeles. He had loosened the soil for a road 
construction project and left it in that conditioo al the end of a work day. Upon arriving at 
the job si te the next moming, he discovered a flock of sheep had been driven over the road 
and had done an excellent job of compactiog the soil. Based on this observation, he soon 
began fabricating the first sheepsfoot rollers, which were pulled across fi.lls by teams of 
horses or mules (Southwest Builder and Contractor, 1936). By the 1930s they were being 
used extensively in construction of embankments. 

Sheepsfoot rollers compact soil by pressure and manipulation. They can be used on 
a variety of soils, but work best in silts and clays. Most sheepsfoot rollers can accommodate 
soillifts with loose thicknesses of about 200 mm (8 in). 
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a b 

Figure 6.21 Sheepsfoot rollers: a) Towed roller; b) Self-propelled roller. (Caterpillar lnc.) 

Tamping foot rollers are very similar to sheepsfoot rollers, except they use larger feet 
with a correspondingly smaller contact pressure. They can be operated ata faster speed, but 
do not compact to as great a depth. 

Pneumatic rollers (also known as rubber-tire rollers) are heavy units resting on 
severa! tires. The contact pressure is typically about 600 lePa (85 lb/in 1. Each tire is able 
to move up and down independently, so this device is good at finding small soft spots that 
rigid compaction equipment, such as sheepsfoot rollers, can miss. The tires also provide a 
kneading action that enhances compaction. These rollers can compact lifts with Ioose 
thicknesses of 250- 300 mm (10-12 in). 

Vibratory rollers, such as the one in Figure 6.22, are similar to sheepsfoot or tarnping 
foot rollers, with the addition of a vibrating mechanism. Thus, they use pressure, 
manipulation, and vibration to compact the soil. Vibration is especially effective in sandy 
and gravelly soils. The heaviest of these rollers can accommodate loose lift thicknesses of 
up to 1 m (3 ft), and they provide sorne compactive effort to depths of about 2 m (7 ft). 

Figure 6.22 Self-propelled vibratory 
roller. 
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Smooth steel-wheel rollers (don't call them "steam rollers"!), such as the one in Figure 
6.23, leave a smooth compacted soil surface. The non-vibratory types are not well suited 
for compacting soil because the contact pressure is much lower than that of sheepsfoot 
rollers. However, they may be used to proof roll a subgrade just before paving (i.e., a final 
rolling to confirm compaction of the uppermost soils), and to compact the aggregate base 
course and asphalt pavement. 

Figure 6.23 A smooth steel
wheel roller preparing to 
compact an asphalt pavement. 
(Caterpillar loe.) 

Fine Grading 

Once the last lift has been placed and the fill is approximately at the final elevation, we say 
the rough grading is complete. Then the contractor beginsflne grading, which consists of 
careful trimming and filling to produce the desired configuration. As the name implies, fine 
grading is more precise and therefore requires different equipment. 

On highway subgrades and large building and parking lot pads, a motor grader (or 
blade) is often used, as shown in Figure 6.24. At more confined sites, a small loader 
equipped with a fine-grading accessory called a gannon rnight be used. 

Figure 6.24 A motor grader 
fine grading a highway 
subgrade. (Caterpillar lnc.) 
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Fine grading slopes is more difficult, but it is nevertheless important both for 
aesthetics and to avoid future surficial stability problems. One method is to intentionally 
overfill the slope, then trim them back using a dozer equipped with a cutting arm called a 
slope board. 

Small Backfills 

Another type of earthwork, quite different from conventional grading, is the backfilling of 
small confined areas, such as retaining walls and small excavations. These areas are not 
large enough to accomrnodate the equipment described earlier, so it becomes necessary to 
use smaller equipment and more hand labor. Figure 6.25 shows examples of portable 
compaction equipment that may be used in confined spaces. 

Figure 6.25 Using portable compaction equipment to compact soils in areas that are too confined to 
accommodate large equipment (Wacker Corporation). 

Utility Trenches 

Many civil engineering projects include installation of underground utilities, such as water 
pipes, electricallines, sewer pipes, and so on. These are installed by digging a long trench, 
placing the pipe or conduit, and backfilling. The compaction of these backfills is important, 
especially because they often are beneath roadways. Unfortunately, many utility trenches 
are not properly compacted, and they eventually settle. This produces a condition that is 
both unsightly and hazardous. 

Compaction can be difficult because of the narrow width, and because it must be 
accomplished without breaking the pipe. Often, the zone immediately around the pipe is 
filled with clean sand that is compacted by jetting, which consists simply of injecting water 
into the sand and relying on gravity and lubrication to compact the soil. The remainder of 
the trench is backfilled in lifts and compacted using a variety of equipment, such as the boe
mounted sheepsfoot sbown in Figure 6.26. 
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Figure 6.26 A hoe-mounted 
sheepsfoot roller compacting 
a utility trench backfill. 
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6.1 You are preparing the earthmoving specifications for a project that will include a wide range 
of materials, from loase soil to hard rock. Because of this variation, you plan to use a classified 
excavation system so the contractor can give two unit prices, one for common excavation and 
another for rock. However, to avoid disagreements on classification, you also need to develop 
clear definitions for each type of excavation. What criteria might you use to differentiate 
between common and rock excavation? 

6.2 What are the four methods used by mechanical compaction equipment to densify soils? Which 
of these methods are most effective in sands? In clays? 

6.3 A contractor needs to excavate severa) thousand cubic yards of silty el ay at one end of a site, 
transport it to the other end, and place itas a compacted fill . The distance between the cut and 
fill areas is about 3000 ft . The soils in the cut area can be excavated with little or no ripping. 
However, they are very dry. Make a list of the construction equipment needed to complete this 
project. 

6.4 A developer plans to build a condominium complex on a site underlain by an old hydraulic fill. 
What special geotechnical problems need to be considered at this si te? Why? 

6.3 SOIL COMPACTION STANDARDS AND ASSESSMENT 

For geotechnical engineers, soil compaction is one of the most important parts of earthwork 
construction. Compaction improves the engineering properties of the fill in many ways, 
including: 

• Increased shear strength, which reduces the potential for slope stability problems, such 
as landslides, and enhances the fill' s capacity for supporting loads, such as 
foundations. 
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• Decreased compressibility, which reduces the potential for excessive settlement. 
• Decreased hydraulic conductivity, which inhibits the flow of water through the soil. 

This may be desirable or undesirable, depending on the situation. 
• Decreased void ratio, which reduces the amount of water that can be held in the soil, 

and thus helps maintain the desirable strength properties. 
• lncreased erosion resistance, which helps maintain the ground surface in a serviceable 

condition. 

Because these characteristics are so important, civil engineers include criteria for the 
placement and compaction of fills in the plans and specifications. The contractor is then 
obligated to satisfy these criteria. Although a typical specification might include many 
requirements, we will discuss only those that relate to compaction requirements. 

Nearly all compaction specifications are based on achieving a certain dry unit weight, 
y d· Then, during construction, the geotechnical engineer usually has a staff of field 
engineers and technicians who measure the unit weight achieved in the field to verify the 
con tractor' s compliance with these specifications. However, it is important to recognize that 
dry unit weight itself is not particularly important. We use it only because it is an indicator 
of quality, is easy to measure, and correlates with the desirable engineering properties listed 
above. In other words, we want favorable strength, compressibility, hydraulic conductivity, 
void ratio, and erosion resistance properties, and know that we have attained them when the 
dry unit weight criteria has been met. 

Proctor Compaction Test 

During the 1930s, Mr. R. R. Proctor, an engineer with the City of Los Angeles, developed 
a method of assessing compacted fills that has since become a nearly universal standard 
(Proctor, 1933). This method consists of compacting the soil in the laboratory to obtain the 
maximum dry unit weight, (y )max> then requiring the contractor to achieve at least sorne 
specified percentage of this value in the fiel d. The original version of the laboratory test is 
now known as the standard Proctor test, while a later revision is called the modified Proctor 
test. The dry unit weight achieved in the field is determined using severa! types of field 
density tests. 

Standard Proctor Test 

The standard Proctor test procedure is essentially as follows (see a laboratory manual or the 
ASTM standards book for the complete procedure): 

l. Obtain a bulk sample of the soil to be used in the compacted fill and prepare it in a 
specified way. 

2. Place sorne ofthe prepared soil into a standard 1/30 ff (9.44xl~ m3
) cylindrical steel 

mold2 until it is about 40 percent full. This mold is shown in Figure 6.27. 

2 A larger mold is used for gravelly soils, but we will not consider it here. 
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3. Compact the soil by applying 25 blows from a special 5.5-lb (2.49-kg) hammer that 
drops from a height of 12 in (305 mm). 

4. Place a second layer ofthe prepared soil into the mold until it is about 75 percent full 
and compact it using 25 blows from the standard hammer. 

5. Place the third layer of the prepared soil into the mold and compact it in the same 
fashion. Thus, we have applied a total of 75 hammer blows. 

6. Trim the sample so that its volume is exactly 1/30 fe, then weigh it. The unit weigbt, 
y, is thus: 

y 

where: 
W,.. = weight of mold + soil 
wm = weight of mold 

(6.1) 

V m= volume of mold = l/30 ft 3 = 9.44x 104 m3 

When using English units, y is expressed in lb/ft 3• With SI units, use kN/m 3, which 
requires converting kg to kN (1 kN = 102.0 kg). 

7. Perform a moisture content test on a representative portion of the compacted sample, 
then compute the dry unit weight, y d> using Equation 4.27. 

8. Repeat steps 2-7 three or four times, each with the soil at a different moisture content. 

Figure 6.27 Mold and hammer for a 
Proctor compaction test. The standard 
test uses three layers, as shown, while 
the modified test uses five. 

Hammer 

Proctor 
mold 

Jt-r 
JDrop distance 

Standard test: 12 in (305 mm) 
Modified test: 18 in (457 mm) 

Hammer weight 
Standard test: 5.5 lb (2.49 kg) 
Modified test: 10 lb (4.54 kg) 

1130 ft 3 (9.44 x 10-4 m3) 

cylindrical mold 
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The test results are then plotted on a YJ vs. w diagramas shown in Figure 6.28. The 
curve connecting the data points represents the dry unit weight achieved by compacting the 
soil at various moisture contents. Higher y J values indicate higher quality fill, so there is 
a certain moisture content, known as the optimum moisture content, w o• that produces the 
greatest y d· The latter is called the maximum dry unit weight, 3 (yd),a.,· 

Figure 6.28 Result~ from a 
Proctor compaction test. w 

The mechanics behind the shape of this curve are very complex (Hilf, 1991). In a dry 
soil , we achieve better compaction by first adding water to raise its moisture content to near
optimum. This water provides lubrication, softens clay bonds, and reduces surface tension 
forces within the soil. However, if the soil is too wet, then there is little or no air left in the 
voids, and it thus becomes very difficult or impossible to compact. Such soils need to be 
dried before they are compacted. Usually, the peak of the compactíon curve occurs ata 
degree of saturation, S, of about 80%. 

Although most soils ha ve compaction curves similar to that in Figure 6.28, clean sands 
and gravels (SP, GP, and sorne SW and GW soils) often do not. They typically have much 
flatter compaction curves (i.e., they are less sensitive to moisture content than clays) and 
these curves sometimes have two small peaks. Fortunately, these soils compact easily in the 
field, so quality assessments rnight rely more on observations of the contractor' s procedures 
and less on test results. 

' Many engineers use the term maximum dry density for (y")~, justa~ "density" is often used for "unit 
weight" as described in Chapter 4. 
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Before drawing the compaction curve, it is best to first draw two other curves: One 
representing S = 100% (sometimes caBed the zero air voids curve), and the other 
representing S= 80%, as shown in Figure 6.28. These two curves can be developed using 
Equation 4.32, and are intended to help us draw the Proctor compaction curve. The 
S= 100% curve represents an upper limit for the Proctor data, for it is impossible to have 
S> 100%. The S= 80% curve should go nearly through the peak in the Proctor curve. In 
addition, the right limb of the Proctor curve should be slightly to the left of S = 100%, 
because compaction does not remove all of the air. Example 6.1 illustrates this technique. 

Example6.1 

A Proctor compaction test has been performed on a soil sample . The test results were as 
foliows: 

Data Point No. 2 3 4 5 

3.921 

Mass of can (g) 20.11 21.24 19.81 20.30 20.99 

Mass of can + wet soil (g) 240.85 227.03 263.45 267.01 240.29 

Mass of can + dry soil (g) 231.32 2 12.65 241.14 238.81 209.33 

The mass of the cornpaction mold was 2.031 kg. The moisture content tests were performed 
on small portions of the compacted soil samples. 

a. Compute y d and w for each data point and plot these results 
b. Develop and plot curves for S= 80% and S= 100% using a specific gravity of 2.69. 
c. Using the data from steps a and b, draw the Proctor cornpaction curve and determine 

(y d),nax and w o' 

Solution 

a. Computations for data point no. 1: 
Using Equations 4.12 and 6.1, 

w -w ms m y = 
V m 

(Mms -Mm)g 

V m 

(3.762kg- 2.031 kg) (9.81 mis 2) ( 1 N ) 

9.44xl0 ' 4 m3 1000 kN 

17.99 kN/m 3 
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Using Equation 4.3, 

w 

Using Equation 4.27, 

Excavation, Grading, and Compacted Fill 

M-M 1 2 
X 100% 

Ml -Me 

240.85 g - 231.32 g X lOO% 
231.32 g - 20.11 g 

= 4.5% 

y = _y_ 
d 1 + w 

17.99 kN/m 3 

1 + 0.045 
17.22 kN/m 3 

Chap.6 

Thus, this data point plots at w = 4.5%, yd = 17 .22 kN/nr. Followíng the same procedure 
for the other data points gives: 

Data Point No. 2 3 4 5 

y (kN/m}) 17.99 19.64 20.81 21.41 20.88 

w 4.5% 7.5% 10. 1% 12.9% 16.4% 

y¿ (kN/m3
) 17.22 18.27 18.90 18.96 17.94 

b. U sing Equation 4.32, select values of y J in the range of test data from step a and compute 
the corresponding values of w for S= 80% and 100%: 

Ya 
w 

(kN/m3
) @ S=80% @S= 100% 

16.00 19.3% 24.1% 

18.00 13.9% 17.3% 

20.00 9.5% 11.9% 

c. Plot the data points from part a and the curves from part b, then draw the compaction 
curve as shown in Figure 6.29. 

The final resu\ts are: 
(yd),.,. = 19.0 kN/m3 

w. == 11.8% 
-Answers 
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16L_ ______ L_ ____ ~------~----~~----~~ 

Figure 6.29 Laboratory test 
results for Example 6.1. 

Relativa Compaction 

o 5 10 15 20 25 
w 

Once the maximum dry unit weight has been established for the soil being used in the 
compacted fill, we can express the degree of compaction achieved in the field by using the 
re/ative COmpaction, C R: 

yd 
-----X ]00% 
(Y)max 

(6.2) 

where: 
y d = dry unit weight achieved in the field 

(yd)ma• = maximum dry unit weight (from a Proctor compaction test) 

Most earthwork specifications are written in terms of the relative compaction, and 
require the contractor to achieve at least a certain value of CR . For example, if a certain soil 
has (y d)= = 120 lb/fe and the project specifications require CR ::: 90%, then the contractor 
must compact the soil until y d ~ 108 lb/ft 3

• 

The mínimum acceptable value of CR listed in a project specification is a compromise 
between cost and quality. If a low value is specified, then the contractor can easily achieve 
the required compaction and, presumably, will perform the work for a Jow price. 
Unfortunately, the quality will be low. Conversely, ahigh specified value is more difficult 
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to achieve and will cost more, but will produce a high-quality fill. Table 6.2 presents typical 
requirements. 

TABLE 6.2 TYPICAL COMPACTION SPECIFICATIONS 

T ype of Project 

Fills to support buildings or roadways 

Upper 150 mm of subgrade below roadways 

Aggregate base material below roadway.~ 

Earth dams 

Mínimum Required 
Relative Compaction 

90% 

95% 

95% 

100% 

In Chapter 4 we defined the relative density, DR> which is based on the mínimum and 
maximum void ratio (Equation 4.20). This parameter is similar to CRin that both reflect soil 
compaction and both are expressed as a percentage, but they are not numerically equal. In 
addition, sorne engineers and contractors incorrectly use the term "relative density" when 
they are really describing relative compaction. This is often a source of confusion, so it is 
important to be careful when using these terms. 

Modified Proctor Test 

During the l940s and 1950s, geotechnical engineers found the standard Proctor test was no 
longer sufficient for airport and highway projects because ftlls were not providing adequate 
support for heavy trucks and aircraft. The U.S. Army Corps of Engineers addressed this 
problem by developing the modífied Proctor test, which used greater levels of compaction 
and thus produced higher values of (yd)max. The principal differences between the standard 
and modified tests are shown in Figure 6. 30 and Table 6.3. This method was later adapted 
by the American Association of State Highway and Transportation Officials (AASHTO) and 
ASTM, and is now the most commonly used standard. The concurrent development of 
heavier and more efficient earthmoving and compaction equipment made it practica! to 
implement this higher compaction standard. 

TABLE 6.3 PRI NCIPAL DIFFERENCES BETWEEN STANDARD ANO MODIFIED 
PROCTOR COMPACTION TESTS 

Standard Proctor Test Modified Proctor Test 

Standards 
ASTM D698 and ASTM Dl557 and 
AASHTOT-99 AASHTO T -180 

Hammer weight 5.5 lb (2.49 kg) 10.0 lb (4.54 kg) 

Hammer drop height 12 in (305 mm) 18 in (457 mm) 

Number of soíllayers 3 5 

Number of hammer blows 
25 25 

per \ayer 

Energy imparted from 12c:f0 ft~m 
3 56,000 ft -lb/ft3 

hammer for each sample (6 kN- mJ) (2,700 kN-m/m3
) 
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Figure 6.30 Comparison of 
standard Proctor test and 
modified Proctor test res u lts on 
the same soil. 
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w 

Figure 6.30 shows how the term "maximum" dry unit weight is misleading, because 
the standard and modified tests have two different "maximums." For each test, (Ydk is the 
greatest dry unit weight achieved for that level of compactive effort (i.e., for so many blows 
of a certain hammer). Neither of these values represents the largest possible dry density. 
Figure 6.30 also shows how the optimum moisture content for the modified test is slightly 
less than that for the standard test. 

The y d achieved in the field will generally be less than (yd)max even if the moisture 
content is exactly equal to w

0 
because the contractor usually applies less compactive effort 

(i.e., so many passes of a certain kind of roller). This is acceptable so long as the project 
specifications permit relative compactions of less than 100%, which they usually do (see 
Table 6.2). However, sometimes the contractor applies large effort and exceeds (y d) max• 

thus producing a relative compaction of more than 100%. This is especial! y likely on earth 
dams, where high levels of compaction are required. 

Compaction Methods and Soil Fabric 

Based on the Proctor compaction test results alone, it would appear that all fills should be 
compacted with a moisture content about equal to the optimum moisture content (w"' w 

0
) 

because this method achieves the highest y d for the least compactive effort (i.e., for the 
lowest cost). This is what is done on most projects. 

However, soils compacted slightly wet or dry of optimum also can achieve the 
required y d' through the use of additional compactive effort. Although this method is more 
expensive, it produces a fill with a different fabric, and possibly more favorable engineering 
properties, especially in clays (Lambe, 1958). When compacted dry of optimum, clays have 
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a flocculated fabric as shown in Figure 6.31. Such soils have a higher hydraulic 
conductivity (i.e., they pass water more easily) and a greater shear strength than those 
compacted wet of optimum, even though y d is the same for both. Conversely, clays 
compacted wet of optimum have a more oriented fabric, which also affects the engineering 
properties. 

The fabric in clay fills also depends on the compaction method. For example, pressure 
compaction produces a different fabric than manipulation compaction, even though both 
may produce the same y d' These effects are especially pronounced when the soil is 
compacted wet of optimum. 

Figure 6.31 Effect of moi sture content 
during compaction on soil fabric in 
clays. w 

Although these fabric effects are generally not considered in routine compacted fill 
projects, they can become important in critica! projects, such as earth dams or very deep 
fills . For example, clays used to build the core of an earth dam might be placed wet of 
optimum to provide a low hydraulic conductivity. Such projects may include performing 
a series of laboratory tests on soils using various compaction moisture contents and 
methods, and developing compaction specifications based on the results of these tests. 

Fiald Density Tests 

The final link in assessing fill compaction by the Proctor method is to measure yd in the fill, 
thus enabling us to use Equation 6.2. Severa) methods have been developed to do so, and 
they are known asfield density tests. All ofthese methods can be performed in the field, 
thus making it possible to immediately present the test results to the contractor. Such rapid 
feedback is important, because the contractor must rectify any inadequately compacted 
zones befare they are buried by additional fill. 
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Sand Cone Test 

One of the most common field density test methods is the sand cone test (ASTM D 1556). 
The test procedure is essentially as follows (see ASTM for details): 

l. Prepare a Jevel surface in the fill and dig a cylindrical hole about 125 mm (5 in) in 
diameter and about 125 mm (5 in) deep. Save all of the soil that comes out of the hole 
and determine its weight, W. 

2. Fill the sand corre apparatus, shown in Figure 6.32, with a special free-flowing SP 
sand similar to that found in an hourglass. Therr determine the weight of the corre and 
the sand, wl. 

3. Place the sarrd corre over the hole, as showrr in Figure 6.33. Therr operr the val ve, arrd 
allow the sand to fill the hole and the corre. 

4. Close the valve, remove the sand corre from the hole, and determine its new weight, 
w2. 

Figure 6.32 Use of a sand cone to 
measure the unit weight of a filL 

. : : : 

The volume of the hole, V, arrd unit weight of the fill, y, are: 

V (6.3) 
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where: 
V= vol u me of test hole 

y w 
V 

W1 = initial weight of sand cone apparatus 
W2 = final weight of sand cone apparatus 

y sand = unit weight of sand u sed in sand cone 
veo ... = volume of sand cone below the val ve 

y = unit weight of fill 
W = weight of soil removed from test hole 

(6.4) 

Figure 6.33 A sand cone test 
being performed in the field. 

Although a field engineer or soils technician can quickly measure y in the field using 
the sand cone test, he or she still needs to measure the moisture content to obtain yd and CR 
(using Equations 4.27 and 6.2). Normally this requires placing a soil sample in an oven 
ovemight, as described in Chapter 4, but such a procedure would be unacceptably slow. 
Therefore, special rapid methods have been developed to measure the moisture content in 
the field. These include: 

• "Stir-frying" the soil sample in a frying pan over a portable propane stove. This 
method is fast, and gives reasonably accurate results in clean sands and gravels, but 
is much hotter than a laboratory oven, and thus can produce erroneous results in clays 
and organic soils. The computed moisture content in such soils will usually be too 
high. 
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• Mixing the soil wíth calcium carbide in a specíal sealed container known as a Speedy 
moisture tester. The water in the soil reacts with the calcium carbíde (CaC) to 
produce acetylene gas (C2H2), and this reaction continues until the water is depleted. 
A pressure gage measures the resulting pressure generated by the production of this 
gas, and it is experimentally calibrated to compute the moisture content. The results 
are notas accurate as a standard laboratory moisture test, but are usually sufficíent for 
field densíty tests. 

When carefully performed, the sand cone test is very accurate, and the equipment is 
inexpensive and durable. 

Orive Cylinder Test 

Another field density test method is the 
drive cylinder test (ASTM D2937). It 
consists of driving a thin-wall steel tube 
into the soil using a special drive head and 
a mallet as shown in Figure 6.34. The 
cylinder is then dug out of the fill using a 
shovel, the soil ís trimmed smooth, and it 
is weighed. The unit weight of the fill is 
then computed based on this weight and 
the volume of the cylinder, and the 
moisture content is determíned as 
discussed earlier. 

The drive cylinder test is much faster 

Mallet 

than the sand cone method and only Figure 6.34 The drive cylinder test. 
slightly less precise. However, it ís only 
suitable for fills with sufficient silt and 

Holding tool 

Drive cylinder 

clay to provide enough dry strength to keep the sample inside the cylinder. lt is not 
satisfactory in clean sands, because they fall out too easily, or in gravelly soils. 

Nuclear Density Test 

A third type of field density test is the nuclear density test (ASTM D2922). lt consists of 
a special device, shown in Figure 6.35, that emits gamma rays and detects how they travel 
through the soil. The amount of gamma rays received back into the device correlates with 
the unit weight of the soíl. The nuclear density test also measures the moisture content of 
the soil in a similar way using alpha particles. 

Both the unit weight and moisture content measurements depend on empirical 
correlations, which ultimately must be programrned into the device. This allows ít to 
directly display both parameters on digital electronic readouts. 

The nuclear test can encounter problems in fills with unusual chemistries, and needs 
regular calibration to maintain its accuracy. In addition, personnel must have special 
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radiation trammg before using this 
equipment. Also, because the equipment 
contains a source of radiation, it cannot 
be shipped through normal channels, 
such as in commercial aircraft or via 
mail. 

In spite of its use of "hi-tech" 
equipment, the nuclear method is slightly 
less accurate than the sand cone. This is 
because it is based on empirical 
correlations with the transmission of 
radiation, while the sand cone uses direct 
measurements of weight and volume. 
However, the nuclear test has sufficient 
accuracy for compaction assessments of 

Chap.S 

normal fills, and is fas ter than the sand Figure 6.35 Perfomúng a nuclear density test in the 

cone. This saves time in the field, so its field. 

chief attraction is an economic one. 
Therefore, it has generally become the preferred method for many geotechnical firms and 
agencies. 

Water Ring Test 

Sometimes engineers wish to place fills that contain cobbles and small boulders. For 
example, sorne earth daros contain zones made of such soils. Unfortunately, conventional 
field density test methods are not applicable because of the large partid e size. One way to 
evaluate such fills is the water ring test shown in Figure 6.36. This test uses a much larger 
sample (the ring is typically about 1800 mm in diameter) and uses water instead of sand to 
measure the volume (ASTM 05030). 

~~ 
\ :.?' /' _;./; 

a b 

Figure 6.36 Use of a water ring test to assess compaclion in an earth dam with cobbles and boulders: a) Hole has been 
dug and excavated soils ha ve been weighed; b) Hole has been lined with plastic and filled with water to measure its 

volume. 
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Example 6.2 

A sand cone test has been perfonned in a compacted fill made with the soil described in 
Example 6.1. The test results were as follows: 

Initial mass of sand con e apparatus = 5.912 kg 
Final mass of sand cone apparatus = 2.378 kg 
Mass of soil recovered from hule= 2.883 kg 
Moisture content of soil from hale = 7.0% 
Density of sand = 1300 kg/m 3 

Vo1ume of cone below valve = 1.114 x 10·> m-' 
The project specifications require a relative compaction of at least 90%. 

Compute y J and CR and determine whether the project specifications have been met. If 
not, suggest a course of action. 

Solution 

(Mran,¡)cmlt , hole 5.91 2 kg - 2.378 kg 3.534 kg 

y 

3.534 kg 

1300 m 3 
2.718xto·3 m 3 

P .mtld 

(2.883kg)(9.81 mJs 2)(~) 
IOOON 

2.828xl0'2 kN 

Wsoil 2.828x10 2 kN 17.63 kN/m 3 

vlwle 1.604xl0'3 m 3 

_Y_ 17.63 kN/m 3 

16.5 kN/m 3 

1 + w 1 + 0.070 

16.5 kN/m 
3 

x lOO% 

19.0 kN/m 3 
86.8% = Answer 
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Conclusion and Recommendation 

The relative compaction is less than the required 90%, so the specifications ha ve not been met. 
This may be at least partially due to the low moisture content, which is well below optimum. 
Suggest ripping the soil, adding water, mixing, and recompacting. 

QUESTIONS ANO PRACTICE PROBLEMS 

6.5 How does the dry unit weight, y ct differ from the unit weight y? Why is the Proctor method 
of assessing soil compaction based on the dry unit weight and not the unit weight? 

6.6 A compacted fill, currently under construction, will support a proposed supermarket. One of 
the field density tests in this fill found a unit weight of 121 lb/ft 3 and a moisture content of 
12.5%. A Proctor compaction test has also been performed on the fill soils using the modified 
method (ASTM D 1 557), and it produced a maximum dry unit weight of 117 lb/ft 3 and an 
optimum moisture content of 13.0%. Compute the relative compaction and determine whether 
or not it satisfies the normal compaction specification for such projects. 

6.7 A field densíty test has been conducted in a compacted fill that is currently under construction. 
The test results indicate a relative compaction of 101-103%, which made the construction 
manager believe the test must be incorrect. He believes it is impossible for the dry unit weight 
in the field to be greater than the maximum dry unit weight from the Proctor compaction test. 
Prepare a 200--400 word memo explaining why the relative compaction in the field could indeed 
be greater than 100%. 

6.8 A certain soil has a dry unit weight of 18.0 kN/m 3 and a specific gravity of solids of 2.67. 
Compute the moisture contents that correspond to S= 80% and S= lOO%. 

6.9 You are a geotechnical engineer and ha ve just received the results from a Proctor cornpaction 
test. Upon examining the results you notice the data plots to the right of the zero air voids 
curve. ls this cause for concern? Why do you think the curve plots like this? Will you tire the 
laboratory staff or give thern a raise? (Last question is optional!) 

6.10 A Proctor compaction test has been performed on a soil that has G ,= 2.68. The test results 
were as follows. The weight of the ernpty mold was 5.06 lb. 

Plot the laboratory test results and the 80 and 100% saturation curves, then draw the 
Proctor compaction curve. Determine the maximum dry unit weight (lb/ft ~ and the optimurn 
moisture content. 

Point 
No. 

2 

3 

4 

S 

Weight of 
Compacted Soil 

+ Mold (lb) 

8.73 

9.07 

9.40 

9.46 

9.22 

Moisture Content Test Results 

Mass ofCan MassofCan + Mass ofCan + 
(g) Moist Soil (g) Dry Soil (g) 

22.13 207.51 202.30 

25.26 239.69 225.27 

19.74 253.90 230.64 

23.36 250.93 219.74 

20.28 301.47 250.95 
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6.11 A Proctor compaction test has been performed on a soil that has G ,= 2.70. The test results 
were as follows: 

Mass of Moisture Content Test Results 
Point 
No. 

2 

3 

4 

5 

Compacted Soil 
+ Mold (kg) 

3.673 

3.798 

3.927 

3.983 

3.932 

Mass ofCan 
(g) 

22.11 

23.85 

19.74 

20.03 

21.99 

The mass ofthe empty mold was 1.970 kg. 

Mass ofCan+ Mass of Can+ 
Moist Soil (g) Dry Soil (g) 

205.74 196.33 

194.20 180.54 

196.24 177.92 

187.43 165.71 

199.59 171.11 

Plot the laboratory test results and the 80 and 100% saturation curves, then draw the 
Proctor compaction curve. Determine the maximum dry unit weight (kN/m) and the optimum 
moisture content. 

6.12 A sand cone test has been performed in a recently compacted fill. The test results were as 
follows: 

Initial weight of sand cone + sand = 13.51 lb 
Final weight of sand cone + sand = 4.26 lb 
Weight of sand to fill cone"" 2.12lb 
Weight of soil from hale + bucket = 12.421b 
Weight of bucket = 1.21 lb 
Moisture content test 

Mass of empty moisture content can = 23.11 g 
Mass of moist soil +can= 273.93 g 
Mass of oven-dried soil + can = 250.10 g 

The sand used in the sand cone had a unit weight of 81.0 1b/ft~ and the fill hada maximum dry 
unit weight of 121 lb/ft 1 andan optimum moisture content of 11.7%. Compute the relative 
compaction. 

6.4 SUITABILITY OF SOILS FOR USE AS COMPACTED FILL 

When imported soils are required, we often ha ve the opportunity to choose between severa! 
borrow sites, each with a different soil. Our selection is based on their engineering 
properties, the cost of importing them, and other factors. Often we only require that the 
import soils be at least as good as those onsite, but sometimes other criteria might apply. 

The following list summarizes the suitability of various soil types, and could be u sed 
to assist in selecting an import source. 

Gravels (GW, GP, GM, GC) 
Gravels make good fills that have high strength and low compressibility. These fills 
aJso retain their strength when wetted. GW and GP soils have a high hydraulic 
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conductivity that allows water to drain quickly, which is especially important in 
highways. Base material below pavements is always a GW or GP. GM and GC soils 
have substantially lower hydraulic conductivity, and do not drain nearly as well. 
Gravels easily compact to a high unit weight over a wide range of moisture contents, 
but are prone to caving if they must later be excavated, such as for utility trenches. 

Sands(SVV,SP,S~,SC) 

Sands also make good fills that ha ve high strength and low compressibility. SW and 
SP soils retain virtually all of their strength when wetted; SM and SC lose sorne 
strength, but still remain good. If sands are too wet or too dry, they can easily be 
brought to the optimum moisture content, and they can be compacted over a wide 
range of moisture contents. However, SP and SW soils are problematic when exposed 
at the ground surface, because vehicles can become stuck and grades are difficult to 
maintain. SP and SW soils also are especially prone to caving into small excavations 
such as utility trenches. All sandy soils are susceptible to surface erosion unless 
protected, such as with vegetation. SM and Se soils are nearly ideal for most 
applícations, so long as their moderate hydraulic conductivity is acceptable. 

Low Plasticity Silts and Clays (~L and CL) 
ML and eL soils are less desirable than SM or se because they lose more strength 
when wetted and require more careful moisture control. They also are more difficult 
to dry if initial moísture content is far from the optimum, and are prone to frost heave 
problems in freezing climates. Nevertheless, they usually make acceptable fills. 

High Plasticity Silts and Clays (~H and CH) 
MH and eH soils are the best choice when very low hydraulic conductivity is 
required, such as in landfill caps. Otherwise they are difficult to handle and compact, 
especially when initial moisture content is above optimum. These soils expand when 
wetted, which can cause problems in pavements, lightly loaded foundations, flatwork 
concrete, and similar projects. They are a poor choice for retaining wall backfills 
because of their expansiveness, low wet strength, and low hydraulíc conductivity. 

Organic Soils (OL and OH) 
Organic soils are very poor choices for compacted fills and are unsuitable for most 
applications. They are weak and compressible and difficult to compact. Never bring 
them in asan import soil (except for landscaping purposes). lf OLor OH soils are 
being generated from onsite cuts, try to place them away from critica! areas and 
consider hauling them away. 

Peat (Pt) 
This soil is extremely poor. lt makes fills that are weak and compressible, and are 
unsuitable for support of buildings or pavements. However, peat is ideal for use in 
landscape areas because of its fertility. 
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6.5 EARTHWORK QUANTITY COMPUTATIONS 

Grading Plans 

When planning earthwork construction, civil engineers begin with a topographic map of the 
existing ground surface, then we develop a new topographic map showing the proposed 
ground surface. These two maps are usual! y superimposed to produce a grading plan, such 
as the one in Figure 6.37. When the proposed elevations are higher than the existing ones, 
a fill will be required, whereas when they are lower, a cut becomes necessary. 

The design engineer al so uses these two sets of elevations to compute the anticipated 
quantities of cut and fill. Such computations can be performed by hand, but they are more 
likely done by computer, and the results are always expressed in terms of volume, such as 
cubic yards or cubic meters. 

If extra soil needs to be hauled to the si te to produce the requíred grades, the project 
has a net import. Conversely, when extra soil is left over and needs to be hauled away, it 
has a net expon. Finally, when neither import nor export is required, the earthwork is said 
to be balanced. We usually strive to design the proposed grades such that the earthwork is 
el ose to being balanced because importing and exporting soils can become very expensive. 

Bulking and Shrinkage 

Let us considera grading project that consists of excavating soil from one area, transporting 
it, and placing it as compacted fill in another area, as illustrated in Figure 6.38. The 
excavation will occur in an area called the bank. At this particular site, each cubic yard of 
soil has a weight of 2700 lb (other sites would have different weights). The soil is loosened 
as it is removed and Ioaded into a dump truck, so the 2700 lb now occupies a volume of 
1.25 yd3

• This is called the loase condition. Finally, it is placed and compacted and the 
volume shrinks to 0.80 yd3

; the compacted condition. These changes in volume are 
important to the con tractor beca use they affect the equipment producti vity, and to the design 
engineer because they affect the amount of fill produced by a given amount of cut. 

The change in volume from the bank to the loose condition is called bulking or swell 
and depends on the unit weight in the bank, the soil type and moisture content, and other 
factors. Sands and gravels typically have about 10% bulking, while silts and clays usually 
have 30--40%. This means the contractor will need more equipment to transporta given 
volume of soil per da y. 

The net change in volume from the bank to compacted conditions is the shrinkage 
factor, LlVIV¡: 

(6.5) 
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'* Figure 6.37 A small portion of a grading plan for a proposed residential tract. The contour lines represen! the existing 
conditions, while the spot elevations represen! the proposed conditions. Proposed lots are located along the left and 
bottom right portions of the drawing. Key to notation: FG = finish grade; FL = flow line; GB =grade break; HP = high 
point; TC = top of curb. Scale: 1 in = 30 ft. All elevations and dimensions are in fcet (Algis Marciuska, Civil Engineering 
Department, Cal Poly University, Pomona). 
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where: 
.6. V= change in volume during grading 

Vr = volume of fill 
(y J)¡ =average dry unit weight of fill 
(y J),.= average dry unit weight of cut (i.e., the bank soil) 

TRANSPORT 

Excavate Compact 
V= 1 yd3 V= 1.25 yd3 

BANK LOOSE 

V= 0.80yd3 

COMPACTED 

Figure 6.38 Changes in volume as soil is excavated. transported, and compactcd. 
The numerical values are examples and would be different for each soil. 
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A positive value of .6. V/V1 indicares shrinkage (a net decrease in volume), while a 
negative va1ue indicates swelling (a net increase). These are not the same as shrinkage or 
swelling of expansive soils, as discussed in Chapter 18. Most soils have a positive 
shrinkage factor because modem construction equipment usually compacts the soil to a dry 
unit weight greater than that in the bank. 

If a civil engineer plans a project for 100,000 m 3 of cut and 100,000 m3 of fill without 
accounting for shrinkage, he or she will probab1y have an unpleasant surprise during 
construction. lf the soils at this si te ha ve 10% shrinkage, the 100,000 m 3 removed from the 
cut area will produce only 90,910 m 3 of fill, which means 9,090 m3 of import will suddenly 
be required to reach the proposed grades. This will come as a surprise during construction 
and will be even more expensive than usual because of the urgency of the situation, idle 
workers and equipment, and the lack of money in the project budget. Such situations ha ve 
been the source of many lawsuits. However, if the design engineer had properly accounted 
for shrinkage, the proposed grades could ha ve been set accordingly (perhaps with 104,000 
m3 of cut and 94,550 m3 of fill), or at least the need for imported soils would have been 
known in advance. 

The value of (y d)c may be obtained from unit weight measurements on undisturbed 
samples from borings made in the cut area, while (y ),is obtained from Proctor compaction 
test results and project specifications for e ~r However, the project specifications quote a 
mínimum acceptable value for C R> such as 90%, while Equation 6.5 requires the average 
value of (y )f Grading contractors typically exceed the mínimum requirements, so the 
shrinkage computations must be adjusted accordingly. Usually it is sufficient to compute 
("y J)f using a CR value 2% higher than the mínimum required in the project specifications. 
For example, if the specifications require e R 2 90%, then use (y ) 1= 0.92 (y d)max· 

A1though Equation 6.5 is the most common definition for shrinkage factor, sorne 
engineers use .dV!Vc expressed as a percentage, while others use the ratio V¡ N, expressed 
in decimal form. This lack of consistency can be a source of confusion, and has lead to 
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further lawsuits. Therefore, it is important to be careful when using this term. The best way 
seems to be to use both the term and the variable, (i.e., "the shrinkage factor, L1VJV¡. is about 
5%"). 

Example 6.3 

Twelve undisturbed soil samples were obtained from borings in a proposed cut area. These 
samples hadan average y d of 108 lb/ft3 and an average w of 9.1 %. A Proctor compaction test 
performed on a representative bulk sample produced (y 4 ) "'"' = 124 lb/ft 3 and w o= 12.8%. A 
proposed grading plan calls for 12,000 yd3 of cut and 11,500 yd3 of fill, and the specifications 
call for a relative compaction of at least 90%. 

a. Compute the shrinkage factor 
b. Compute the required quantity of import or export soils based on the unit weight of the 

cut. 
c. Compute the weight of import or export in tons using the moisture content of the cut. 
d. Compute the required quantity of water in gallons to bring the fill soils to the optimum 

moisture content. 

Solution 

a. Using an average relative compaction of 92%: 

~ = - -- 1 x lOO% = -- 1 x 100% = 6% (Sbnnkage) <= Answer ~V [(yd)f ] [114 J . 
V¡ (y d)c 108 

b. 

Cut required to produce 11,500 yd3 of fill = 11,500 yd3 + 690 yd3 = 12,190 yd3 

Required import = t 2,190 yd 3 - 12,000 yd3 = 190 yd3 
<= Answer 

c. 

W = V y d = ( 190yd 3 
) ( ]!t_) 3 

( 1 08lb/ft 3) ( __li.__) = 277 T 
' 1~ ~Olli 

W = W,(l + W) = (277 T)(l + 0.091) = 302 T -= Answer 
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Based on Equation 4.1, the weight of water to be added is the required increase in the 
moisture content, .iw times the dry weight: 

(W,.)added = .iw W, = (0.128 - 0.091)(35.4xl06 lb) = 1.31x106 lb 

Water has a unit weight of 8.34lb/gal, so: 

1.31 x106 lb 
8.34lb/gal 

157,000 gal - Answer 

Comments 

If our estímate of the shrinkage factor was in error, perhaps because the undisturbed samples 
were not tru1y representative, and the true shrinkage factor was 10%, the required import 
volume becomes 650 yd 3 instead of the computed 190 yd ? Such a situation would not be 
unusual in practice. Although this difference represents an 340 percent increase in the required 
import quantity, it is only 4 percent of the total fill volume. Therefore, it is important to keep 
in mind the potential effects of small errors in the computed shrinkage factor. 

Sometimes the weight of fills cause significan! settlement in the underlying natural 
soils. Sorne or all of this settlement may occur during construction, but much of it often 
occurs after construction. In either case, the earthwork quantity computations will be 
affected. We will discuss methods of predicting these settlements in Chapters 11 and 12. 

6.6 LIGHTWEIGHT FILLS 

Normal fills are very heavy. For example, a 2m thíck fill, which many people would hardly 
notice, has about the same weight as a six-story building. Usually this weight is nota major 
concem, but in sorne situations it can be problematic. For example, 

• If the natural soils below the fill are soft, its weight will cause them to consolidate, 
thus producing large settlements at the ground surface. This can be especially 
problematic in fills leading to bridge abutments because the bridge (which is probably 
supported on pile foundations) does not settle with the abutrnent fill. See the example 
in Figure 11.2. 

• The weight of a fill imposes new stresses on buried structures, such as pipelines or 
subway tunnels, and may overload them. 

• The weight of a fill placed behind a retaining wall imposes stresses on the wall. 
• The weight of a fill placed on a slope decreases the stability of that slope, possibly 

leading to a landslide. 



200 Excavation, Grading, and Compacted Fill Chap. 6 

When these issues are a concem, geotechnical engineers sometimes use special 
lightweight materials to build fills. These materials allow the fill to achieve the same 
elevation, without the adverse effects of excessive weight. 

Various materials have been used as lightweight fLlls. When selecting the most 
appropriate material, the engineer needs to find the best comprornise between cost and unit 
weight. For example, various cementitious materials with unit weights of 3.8-12.6 kN/m3 

(24-80 lb/fe) are available, and can be pumped into place. Automobile tires chopped into 
small pieces also have been used as lightweight fill material (Whetten, et al. , 1997). 
Another lighter, but more expensive, option is to use expanded polystyrene (EPS) and 
extruded polystyrene (XPS), otherwise known as geofoam (Horvath, 1995; Negussey, 
1997). These are essentially the same as the materials commonly called "styrofoam," except 
they are supplied in large blocks that are stacked on the ground as shown in Figure 6.39. 
The unit weight of geofoam used for geotechnical engineering purposes is only 1.25 lb/ft 3 

(0.20 kN/m3
), yet it has sufficient strength and stiffness to support heavy externa] loads, 

such as those from vehicles. 
For example, a 20 ft deep fill placed against a bridge abutment would induce an 

increase in total vertical compressive stress, .6.a,, of about 2400 lb/fr in the underlying soils. 
If these soils are soft, the resulting settlement could be substantial. However, the same fill 
made from geofoam would induce a .6.o, of only 25 lb/ft 2 plus the weight of the soil cover 
and pavement. The resulting settlement would be far less. 

Geofoam also has other uses, such as providing thermal insulation, compressible 
inclusions (i.e., soft spots to protect underground structures from excessive stresses), 
vibration damping, and fluid transmission through intentional voids in the foam (Horvath, 
1995). 

6 . 7 DEEP FILLS 

Figure 6.39 Geofoam blocks 
being placed to produce a 
lightweight fill for a highway 
in Colorado. (BASF 
Corporation) 

Deep compacted fills have been used for many years in the construction of earth dams. 
However, during the last third of the twentieth century, deep fills also became increasingly 
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common in other kinds of projects, such as highways and residential developments. Fill 
thicknesses of 30m or more became quite cornmon, and these fills were constructed using 
the same techniques that had been successful in other more conventional fills. 
Unfortunately, sorne of these deep fills ha ve experienced excessive settlements, which in 
sorne cases have damaged buildings and other structures (Rogers, 1992c; Noorany and 
Stanley, 1994). 

The settlement problems with these deep fills stem from the following characteristics 
and processes: 

• The fills are very heavy, and thus induce large compressive stresses in the lower parts 
of the fill and in the underlying soils. 

• Loose natural soils were usually removed befare placement of the fills, but these 
removals often were not as extensive as they should have been. 

• Although the fills were typically placed at a moisture content near optimum, they 
slowly became wetter due to the infiltration of water from rain, írrigation, broken 
utility pipelínes, and other sources. 

• The wetting of the lower portions of the fill and the underlying natural soils often 
caused them to compress, causing settlements that varied with the fill thickness. 
When such fills were placed in old canyons, the thickness often changed quickly over 
short distances, thus causing large differential settlements (i.e., differences in 
settlements) over short distances. 

• If the fill was made of expansive soils, the wetting caused heaving in the upper zones, 
which sometimes offset the compression of the underlying fill, and other times 
aggravated the differential settlements. 

Unfortunately, these processes typically required severa! years to develop, which was 
long after structures and other improvements had been constructed on the fill. As a result, 
a large number of lawsuits ensued. These problems have resulted in new methods of 
designing and constructing such projects, including the following: 

• The customary requirement for 90% relative compaction may not be sufficient for the 
lower portions of deep fills. In sorne cases, higher standards may be required. 

• Removals of loose natural soils beneath proposed fills must be more aggressive than 
previously thought. 

• The use of highly expansive soils needs to be more carefully controlled. 
• Designs must be based on the assumption that sorne wetting will occur during the 

lifetime of the fill. 

These effects may be evaluated by conducting an appropriate laboratory testing program 
using the proposed fill soils, then performing special analyses to predict the Iong-term 
settlements (Noorany, Sweet, and Smith, 1992). Based on the results of such a testing and 
analysis program, we can develop a design to keep fill settlements within tolerable limits. 
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QUESTIONS ANO PRACTICE PROBLEMS 

6.13 A proposed building site requires 1,200 yd 3 of imported fi\1. A suitable borrow site has been 
located, and the soils there have a shrinkage factor of 13%. How many cubic yards of soil must 
be excavated from the borrow site? 

6.14 A contractor nceds to excavate 50,000 yd 3 of silty clay and haul it with Caterpillar 69C dump 
trucks. Each truck can carry 30.9 yd 3 of soil per load, and operates on a 15-minute cycle. The 
job must be completed in five working days with the trucks working two 8-hour shifts per day. 
Using a bulking factor of 30%, how many trucks will be required? 

6.15 A proposed grading plan requires 223,120 m3 of cut and 206,670 m3 of fill. Laboratory tests 
on a series of undísturbed samples from the cut area produced the following results: 

Sample No. Dry Unit Weight Moisture Content 
(kN/m3

) (%) 

3-1 17.3 9.1 

3-2 17.7 9.5 

5-l 16.8 8.9 

5-2 17.1 7.2 

8- 1 16.0 12.0 

A Proctor compaction test on a representative bulk samp1e produced a maximum dry unit 
weight of 19.2 kN/m 3 andan optimum moisture content of 1 0.2%. The project specifications 
require a relative compaction of at least 90%. 

a. Determine the shrinkage factor and compute the required vo!ume of import or export, if 
any. Use the dry unit weight of the cut when computíng any import or export quantíties. 

b. Determine the weight of any import or export soil, assuming it has a moisture content 
equal to the average moisture content in the cut. Express your answer in metric tons (1 
metric ton = 1000 kg1= 1 Mg1). 

6.16 A 3.0 ft deep cut is to be made across an entire 2.5-acre site. The average unit weight of this 
soil is 118 lb/fe, and the average moisture content is 9 .6%. It al so has a Proctor maximum dry 
unit weight of 122 lb/ft3 andan optimum moisture content of 11.1 %. The excavated soil will 
be placed on a nearby si te and compacted toan average relative compaction of 93%. Compute 
the volume of fill that will be produced, and express your answer in cubic yards. 

6.17 A proposed highway is to pass through a hilly area and will require both cuts and fills. The 
horizontal alignment is fixed, but the vertical alignment can be adjusted within certain limíts 
to make the earthwork balance. The design engineer has developed four tria! vertical 
alignments, with A being the lowest one and D being the highest. The resu1ting earthwork 
requirements are as follows: 
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Trial Vertical Cut Volume Fill Volume 
Alignment (m') (mJ) 

A 40,350 35,120 

B 39,990 35,490 

e 39,180 36,010 

D 38,400 36,950 

Using a shrinkage factor of 12%, determine which alignment would balance the earthwork. If 
none of the tria! alignments work, then express your answer in terms of two of them (i.e., 20% 
of the way from e to 0). 

6.18 Make a xerox copy ofthe grading plan in Figure 6.37, then compare the existing and proposed 
grades. Using colored pencils, apply red shading to the fi ll areas and blue shading to the cut 
areas. Consider only the area south of the tract boundary (Iine 21 ). You may interpolare and 
extrapolate between and beyond the two contour lines (the fui! drawing, which is much larger, 
includes many more contour línes). Finally, locate the area that will receíve the greatest depth 
of fill, and determine this depth. 

SUMMARY 

Major Points 

l. Many civil engineering projects include making cuts and fills, and this work requires 
the active participation of geotechnical engineers. 

2. Improperly designed or constructed fills often are problematic, but with proper design 
and construction, they provide reliable support for structures, highways, and other 
civil engineering works. 

3. The advent of modern earthmoving equipment has made it possible to perform very 
large earthwork projects with high Jevels of reliability and efficiency at very low cost 

4. Design engineers need to be familiar with earthwork construction methods and 
equipment. 

5. Proper compaction is very important. It is usually assessed using the Proctor 
compaction test, along with a series of field density tests. 

6. When soils are excavated, transponed, and placed as compacted fill, their volume 
usually changes. Contractors need to consider these changes when estimating their 
equipment needs and productivity, and design engineers need to do so when 
developing grading plans. 

7. Sometimes it is useful to use lightweight materials, such as geofoam, to build fills. 
These materials produce Iess stress in the underlying soils, and thus can help control 
settlement problems. 
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Vocabulary 

backhoe 
blasting 
borrow pit 
bulking 
bulldozer 
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field density test 
fill 
fine grading 
flocculated fahric 
geofoam 

pneumatic roller 
Proctor compaction test 
relative compaction 
rippability 
ripper 

clearing and grubbing 
compacted fill 
compaction 

grading 
grading plan 
hoe 

rough grading 
sand cone test 
scraper 
sheepsfoot roller 
shrinkage 
shrinkage factor 

conveyor belt 
cut 
drive cylinder test 
dump truck 
earthwork 
embankment 
excavatability 
excavation 
excavator 

hydraulic fill 
loader 
maximum dry unit weight 
modified Proctor test 
moisture conditioning 
motor grader 
nuclear density test 
optimum moisture content 
oriented fabric 

smooth steel-wheel rollers 
standard Proctor test 
tamping foot roller 
tractor 
water ring test 
water truck 

COMPREHENSIVE OUESTIONS ANO PRACTICE PROBLEMS 

6.19 A fill soil with a natural moisture content of 10% andan optimum moisture content of 14% is 
being used to construct a compacted fill. The contractor is placing this soil in 400 mm lifts, 
spraying the top with a water truck, and compacting it using a towed sheepsfoot roller. A soils 
technician has performed a series of field density tests in this fill and has found relative 
compaction values between 80 and 92%. The measured moisture contents ranged from 1 Oto 
23%. The specifications require a relative compaction of at least 90%, so the fill is not 
acceptable. What is wrong with the contractor's methods, and what needs to be done to remedy 
the problem? 

6.20 A contractor needs to import 100,000 yd 3 
( compacted volume) of soil to build a small earth 

dam. Two methods of hauling this soil are being considered, as follows: 

Method A 
Use model XL37 scrapers, which have a capacity of 20 yd3

• These scrapers will 
need to be pushed by a model BDI2 bulldozer while they are loading soil at the 
borrow site, then can travel unassisted to the dam site and deposit the soil there. 
One BD 12 will be required for every six scrapers, and the scrapers can work on 
a cycle time of 30 min. The labor and equipment costs are as follows: 

XL37 scraper 
B D 12 bulldozer 

Method B 

$250 per hour 
$200 per hour 

Use model 98F wheelloaders at the borrow site to load the soil into model 356 
dump trucks. Each dump truck has a capacity of 11 yd 3, and one loader will be 
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required to service every five dump trucks The dump trucks will then haul the 
soil to the dam si te and deposit it there, which will require a cycle time of 20 min. 
The labor and equipment costs are as follows: 

98F wheelloader 
356 Dump truck 

$180 per hour 
$175 per hour 

Either method is acceptable, so the choice between them will be based solely on cost. The soil 
has a bulking factor of 30% anda shrinkage factor of 12%. The hauling needs to be completed 
within 20 working days, using one 8-hour shift per da y. 

Determine how many scrapers, bulldozers, loaders, and dump trucks will be needed to 
complete the hauling in the required time, then compute the cost of each method. Based on this 
computed cost, select the better method for this project. 

Note: These hourly rates are not necessarily representative of the actual costs of this 
equipment, and are for illustrati ve purposes onl y. 

6.21 The proposed grading at a project si te will consist of 25, 100 m 3 of cut and 23,300 m 3 of fill and 
will be a balanced earthworkjob. The cut area has an average moisture content of 8.3%. The 
fill will be compacted toan average relative compaction of93% based on a maximum dry unit 
weight of 18.3 kN/m 3 andan optimum moisture content of 12.9%. Compute the vo1ume of 
water in kiloliters that will be required to bring these soils to the optimum moisture content. 

6.22 A well-graded silty sand with a maximum dry unit weight of 19.7 kN/m 3 andan optimum 
moisture content of 11.0% is being used to build a compacted fi ll. Two field density tests ha ve 
been taken in the recently comp1eted fill, but one of these tests has produced resu1ts that are 
definitely incorrect. Test A indicated a relative compaction of 85% and a moisture content of 
8.9%, while Test B indicated a relative compaction of 98% anda moisture content of 14.9%. 
Which test is definitely incorrect? Why? 
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All streams flow into the sea, yet the sea is never full. To the place the 
streams come from, there they return again. 

Ecclesiastes l :7 (NIV) 

By the ancients, man has been called the world in miniature; and 
certainly this name is well bestowed, because inasmuch as man is 
composed of earth, water, air, and Jire, his body resembles that of the 
earth; and as man has in him bones, the supports andframework of his 
flesh, the world has its rocks, the supports of the earth; as man has in 
him a pool ofblood in which the lungs rise andfall in breathing, so the 
body ofthe earth has its ocean tide which likewise rises andfalls every 
six hours, as if the world breathed; as in that pool of blood veins have 
their origin, which ramify all over the human body, so likewise the 
ocean sea fills the body of the earth with infinite springs of water. The 
body ofthe earth lacks sinews, and this is because the sinews are made 
expressly for movements and the world being perpetually stable, no 
movement takes place, and no movement taking place, muscles are not 
necessary. But in all other points they are much alike ... ifthe body of 
the earth were not like that of a man, it would be impossible that the 
waters ofthe sea- being so much lower than the mountains- could 
by their nature rise up to the summits ofthese mountains. Hence, it is 
to be believed that the same cause which keeps the blood at the top of 
the head in man keeps the water at the summits of the mountains. 

Leonardo da Vinci (1452-1519) as quoted by Biswas (1970) 
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Karl Terzaghi once wrote " ... in engineering practice, difficulties with soils are almost 
exclusive! y due not to the soils themselves, but to the water contained in their voids. On a 
planet without any water there would be no need for soil mechanics" (Terzaghi, 1939). The 
presence of water, or at least the potential for its presence, is a key aspect of most 
geotechnical analyses. Therefore, this is a topic that is worthy of careful study. 

Specific water-related geotechnical issues include: 

• The effect of water on the behavior and engineering properties of soil and rock 
• The potential for water flowing into excavations 
• The potential for pumping water through wells or other facilities 
• The effect of water on the stability of excavations and embankments 
• The resulting uplift forces on buried structures 
• The potential for seepage-related failures, such as piping 
• The potential for transpon of hazardous chemicals along with the water 

In this chapter we will explore the fundamental principies of subsurface water. Chapter 8 
continues this discussion and applies these principies to practica! engineering problems. 

7.1 HYDROLOGY 

Hydrology is the study of water movements across the earth. It includes assessments of 
rainfall intensities, stream flows, and lake water levels, known as surface water hydrology, 
as well as studies of underground water, known as groundwater hydrology. These various 
movements are part of the grand process called the hydrologic cycle. 

The Hydrologic Cycle 

The movement of water across the earth is ultimately driven by energy received from the 
sun. Thus, the hydrologic cycle begins with water rising into the sky from open bodies of 
water through the process of evaporation, as shown in Figure 7.1. This process also draws 
water out of the near-surface soil, which dries the soil. A related process, called 
transpiration, acts through plants and draws water out of the ground through their roots. 

Water in the sky, which may be in the form of invisible water vapor or visible clouds, 
eventual! y falls to the earth as precipitation (rain, sleet, hail, and snow), much of which goes 
directly into the oceans. The precipitation that falls onto land and onto inland bodies of 
water becomes the source of virtual! y all surface water, much of which flows overland until 
it reaches streams or rivers, where it becomes streamjlow. 

A significant portion of the surface water soaks into the ground, either while it is 
flowing overland or after it has reached rivers or lakes. This infiltration recharges the 
groundwater. Water applied to the ground by irrigation also soaks in and can contribute to 
the groundwater. Although sorne of the infiltrated water remains near the ground surface, 
much of it penetrates down until it reaches the groundwater table, which is the fully 
saturated zone. 
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Precipitation 

1 1 ¡ Precipitation 

Transpiration 

Evaporation 

Evaporation 

Figure 7.1 The hydrologic cycle. 

These processes occur both in mountains and lowlands, so the groundwater eventually 
builds up and gains enough potential energy to begin flowing through the ground. 
Eventually this water reappears at the ground surface as springs, or it seeps directly into 
rivers or lakes. There it joins overland flows that eventual] y lead to sinks (low spots in the 
land) or the ocean, where the hydrologic cycle begins anew. 

Groundwater Hydrology 

Geotechnical engineers are mostly interested in the portions of the hydrologic cycle that 
occur underground. The terrn subsuiface water encompasses all underground water, 
virtually all of which is located wíthin the soil voids or rock fissures. A very small 
percentage of subsurface water is located in underground cavems, but this special case is 
not of much interest to geotechnical engineers. 

We use various kinds inforrnation to describe and understand subsurface water. One 
of the most important is the groundwater table (also called the phreatic suiface), which can 
be located by installing observation wells, as shown in Figure 3.23, and allowing the 
groundwater to seep into them until it reaches equilibrium. The water elevation inside these 
wells is, by definition, the groundwater table. Soil profiles represent the groundwater table 
as a line marked with a triang!e. as shown in Figure 7.2. It also can be presented as a series 
of con tour lines on a map. The groundwater table location is important, and finding it is one 
of the primary objectives of a site characterization program. 

The groundwater table often changes with time, depending on the season of the year, 
recent pattems of rainfall, irrigation practices, pumping activities, and other factors. At 
sorne Jocations these fluctuations are relatively small (perhaps less than 1 m or 3 ft), while 
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in other places the groundwater table elevation has changed by 1Om (30 ft) or more in only 
a year or two. Thus, the groundwater conditions encountered in an exploratory boring are 
not necessarily those we use for design. Often we need to use the observed conditions as 
a basis for estimating the worst-case conditions that are likely to occur during the project 
life. 

Subsurface water may be divided into two sections: 

• The portion below the groundwater table is called the phreatic zone. This water is 
subjected to a positive pressure as a result of the weight of the overlying water (and 
possibly due to other causes as well). Most subsurface water is in the phreatic zone. 

• The portian above the groundwater table is called the vadose zone. This water has a 
negative pressure, and is held in place by capillary action and other forces present in 
the soil. 

Technically, only the water in the phreatic zone is true groundwater. However, we often 
use the term "groundwater" to describe all subsurface water. 

Sorne soils, such as sands and gravels, can transmit large quantities of groundwater. 
These are known as aquifers, and are good candidates for wells. Other soils, such as clays, 
transmit water very slowly. They are known as aquicludes. Jntermediate soils, such as silty 
sand, pass water ata slow-to-moderate rate and are called aquítards. All three categories 
of soil might be present in a single soil profile, so the distribution and flow of groundwater 
can be quite complex. For example, a perched groundwater condítion can occur when an 
aquiclude separates two aquifers, as shown in Figure 7.2. In this case there may be two or 
more groundwater tables. 

Perched 

Figure 7.2 Soil pro file showing complex nature of groundwater. 

Artesian 
well 

An unconfined aquifer, such as the upper aquifer in Figure 7 .2, is one in whicb the 
bottom flow boundary is defined by an aquiclude, but the upper flow boundary (the 
groundwater table) is free to reach its own naturallevel. The groundwater occupies the 
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lower portian of the aquifer, justas water in a kitchen pot occupies the lower part of the pot. 
The zone of soíl through which the water flows is called the jlow regime. If more 
groundwater arrived at the site, the groundwater table in an unconfined aquifer would rise 
accordingly. 

Conversely, a confined aquifer, such as the lower aquifer in Figure 7.2, is one in 
which both the upper and lower flow boundaries are defined by aquicludes. This type of 
aquifer is similar to a pipe that is flowing full. Most confined aquifers also are artesian, 
which means the water at the top of the aquifer is under pressure. People often drill wells 
into such aquifers, because the water will rise up through the aquiclude without pumping. 
If the water pressure is high enough, artesian wells deliver water all the way to the ground 
surface without pumping. 

Figure 7.2 shows an ex.ample of an artesian condition. Groundwater enters the 
confined aquifer from the left si de of the cross-section, then travels down and to the right. 
By the time the water reaches the right side of the cross-section, it has developed an artesian 
head. In this case, someone has drilled a well through the overlying aquiclude and into the 
confined aquifer to take advantage of this artesian condition. 

7.2 COOROINATE SYSTEM ANO NOTATION 

Our groundwater analyses will use the three-dimensional Cartesian coordinate system 
shown in Figure 7.3 , where the x and y axes are in a horizontal plane and the z axis is 
vertical. For sorne analyses, geotechnical engineers express vertical dimensions in terms 
of elevation (z positive upward). However, it i s usually more convenient to work in terms 
of depth (z positíve downward). For example, we often speak of depth below the ground 
surface, depth below the groundwater table, or depth below the bottom of a foundation. In 
addition, boring logs are always presented in terms of depth below the ground surface. 
Therefore, in this book all z-values are expressed as depths with the positive direction 
downward, as shown in Figure 7.3. A z-value with no subscript indicates depth below the 
ground surface; z,., indicates depth below the groundwater table; and ¡¡ indicates depth below 
a foundation or other applied load. The depth from the ground surface to the groundwater 
table is D~ .. 

7.3 HEAD ANO PORE WATER PRESSURE 

In a fluid mechanics or hydraulics course, you studied (or will study) the concept of head 
and its usefulness in analyzing the flow of water through pipes and open channels. We will 
briefly review this concept in the context of pipe flow, then apply it to groundwater 
analyses. 

Consider the pipe shown in Figure 7 .4. lt has a cross-sectional area A, and contains 
water flowing from left to right ata velocity v. Thejlow rate, Q, is the quantity of water 
that passes through the pipe per unit of time: 
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Q vA (7.1) 

Foundatíon 

y 

f 
dz 

X l 
z 

Figure 7.3 Coordinate system used in groundwater analyses, along with typical soil element. 

Piezometer 

Area= A 

Q-

Point B 

h, 

-----------~~~~-- ----------------t ____ _ 

h 

Figure 7.4 A pipe with a piezometer 
and a Pitot tube. These instruments 
measure the heads at Point B in the pipe. 

This pipe also has a piezometer, which is simply a vertical tu be with one end anached 
to the pipe and the other open to the atmosphere. Water from the pipe enters the piezometer 
and rises to the leve! shown. If the flow rate through the pipe remains constant, and the 
piezometer is sufficiently tal], the water level in the piezometer remains stationary and will 
not flow out of the top. 

We also have installed a Pitot tube, named after its inventor, Henri DePitot 
(1695-1771), which is similar to a piezometer except the tip is pointed upstream and 
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receives a ramming effect from the flowing water. The water Jevel in the Pitot tube is thus 
slightly higher. 

Finally, Figure 7.4 shows a horizontal datum elevation, which is the level from which 
elevations may be measured. This datum might be located at sea level, the laboratory floor, 
or sorne other suitable location. 

Head 

An element of groundwater, such as the one at Point B in Figure 7 .4, contains energy in 
various forms, including: 

• Potential energy, which is dueto its elevation above the datum 
• Strain energy, which is dueto the pressure in the water 
• Kinetic energy, which is dueto its velocity 

We could express these energies using Joules, BTUs, or sorne other suitable unit. 
However, it is more convenient to do so using the concept of head, which is energy divided 
by the acceleration of gravity, g. This method converts each form of energy to the 
equivalent potential energy and expresses itas the corresponding height. Thus, we express 
these three forms of energy as follows: 

• The elevation head, h,, is the difference in elevation between the datum and the point, 
as shown in Figure 7 .4. It describes the potential energy at that point. 

• The pressure head, hP, is the difference in elevation between the point and the water 
level in a piezometer attached to the pipe. It describes the strain energy. 

• The velocity head, h.. is the difference in water elevations between the piezometer and 
the Pitot tube and describes the velocity head. It is related to the velocity, v, and 
acceleration due to gravity, g, as follows: 

~ 
L.EJ 

The sum of these is the total head, h: 

h=-h+h+h 
Z p V 

(7.2) 

(7.3) 

Equation 7.3 is called the Bemoulli Equation, and was named after the Swiss 
mathematician Daniel Bemoulli (1700-1782). It is one of the comerstones of fluid 
mechanics and one of the most well-known equations in engineering, yet Bemoulli 
developed only part of the underlying theory and thus never wrote this equation. Later 
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investigators completcd the work and developed the equation as we now know it, but the 
credit has gone to Bemoulli. 

The Bemoulli Equation is a convenient way to compare the energy at two points. For 
exarnple, if the water at one point has an elevation head of 30 m, a pressure head of 1 O m, 
and a velocity head of 5 m (h = 30 + 1 O + 5 = 45 m), it has the same total head as the water 
at another point with an elevation head of 39 m, pressure head of 2 m, and velocity head of 
4 m (h = 39 + 2 + 4 = 45 m). 

Head Loss and Hydraulic Gradient 

Figure 7.5 shows a pipe with piczometers and Pitot tubes at two points, A and B. As the 
water flows from Ato B, sorne of its energy is lost dueto friction, so the total head at B is 
less than atA. This difference is known as the head loss, I:::J.h . 

=r~m 
3.01 m 

Q-

4.28m 

----~'~"~- .. ___ :1'-~------------------------------------------1 
Figure 7 .S Head loss between two points in a pipe. 

Water always flows from a point of high total head toa point of Iow total head. Thus, 
the water in this pipe must be flowing from Point A to Point B because the total head at A 
is greater than the total head at B. lf the water was not flowing (Q;;;; 0), then there would 
be no friction and no head loss, so the total heads at A and B would be equal. 

The hydraulic gradient, i, is defined as: 

dh 

dl 
(7.4) 
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where: 
i = hydraulic gradient 

h = total head 
l = distance the water travels 
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The total head decreases as water moves downstream (i.e., dh <O, dl > 0), so i is always a 
positive number. In addition, both h and l are lengths, so i is unitless. A large hydraulic 
gradient reflects extensive friction, and thus usually means the water is flowing at a high 
velocity. 

Example 7.1 

Piezometers and Pitot tubes have been installed at Points A and B in the pipe shown in Figure 
7.5. The water levels under steady-state flow are as shown. Determine the following: 

The elevation, pressure, velocity, and total heads at Points A and B 
The head loss between Points A and B 
The hydraulic gradient between Points A and B 

Solution 

AtPoint A: 
h, = 3.62 m - Answer 

hP = 3.01 m = Answer 

h, = 0.50 m = Answer 

h = h, + hP + h, = 3.62 m + 3.01 m + 0.50 m= 7.13 m -Answer 

At Point B: 
h, = 4.28 m ... Answer 

hP = 1.61 m - Answer 

Jr , = 0.50 m - Answer 

h = h, + hP + h,, = 4.28 m+ 1.61 m+ 0.50 m= 6.39 m -Answer 

For pipe segment between A and B: 

11h =hA- h8 = 7.13 m- 6.39 m= 0.74 m -Answer 

O. 7 4 m = 0.0037 
200m 

... Answer 
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Application to Soil and Rock 

Although velocity head is important in pipe and open channel flow, the velocity of water 
flow in soil is much lower, so the velocity head is very small (less than 5 mm). Thus, we 
can neglect it for practica! soil seepage problems. Equation 7.3 then reduces to: 

h ~ h + h 
4 p (7.5) 

Thus, the total head, h, in soil also may be defined as the difference in elevation between the 
datum and the water surface in the piezometer. Also, in unconfined aquifers, i is equal to 
the slope of the groundwater table. 

Field lnstrumentation 

Geotechnical engineers sometimes install piezometers in the ground to measure heads. 
Figure 7.6 shows a simple open standpipe p iezometer, which is similar to the observation 
well shown in Figure 3.22 except the inside of the pipe is hydraulically connected only to 
one point in the soil. Observation wells are hydraulically open along nearly their entire 
length. 

Figure 7.6 An open stand pipe piezometer consists of a perforated pipe 
installed in a boring. 
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If the groundwater conditions consist 
of a simple groundwater table and the 
water is either stationary or flowing in a 
near-horizontal direction, piezometers and 
observation wells have virtually the same 
reading. However, if artesian or perched 
conditions are present, they would be quite 
different. 

Both observation wells and open 
standpipe piezometers are read by simply 
determining the water elevation in the 
standpipe. This may be done by simply 
lowering a cloth tape measure with a 
weight on the end, or with an electronic 
water level indicator as shown in Figures 
3.22 and 7.7. 

Other types of piezometers also are 
available, such as the pneumatic 
piezometer shown in Figure 7 .8. This 
device is read by applying nitrogen gas 
under pressure through a tube and 
matching the pressure to the pore water 
pressure. Pneumatic piezometers are more 
complex than open standpipe piezometers, 
and therefore less reliable, but they can be 
placed in difficult locations where open 
standpipes would be impossible to install. 
Similar units with electrical sensors also 
are available. 

Figure 7.8 A pneumatic 
piezometer and readout unit. 
(Slope Indicator Co.) 
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Figure 7.7 Filter tips for use on stand pipe piezometers. 
The reel in the background is a probe to measure the 
water depth, as shown in Figure 3.22. (Slope lndicator 
Co.) 
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Pore Water Pressure 

The pressure in the water within the soil voids is known as the pore water pressure, u. This 
is what sorne engineers call gage pressure (i.e., it is the difference between the absolute 
water pressure and atmospheric pressure). For points below the groundwater table, the pore 
water pressure is: 

where: 
u = pore water pressure 

hP = pressure head 
y w = unit weight of water = 62.4 lb/ft 3 = 9. 81 kN /m 3 

(7.6) 

It is a simple matter to determine the pore water pressure at points where a piezometer 
is present. We simply determine the difference in elevation between the point and the water 
leve! in the piezometer (i.e., the pressure head), then use Equation 7.6. However, we usually 
do not have this luxury, and frequently need to compute u without the benefit of a 
piezometer. 

To determine the pore water pressure at a point without a piezometer, we first need 
to determine if the pore water pressure is due solely to the force of gravity acting on the pore 
water. This is the case so long as the soil is not in the process of settling or shearing. We 
call this the hydrostatic condition, and the associated pore water pressure is the hydrostatic 
pore water pressure, uh. 

The next step is to determine if both of the following conditions also have been met: 

• The aquifer is unconfined (i.e., the position of the groundwater table is not controlled 
by an overlying aquiclude) 

• The groundwater is stationary or flowing in a direction within about 30° of the 
horizontal 

If all these conditions have been met (which they often. are), then the pressure head is simply 
the difference in elevation between the groundwater table and the point where the pressure 
head is to be computed. Therefore, the pore water pressure is: 

u ~ u,. Y,.,Z,., 

where: 
u :::: pore water pressure 

uh = hydrostatic pore water pressure 
y w = unit weight of water= 62.4lb/fe = 9.81 kN/m3 

Zw = depth from the groundwater table to the point 

(7.7) 
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For example, if the groundwater table is at elevation 215 ft and the point is at 
elevation 190ft, then u== y w z .. ~ (62.4 lb/ft)(215-190 ft) = 1600 lb/fe. 

If the soil is not in a hydrostatic condition, then excess pore water pressures are 
present, as di scussed in Chapters 11-13. If the water is flowing at a significant angle from 
the horizontal, or it is confined, then it is necessary to perform a two- or three-dimensional 
analysis as described later in this chapter. 

Above the groundwater table, we normally consider the pore water pressure to be 
zero. In reality, surface tension effects between the water and the solid particles produce 
a negative pore water pressure above the groundwater table, and this negative pressure is 
sometimes called soil suction. Sorne advanced analyses sometimes consider soil suction, 
but they are beyond the scope of this book (see Fredlund and Rahardjo, 1993). 

QUESTIONS ANO PRACTICE PROBLEMS 

7.1 Explain the difference between an aquifer, an aquiclude, andan aquitard, and the difference 
between confined flow and unconfined flow. 

7.2 The water in a soil flows from Point K to Point L, a distance of 250 ft. Point K is at elevation 
543 ft and Point Lis at elevation 461 f t. Piezometers have been installed at both points, and 
their water levels are 23 ft and 74 ft, respectively, above the points. Compute the average 
hydraulic gradient between these two points. 

7.3 Compute the pore water pressures at Points K and L in Problem 7.2. 

7.4 The groundwater table in an unconfined aquifer is at a depth of9.3 m below the ground surface. 
Assuming hydrostatic conditions are present. and the groundwater is virtually stationary, 
compute the pore water pressure at depths of 15.0 and 20.0 m below the ground surface. 

7.5 An exploratory boring is being drilled. The soils encountered between the ground surface and 
a depth of 12m have been dry, with no visible signs of groundwater. Then, ata depth of 12m 
the soil becarne very wet. The boring continued to a depth of 15 m. An observation well was 
then installed in the boring. Within two days, the water in the observation well had risen to a 
depth of only 8 m below the ground surface. Explain the groundwater conditions that ha ve been 
encountered. 

7.4 GROUNDWATER FLOW CONDITIONS 

Although evaluating pore water pressures is important, we often need to consider other 
groundwater characteristics as well. To do so, we need to identify certain conditions, as 
follows. 

Laminar and Turbulent Flow 

Sometimes water flows in a smooth orderly fashion, known as laminar flow. This flow 
pattem occurs when the velocity is low, and is similar to cars moving smoothly along an 
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interstate highway. The other possibility is 
called turbulent flow, which means the 
water swirls as it moves. This happens 
when the velocity is high, and might be 
compared to an interstate highway filled 
with drivers who go too fast, weave back 
and forth, and occasionally do 360 degree 
tums. Turbulent flow consumes much 
more energy, and produces more head loss. 

In most soils, the velocity is low, so 
the flow is laminar. This is important 
because many of our analyses are only 
valid for laminar flow. However, very 
coarse soils, such as clean, poorly-graded 
gravels, may have much higher velocities 
and thus have turbulent flow. 

One-, Two-, and 
Three-Dimensional Flow 

For analysis purposes, we need to 
distinguish between one-, two-, and three
dimensional flow conditions. A one
dimensional flow condition is one where 
the velocity vectors are all parallel and of 
equal magnitude, as shown in Figure 7.9. 
In other words, the water always moves 
parallel to sorne axis and through a 
constant cross-sectional area. 

Two-dimensional flow conditions 
are present when all of the velocity vectors 
are confined to a single plane, but vary in 
direction and magnitude within that plane. 
For example, the flow in natural soils 
beneath a concrete dam might be very 
close to a two-dimensional condition 
described along a vertical plane parallel to 
the river. 

Three-dimensional flow is the most 
general condition. It exists when the 
velocity vectors vary in the x, y, and z 
directions. An example would be flow 
toward a water well. 
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(a) One-dimensional flow 

(b) 1\vo-dimensional flow 

(e) Three-dimensional flow 

Figure 7.9 One-, two-, and three-dimensional flow 

conditions. 
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Steady and Unsteady Flow 

The term steady-state conditíon means a system has reached equilibrium. In the context of 
groundwater analyses, it means the flow pattem has been established and is not in the 
process of changing. We call this steady flow or steady-state flow. When this condition 
exists, the flow rate, Q, remains constant with time. 

In contrast, the unsteady condition (also known as the transient condition) exists when 
something is in the process of changing. For seepage problems, unsteady flow ( or transient 
flow) occurs when the pore water pressures, groundwater table location, flow rate, or other 
characteristics are changing, perhaps in response to a change in the applied head. In other 
words, steady flow does not vary with time, while unsteady flow does. 

For example, consider a levee that protects a town from a nearby river. Sorne of the 
water in the river seeps through the levee as shown in Figure 7. 10, forming a groundwater 
table. This is a steady-state condition. lf the river rapidly rises, such as during a flood, the 
groundwater table inside the levee also rises. However, the groundwater inside the levee 
responds slowly, so sorne time will be required befare achieving the new steady-state 
condition. During this transition period, the flow is unsteady. 

Figure 7.10 Flow through a levee adjacent toa river. 

Analyses of unsteady flows are much more complex, and are generally beyond the 
scope of this chapter. However, we will study an important unsteady flow process called 
consolidation in Chapters 11 and 12. 

7.5 ONE-DIMENSIONAL FLOW 

One-dimensional flow is the easiest condition to understand. lt is used in laboratory test 
equipment, and sorne field conditions may be idealized as one-dimensional flow problems. 

Geotechnical engineers often need to predict the flow rate, Q, through a soil. We 
cou1d use Newton's 1aw of friction, combined with the Navier-Stokes equations of 
hydrodynamics to describe one-dimensional flow through soils. However, the resulting 
formulas are very complex and thus impractical for normal geotechnical engineering 
analyses. Therefore, engineers follow the simpler empirical method developed by the 
French engineer Darcy (1856). 

Darcy performed experimental studies of the flow of water through sand and 
developed the following relationship, known as Darcy's Law: 
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Q = kiA 

where: 
Q = flow rate 
k= hydraulic conductivity (al so known as coefficient of permeability) 
i = hydraulic gradient 

A = area perpendicular to the flow direction 
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(7.8) 

The cross-sectional area, A, in Equation 7.8 includes both the voids and the solids, 
even though the groundwater flows only through the voids. For example, to evaluate 
groundwater flowing through a 2 m x 4 m zone of soil, we use A = 8 m2

, even though only 
a fraction of this area is voids. This definition simplifies the computations, and does not 
introduce any error in computations of Q so long as we use it consistently. 

Although Darcy's law was developed empirically, it has been found to be valid for a 
wide range of soil types, from clays through coarse sands. The primary exceptions are clean 
gravels, where its accuracy is diminished because of the turbulent flow, and possibly in 
clays with low hydraulic gradients, because the flow rate is so small. 

Hydraulic Conductivity {Coefficient of Permeability) 

The hydraulic conductivity, k, for a given liquid and soil depends on many factors, 
including: 

Soil properties 
• void size (depends on particle size, gradation, void ratio, and other 

factors) 
• soil structure 
• void continuity 
• particle shape and surface roughness 

Liquid properties 
• density 
• viscosity 

Most practica! problems deal with clean water or water contaminated with small 
quantities of other substances. Any variations in density and viscosity are small and can 
usually be ignored. Thus, we normally think of the hydraulic conductivity as being 
dependant only on the soil. 

The most common unit of measurement for k is cm/s. However, many other units al so 
are used, including ft/min, ft/yr, and even gallons/day/ft 2

. Although k has units of 
length/time; the same as those used to describe velocity, it is nota measure of velocity. 
Table 7.1 presents typical values for different soil types. 

Notice the extreme! y wide range of k values in Table 7.1. For example, clays typically 
ha ve a k that is 1,000,000 times smaller than that of sands. Thus, according to Equation 7.8, 
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Q also will be 1,000,000 times smaller. The low k in clays is due to the srnall particle size 
(and therefore srnall void size). lt is not dueto water being absorbed by the clay. 

TABLE 7.1 TYPICAL VALUES OF HYDRAULIC CONDUCTIVITY, k, 
FOR SATURATED SOILS 

Soil Description 
Hydraulic Conductivity, k 

(cm/s) (ft/s) 

Clean gravel 1 to 100 3xl0-2 to 3 

Sand-gravel mixtures 10 2 to 10 3xl0-4 to 0.3 

C1ean coarse sand 10"2 to 1 3x10-4 to 3x10 2 

Fine sand 10"3 to 10"1 3x 10"5 to 3x 10"3 

Silty sand 10"3 to 10"2 3x1 0-5 to 3xl04 

Clayey sand 104 to 10 2 3x10-{) to 3xl04 

Silt w-s to to·3 3xl0-10 to 3x10·5 

Clay 10"10 to 10-6 3xl0-12 to 3xl0·8 

Geotechnical engineers also use the term coefficient of permeabílity to describe k. 
Unfortunately, this term can generate sorne confusion because it has at least two definitions: 

• The coefficient of permeability, k, in Darcy's Law describes the ease wíth whích a 
certain liquid flows through a certaín soil. It depends on both the soil and the liquid, 
has units of Lit, and is the same as hydraulic conductivity. 

• The intrinsic permeability (also called the specific permeability) which depends only 
on the soil. lt has units of L 2. This definition is used primarily by hydrogeologists 
and petroleum geologists. 

Both parameters are frequently called "permeability" and the variables K and k ha ve been 
used for both. In addition, the intrinsic permeability is sornetimes rneasured with a special 
unit called Darcys, even though it is not the proper parameter for use in Equation 7 .8. These 
inconsistencies in terminology can be a source of confusion. Whenever in doubt, check the 
units to determine which "permeability" is being used. 

To avoid confusion, geotechnical engineers are gradually dropping the term 
"coefficient of permeability" and using "hydraulic conductivity" instead. 

Hydraulic Conductivity Tests (Permeability Tests) 

Various laboratory and in-situ tests are available to measure the hydraulic conductivity. 
However, the results frorn both types are oftenjudged with sorne skepticisrn because we are 
not sure if the test samples are truly representative. Even small differences in the soil 
classification can rnake a big difference in k, as illustrated in Table 7 .l. Thus, it is good to 
perform many tests and review the scatter in the results. 
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Another problem with laboratory tests is that the samples probably don't adequately 
represent small fissures, joints, sandy seams, and other characteristics in the field. In-situ 
tests are better in this regard. 

Even carefully conducted tests on good samples typically have a precision on the 
arder of ±50 percent or more. Therefore, test results are normally reported to only one 
significant figure (i.e., 5x104 crn!s). Even then, we need to recognize the true hydraulic 
conductivity in the field may be substantially different from the test \'alues. 

Constant-Head Test 

The constant head test is a laboratory hydraulic conductivity test that applies a constant 
head of water to each end of a soil sample in a permeameter as shown in Figure 7 .11. The 

Piezometers 

Valve ~Q 
Graduated 

cylinder 

Figure 7.11 A constant head penneameter. The upper and lower reservoirs contain inner and outer chambers that maintaín 
constant heads. The piezometers measure the head at four locations in the soil sample. 
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head on one end is greater than that on the other, so a flow is induced. We determine Q, i, 
andA from the test results, then compute k using Equation 7 .8. 

Sorne constant-head permeameters do not have piezometers, so we must compute the 
hydraulic gradient, i, by dividing the head loss between the two reservoirs (i.e., the 
difference in their water surface elevations) by the height of the sample. This method 
implicitly assumes the head losses in the tubes, valves, etc., is very small compared to that 
in the soil. This is generally a poor assumption. lt is better to use permeameters with 
piezometer and compute i by dividing the difference in the total heads by the distance 
between the piezometer tips. 

Examp1e7.2 

The graduated cylinder in the right side of Figure 7.1 1 collects 892 ml of water in 112 seconds. 
The dimensions are: 

• soil sample diameter = 18.0 cm 
• elevation of water in upper piezometer = 181.0 cm 
• elevation of water in lower piezometer = 116.6 cm 
• the piezometer tips are spaced 16.7 cm on center 

Compute the hydraulic conductivity, k. 

Solution 

Q = ~ = ( 892ml) ( 1cm
3

) = 7_96 cm
3 

t 112 S mJ S 

A = 1t D 2 - n: 18.02 = 254 cm 2 

4 4 

Note how A includes both the voids and the solids, as defined earlier. 

~h 116.6cm- 18l.Ocm 1.29 
t.l 3x16.7cm 

Q = kiA k= g 
iA 

Falling-Head Test 

_7_._96_c_m_
3
_1s_ = 2 x 10_2 cm/s 

( 1.29) (254 cm 2) 
- Answer 

Thefalling-head test also is conducted in the laboratory. lt uses a standpipe on the upstream 
side as shown in Figure 7 .12. In addition, the water in the standpipe is not replenished as 
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it is in the constant-head reservoír. Thus, as the test progresses, the water leve! in the 
standpipe falls. This method is more suítable for soils with very low hydraulíc 
conductivíties, such as clays, where the flow rate is small and needs to be precisely 
measured. 

Water leve! at beginníng of test-

Water leve! at end of test -

Cross-sectional r area=a 

· • . Soil · 
Graduated 

cylinder 

Figure 7.12 A falling-head permeameter. 

Draín holes 

The analysis of falling-head test results is more complex because the hydraulic 
gradient is not constant. This means the flow rate also ís not constant (per Equation 7.8), 
so we must derive a new formula for k as follows: 

Considering a head loss llh0 at the beginning of the test and llh1 after time t, 

Q kiA 
d(llh) -a---

dt 

kA' 
L fdt 

o 
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kAt = -a In( llht) 
L flh0 

k = aL In( !!..ho) 
At !!..h1 

(7.9) 

Notice how the volume of water is determined by the change in water level in the 
standpipe. The graduated cylinder is used only as a check. 

ln-Situ Tests 

Hydraulic conductivity tests also may be performed in-situ, especially in sandy soils. These 
tests reflect the flow characteristics of a much larger volume of soil, and therefore should, 
at least in theory, produce more reliable results. Several kinds of in-situ hydraulic 
conductivity tests have been developed. 

A slug test consists of installing a well through the aquifer, allowing it to reach 
equilibrium, then quickly adding or removing a "slug" of water. The natural flow of 
groundwater into or out of the well is then monitored until equilibrium is once again 
achieved and k is computed based on this data and theories of groundwater flow around 
wells. 

Another method, which is more reliable but more expensive, consists of installing a 
pumping well and a series of two to four observation wells. These are then used to conduct 
a pumping test, which consists of pumping water out of the main well and monitoring the 
changes in water levels in the observation wells. This pumping continues until a steady
state condition is achieved, then k is computed based on the steady-state water levels and 
the principies of groundwater flow. The appropriate equations are presented in Chapter 8. 

Hazen's Correlation 

The hydraulic conductivity, k, is approximately proportional to the square of the pore 
diameter. In addition, the average pore diameter in clean sands is roughly proportional to 
D 10• Using this information, Hazen (1911) developed the following empirical relationship 
for loose, clean sands: 

2 k = C D10 (7.10) 
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where: 
k"' hydraulic conductivity (crnls) 
C"' Hazen' s coefficient = 0.8 to 1.2 (a value of 1.0 is commonly u sed) 

D 10 = Di ame ter at which 1 O percent of the soil is finer (mm) (al so known as the 
effective size) 

Note: Be sure to use the stated units for k and D 10 

Hazen's work was intended to be used in the design of sand filters for water purification. 
but can be used to estímate k in the ground. However, its applicability ís limíted to soíls 
with 0.1 mm< D 10 < 3 mm anda coefficient of unifonnity, c. < 5 (Kashef, 1986). 

Example7.3 

A 3.2 m thick silty sand strata intersects one side of a reservoir as shown in Figure 7.13. This 
strata has a hydraulic conductivity of 4xl0·2 cm/s and extends along the entire 1000 m length 
of the reservoir. An observation well has been installed in this strata as shown. Compute the 
seepage loss from the reservoir through this strata. 

Observation well 

Figure 7.13 Cross-section through reservoir showing silty sand stratum. This cross-section is 
oriented parallel to the direction of flow. 

Solution 

The observation well indicates a water level above the top of the silty sand strata. Therefore, 
it is a confined aquifer. 

dh 

di 
165.0m- 167.3m = 

0
_
0090 

256m 

A (3.2 m)(IOOOm) 3200m 2 
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k ~ (4xlo-2crnls)( _m_) ( 3600s) ( 24hr) ( 30d) 1000 mimo 
lOOcm hr d mo 

Q ~ kiA ~ (1000rnlmo)(0.0090)(3200m 2
) ~ 30,000m 3/mo - Answer 

Flow Through Anisotropic Soils 

Many natural soils, especially alluvial and lacustrine soils, contain thin horizontal 
stratifications that reflect their history of deposition. Por example, there may be 
altemating layers of silt and clay, each only a few millimeters thick, as shown in 
Figure 7 .14. The hydraulic conductivity in sorne 1ayers is often much greater than in 
others, so groundwater flows horizontal] y much more easily than vertically. Such 
soils are said to be anisotropic with respect to hydraulic conductivity, so we need to 
determine two values of k: the horizontal hydraulic conductivity, k~ and the vertical 
hydraulic conductivity, k,. 

· · . Straiu;, 4.: :· .' ' .· k4 • : · •• ·.:: · ... :-: ,. • . H~ :· 

·.·. · . . . ·.·.· . . . . ' . . . 

·.: .. :.:.:: ~t~~til:l~.3: .. :._ .. : .... · .. · .. :,~~ ::: :< .. ~:.::·: :: .. < ~8.3 :: 
.. ·.' 

Figure 7.14 Flow of water through 
anisotropic soils. 

Assuming the stratifications are horizontal, the horizontal and vertical hydraulic 
conductivities may be computed as follows: 

(7.11) 

(7.12) 
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where: 
kx = horizontal hydraulic conductivity 
k, = vertical hydraulic conductivity 
k¡= hydraulic conductivity of horizontal strata i 
H¡ = thickness of horizontal strata i 
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Many groundwater problems involve alluvial soils because they are often near 
rivers and often ha ve shallow groundwater tables. Most alluvial soils have horizontal 
stratifications, so kx >k,. Varved clays also have kx >k,. 

Example 7.4 

A certain varved clay consists of altemating horizontallayers of silt and clay. The silt layers 
are 5 mm thick and have k = 3xl04 cm/s; the clay layers are 20 mm thick and have 
k= 6x 1 O 7 crnls. Compute k, and k e 

Solution 

Commentary 

Lk¡H¡ 

L H; 
(3xl o·4 cm/s)(0.5 cm) + (6x 10 7 cm/s)(2 cm) 

0.5 cm+ 2 cm 
= 6><10-5 cm/s - Answer 

0.5cm + 2cm 
0.5cm 2cm 

---~- + ----~ 
3xl0-4 crnls 6xl0-7 cm/s 

7xlo-7 cm/s - Answer 

Water flowing horiwntally moves through both types of soil in parallel. The ratio ofthicknesses 
for the two strata is 20/5 = 4, but the ratio of k values is 3xl0 4 1 6x10 ·? = 500. Thus, the silt 
layers domínate the horizontal tlow, even though they represent only 20% of the total cross
sectional area of flow. This is why the value of k x is nearly equal to k of the silt. However, 
water flowing vertically must pass through all of the soiilayers, and thus is controlled by the 
ones with the lowest hydraulic conductivity. Therefore, k, is nearly equal to k ofthe clay. 
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Transmissivity 

The transmissivity, T, of an aquifer (also called its transmissibility) is the product of 
the hydraulic conductivity and the saturated thickness of the aquifer, H,; 

T ~ kH 
" 

(7. 13) 

For confined flow, Ha is the thickness of the aquifer. 
Combining this formula with Darcy's Law (Equation 7.8) produces the flow rate 

through an aquifer of width L: 

Q TiL 

Rewriting to express Q as the flow per unit width of the aquifer gives: 

where: 
Q = flow rate through the aquifer 
q = flow rate per unit width of the aquifer 
T = transmissivity 
i = hydraulic gradient 

L = length of aquifer perpendicular to the direction of flow 
Ha = saturated thickness of the aquifer 

Example 7.5 

(7 .14) 

(7.15) 

Three observation wells have been installed in an unconfined aquifer, as shown in Figure 7.15. 
Steady-state hydrostatic conditions are present. The aquifer has a uniforrn thickness, and its 
bottom is 50 ft below the groundwater table. The hydraulic conductivity is 3x10 4 ft/s. 
Determine the hydraulic gradient, the direction of flow, the transrnissi víty, and the flow rate per 
unit width ofthe aquifer. 

Solution 

Evaluate the data on a horizontal plane by defining an x,y coordinate system as shown, then 
define i, and i)' as the hydraulic gradients in the x and y directions, respective! y. This allows us 
to write the following equations: 

A~ B 8000 ix + 1800 iy = 35 - 22 13 
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North 

t 
B•-----.--

22 ft t 
1800 ft 

A•--------------------------------r--------r-
35ft 

2100 ft 

e•---------~~------~ 

r------- 5000 ft 
1

24ft 

.. .. 3000 ft 

Figure 7.15 Plan view of observation wells A, B, and C, and elevations of observed 
water surfaces in the wells. 

A-C 5000ix- 2!00iy = 35-24 = 11 
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Solving these two equations simultaneously gives ix= 0.00183 and ~ = -0.00089. The resultant 
of these two components is: 

= Ji'} + i~ = Vo.001832 + ( -0.00089)2 = 0.0020 ... Answer 

6 = tan-1( 0.00089) = 26o 
0.00183 

Azimuth = 90 + 26 = 116 o ... Answer 

q = Ti = (1.5xlo-2 ft 2/s)(0.0020ft/ft) = 3xlo-s ft
3
/s ... Answer 

ft 
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Alternative Solution 

An altemative method of solving this problem would be to write the equation z=Ax +By+ C 
at each of the observation wells. This would produce three equations and three unknowns, and 
thus could be solved. Such an equation could then be used to compute the groundwater 
elevation at any x,y point. In addition, the coefficients A and 8 are equal to ~i, and -i 

1 

respectively. · 

Seepage Velocity 

The seepage velocity, v,, is the rate of movement of an element of water through a soil. This 
rate is important in geoenvironmental problems because it helps us determine how quickly 
contaminants travel through the ground, as discussed in Chapter 9. 

At first, it may seem that v, could be computed by combining Equations 7.1 and 7.8, 
but this wou1d be incorrect. Equation 7.1 describes flow through pipes, where A is the 
cross-sectional area of flow. However, Equation 7.8 describes flow through soils where A 
is the total cross-sectional area of the voids and the solids. Water in soil only flows through 
the voids, so these two A values are incompatible. 

We reconcile this problem by accounting for the effective p orosity, n ~ which is the 
percentage of A in Equation 7.8 that actually contributes to the flow. Thus, 

where: 
v, = seepage velocity 

~ 
L____::_J 

k = hydraulic conductivity 
i = hydraulic gradient 

n, = effective porosity 

(7.16) 

Although water flowing through a soil actually takes a circuitous route around the soil 
particles, the seepage velocity is based on the equivalent straight-line movement as shown 
in Figure 7 .16. E ven though this method produces a velocity that is smaller than the "true" 
velocity (when viewed on a microscopic scale), it is much more convenient for solving 
contaminant transport problems. 

In sandy soils, n , is equal to the porosity nas defined in Equation 4.16. However, 
clayey soils contain a static 1ayer of water around the particles, so the actual flow area is less 
than the void area. Design values of n, in clays are best deterrnined using special1aboratory 
tests (Kim, Edil, and Park, 1997). If no test data ís available, the Environmental Protection 
Agency uses n, = 0.10 in clays (Brumund, 1995). 
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"True" velocity 

Example 7.6 
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Figure 7.16 The seepage 
velocity is based on the 
equivalen! straight-line 
movement of water or 
contaminants through the 

Seepage velocity soil. 

Using the data in Example 7.5 and a void ratio of 0.85, compute the seepage velocity through the 
aquifer. 

Solution 

The soil is sandy, so the effective porosity equals the porosity, n. Using Equation 4.17: 

e n ~ -- 0.85 
~ 46% 

1 +e 1 + 0.85 

ki (3xl0 -
4 

ft/s){0.0020) ( 3600s) ~ Sxlo-3 ft/hr 
0.46 hr 

-= Answer 

At this rate, about 120 years would be required for the water to travel one núle. This is very slow, due 
primarily to the low hydraulic gradient. At other sites, the seepage velocity can be much higher. 

7.6 CAPILLARITY 

Earlier in this chapter we defined the groundwater table as the elevation to which water 
would rise in an observation well. Soils below the groundwater table are saturated, and have 
a pore water pressure defined by Equation 7. 7. For many engineering problems, this simple 
model is sufficient. However, the real behavior of soils is rarely so simple! One important 
aspect not addressed by this model is capillarity. 

Capillarity (or capillary action) is the upward movement of a liquid into the vadose 
zone, which is above the leve] of zero hydrostatic pressure. This upward movement occurs 
in porous media or in very small tu bes, and can be illustrated by gently Jowering the edge 
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of a paper towel into a basin of water. Sorne of the water rises above the basin due to 
capillary action and soaks the paper towel. The same process occurs in soils, drawing water 
to elevations well above the groundwater table. 

Capillacy action is the result of suiface tension between the water and the media. This 
can be demonstrated by inserting a small-diameter glass tu be into a pan of water as shown 
in Figure 7.17. The theoretical height of capillary rise, h"' in a glass tube of diameter d, at 
a temperature of 20ac is: 

he 

where: 
h, = height of capillary rise (m) 
d:; diameter of glass tube (mm) 

Atmospheric 
pressure 

HH 

Atmospheric pressure 

t t t t t t 

0.03 
d 

Figure 7.17 Capillary actíon 

dernonstrated by a thin gl ass tu be 
irnrnersed in water. 

(7 .17) 

Capillacy rise in soils is more comp1ex because soi1s contain an interconnected 
network of different-size pores. However, using 0.2D 10 as the equivalent d general! y 
produces good results for sands and silts (Holtz and Kovacs, 1981). Thus, the height of 
capillary rise in these soils is approximately: 

~ 
~ 

(7.18) 
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where: 
h, = height of capillary rise (m) 

D10 = 10% grain diameter (mm) 
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The theoretical capillary rise in clays can be in excess of 100 m, but in reality it is much 
less. 

When the near-surface soils are frozen, capillary rise can produce underground ice 
lenses, which result in frost heave. Chapter 18 discusses this important phenomena in more 
detail. 

OUESTIONS ANO PRACTICE PROBLEMS 

7.6 A constant-head hydraulic conductivity test has been conducted on a 110 mm diameter, 270 mm 
tall fine sand sample in a permeameter similar to the one shown in Figure 7 .11 . The upper and 
lower reservoir elevations were 2010 mm and 1671 mm above the lab floor. The piezometers, 
whose típs are spaced 200 mm apart, had readings of 1809 and 1578 mm, and the graduated 
cylinder collected 910 mi of water in 25 min 15 s. Using the best available data, compute the 
hydraulic conductivity. Does the result seem reasonable? Why or why not? 

7.7 May we use the Hazen correlation to estímate the hydraulic conductivity for soil C in Figure 
4.13? Why or why not? If so, compute k. 

7.8 Which of the following methods would be the better way to determine k for a clean sand? 
Why? 

a. Place a soil samp1e in a constant-head permeameter, conduct a hydraulic conductivity 
test, and compute k using Equation 7.8. 

b. Conduct a sieve analysis, determine D H> and compute k using Equation 7.10. 

7.9 A falling-head hydraulic conductivity test has been conducted on a clay sample in a 
permeameter similar to the one in Figure 7.12. The soil sample was 97 mm in diameter and 
20 mm tall. The standpipe hadan inside diameter of 6.0 mm. The water leve] in the bath 
surrounding the sample was 120 mm above the laboratory counter top and the water level in the 
standpipe fell from a height of 510 mm to 261 mm above the counter top in 46 hours 35 
minutes. Compute the hydraulic conductivity. Does the result seem reasonable? Why or why 
not? 

7.10 Derive Equations 7.11 and 7.12. 

Hint; For Equation 7.11, write Darcy' s law for horizontal flow using the real soil (k= k 1 k 1 

etc.), then write it again using the equivalent soil (k= k). Since Q is the same for both, you can 
solve for k,. 

7.11 A sandy soil with k= 3xl0'2 cm/s contains a series of 5 mm thick horizontal silt layers spaced 
300 mm on center. The silt layers have k= 5xlO~cm/s. Compute k,and k,and the ratio kJkr 

7.12 When drilling an exploratory boring through the soil described in Problem 7.11, how easy 
would it be to miss the silt layers? If we did miss them, how much effect would our ignorance 
have on computations of Q for water flowing vertically'l Explain. 
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7.13 Three piezometers have been installed in the confined aquifer shown in Figure 7.18. The 
aquifer has a uniform thickness of 3.5 m and a hydraulic conductivity of 2xl0 ·l cmls. 
Determine the hydraulic gradient, the direction of flow, the transmissivity, and the flow rate per 
unit width of the aquifer. 

B • - - - -------....-

140m 

e•--+* 
6lm 

Ae---- - - ----------1-- --- - - -+-----l.... 

L S!Om------+---- 235 m 

Figure 7.18 Plan and profile views of aquifer and piezometers for Problem 7.13. 

7.14 A certain 20m thick sandy aquifer has a transmissivity of 0.12 m 1s anda void ratio of 0.91. 
Groundwater is flowing through this aquifer with a hydraulic gradient of0.0065. How much 
time would be required for water to travel 1 km through this aquifer? 

7.15 The laboratory apparatus shown in Figure 7.19 maintains a constant head in both the upper and 
lower reservoirs. The soil sample is a silty sand (SM) with k= 5x10 ·3cm/s and w = 18.5%. 
Assume a reasonable value for G ~ then determine the time required for the plug of colored 
water to pass through the soil (i.e., from when the leading edge frrst enters the soil to when it 
begins to exit). Assume there is no diffusion (i.e., the colored water plug has the sarne volume 
when it exits as when it entered the soil). Also assume the colored water has the same unit 
weight and viscosity as plain water. 
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Upper 
reservoir 

Controlled inflow 

t 
185mm 

30 mm día 
inlet and outlet pipes 

Lower 
reservoir 

100 mm dia X 220 mm long soil sample 

Figure 7.19 Laboratory apparatus for Problem 7.15. 

7.16 Two small commercial buildings have been constructed ata site underlaín by a sandy silt (ML) 
that has D 10 = 0.03 mm. The groundwater table ís ata depth of 6ft. Both build.ings have 
concrete slab-on-grade floors. In Building A, the slab was placed dírectly onto the natural soils, 
while Building B has a 4-inch !ayer of poorly- graded coarse grave! between the slab and the 
natural soils. Both bui!dings have vinyl floor coverings similar to those typically used in 
residential kitchens. Both buíldings are now three years old. 

SUMMARY 

Unfortunately, the tenant in Building A is having continual problems with the vinyl floors 
peeling up from the concrete slab. When the peeled sections are exarnined, moisture is always 
evident between the vinyl and the concrete. Curiously, the tenant in Building B has had no such 
problems, even though both buildings have the same floor covering. Could the problem in 
Building A be dueto capillary action in the underlying soil? Explaín why or why not. Also 
explaín why Building B is not having any such problems. 

Major Points 

l. The pores in a soil are interconnected, so the pore water can travel through it. Such 
movements of underground water are important to geotechnical engineers and others. 

2. The energy in groundwater may be defined in terms of its head, h, which then may be 
used to evaluate water movements. 

3. The hydraulic gradient, i, describes the head loss per unit distance of groundwater 
travel. 

4. The pore water pressure is the gage pressure of the pore water ata given location. 
5. The flow of water through soil is usual! y described using Darcy' s Law. 
6. The hydraulic conductivity is a factor in Darcy's Law that describes the ease with 

whích water flows through a given soil when all other factors are fixed. 
7. The seepage velocity describes the rate at which water flows through the ground. It 

is often used in contarninant transport analyses. 
8. Water can rise well above the groundwater table through capillary action. One ofthe 

unfortunate consequences of this action is frost heave. 
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Vocabulary 

anisotropic 
aquiclude 
aquifer 
aquitard 
artesian condition 
artesian well 
Bemoulli equation 
capillary rise 
capillarity 
confined aquifer 
constant head test 
Darcy's law 
effective porosity 
elevation head 

falling head test 
flow rate 
flow regime 
groundwater 
groundwater hydrology 
groundwater table 
Hazen' s correlation 
hydraulic conductivity 
hydraulic gradient 
hydrologic cycle 
hydrology 
hydrostatic condition 
hydrostatic pore water 

pressure 

laminar flow 
perched groundwater 
permearneter 
phreatic zone 
piezometer 
pore water pressure 
pressure head 
seepage velocity 
steady-state condition 
total head 
transrnissivity 
unconfined aquifer 
vadose zone 

COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

7.17 Apparatus A, shown in Figure 
7.20, consists of a single 
20 mm diameter pipe and ís 
subjected to a head difference 
of 60 mm. Apparatus B 
consists of four JO mm 
diameter pipes connected in 
parallel. How will the flow 
rate through A compare with 
that through B? Explaín. 

7.18 Based on your observations in 
Problem 7.1 7, explain why 
saturated clays have a 
significantly lower hydraulic 
conductivity than saturated 
sands, even though the total 
void areas per square foot of 
soil are about the same for 
both. 

7.19 An engineer is searching for a 
suitable soil to cap a sanitary 
landfill. This soil must have a 
hydraulic conductívity no 
greater than 1 x JO-~ cm/ s. A 
soil sample from a potential Figure 7.20 Pipe networks for Problem 7.17. 
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borrow site has been tested in a falling head perrneameter similar to the one in Figure 7.12. 
This sample was 120 mm in diameter and 32 mm tall. The standpipe hadan inside diameter 
of 8.0 mm. Initially, the water in the standpipe was 503 mm above the water in the water bath 
surrounding the sample. Then, 8 hours 12 min later the water was 322 mm above the water in 
the water bath. Compute k and determine if this soil meets the specification. 

7.20 An unlined irrigation canal is aligned parallel toa river, as shown in Figure 7.21. This cross
section continues for 4.25 miles. The soils are generally clays, but a 6 inch thick sand seam is 
present as shown. This sand has k= 9x 1 o·2 cm/s. Compute the water loss from the canal to the 
river due to seepage through this sand !ayer and express your answer in acre-ft per month. 

Note: One acre-foot is the amount of water that would cover one acre of ground toa depth of 
one foot, and thus equals 43,560 ft 3

• 

Figure 7.21 Cross-section for Problem 7.20. 

7.21 The constant head perrneameter shown in Figure 
7.22 contains three different soils as shown. Their 
hydraulic conductivities are: 

Soil 1 - k = 9 cm/s 
Soil2- k= 6x10·2 cm/s 
Soil 3 - k = 8x 10'3 crnls 

The four piezometer tips are spaced at 1 00 mm 
intervals, and the soil interfaces are exactly aligned 
with piezometer tips B and C. The total heads in 
piezometers A and D are 98.9 and 3.6 cm, 
respectively. Compute the total heads in 
piezorneters B and C. 

Figure 7.22 Constan! head permeameter for 
Problem 7.21. 
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Boring- see Civil Engineers 

Listing in the London telephone book 

Civil Engineers are No Longer Boring 

Headline in a London newspaper after the telephone company 
agreed to revise its method of referring readers 

to drilling and sampling companies 

This chapter continues our discussion of groundwater, with more focus on applying the 
principies developed in Chapter 7 to practica! engineering problems. Many of these 
prob1ems require the analysis of two- and three-dimensional flow, so we will begin by 
expanding the analysis methods to accommodate these conditions. 

8.1 TWO-DIMENSIONAL FLOW 

Two-dimensional flow, as defined in Chapter 7, occurs when all of the velocity vectors are 
confined to a single plane. Many groundwater flow problems are very close to being two
dimensional, and may be analyzed as such. For example, groundwater flow into the long 
excavation shown in Figure 8.1 could be evaluated using a two-dimensional analysis in a 
vertical plane. 

240 
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Figure 8.1 Example of two
dimensional flow analysis: a 
long excavation. 

241 

We will only consider two-dimensional analyses performed in vertical planes with the 
horizontal x axis oriented in the direction of flow and the vertical z axis increasing 
downward. In sorne situations, two-ctimensional analyses also can be performed in 
horizontal planes, but these instances are beyond the scope of this book. 

The LaPiace Equation 

In general, Darcy' s Law cannot be solved 
directly for two-dimensional flow because 
both i and A vary throughout the flow 
regime. Therefore, the analyses are more 
complex and need to incorporate a 
mathematical function called the LaPlace 
Equation. 

W e will begin our exarnination of 
the LaPlace Equation by considering a 
small element of soil in a vertical cross
section as shown in Figure 8.2, along with 
the following assumptions: 

• Darcy's law is valid. 
• The soil is completely saturated 

(S= 100%). 
• The size of the element remains 

constant (i.e. , no expansion or 
contraction). 

r 

Figure 8.2 Element of soil for derivation of the 
LaPlace Equation. The arrows indicate water flowing 
into or out of the element. 



242 Groundwater- Applícations Chap. 8 

• The soil is homogeneous (i.e., k is constant everywhere in the aquifer). 
• The soil is isotropic (i.e., k is the same in all directions). 

U sing Equation 7.1, we will divide the flow of water into horizontal and vertical 
components, x and z. The total flows into and out of the element are then: 

Q =(vAn) = Ln ((v + av,dxJ dz+(v + avz dzJdxJ (8.2) 
aut e OUt e X ax Z az 

where vx and vz are the velocities in the x and z directions, respectively, Lis the length of the 
element in the y direction, and n, is the effective porosity. 

The soil is saturated and its volume remains constant, so Q;n must equal Qou,: 

av avz 
_x dx dz + -dzdx O 
ax az (8.3) 

which can be reduced to: 

avx avz 
- + -=O ax az (8.4) 

This means any change in velocity in the x direction must be offset by an equal and opposite 
change in the z direction. 

Using Equation 7.16: 

ki 
V = 

n. 
(8.5) 

k ah 
vx 

n. ax (8.6) 

k ah 
vz 

n. az (8.7) 
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Substituting Equations 8.6 and 8.7 into Equation 8.4 gives: 

a2h + B2h 0 
ax 2 Bz2 

(8.8) 

This is the LaPlace Equation for two-dimensional flow. lt describes the energy loss 
associated with flow through a medium, and is used to sol ve many kinds of flow problems, 
including those involving heat, electricity, and seepage. 

For problems with simple boundary conditions, it is possible to derive analytical 
solutions to this equation. Unfortunately, the boundary conditions associated with most 
practica! seepage problems are much too complex, so geotechnical engineers must rely on 
alternative solution methods, most notably: 

• Flow nets 
• Electrical analogy models 
• Numerical solutions 

W e will discuss each of them. 

Flow Net Solution 

The flow net solution is a graphical method of solving the two-dimensional LaPlace 
Equation. This solution has been attributed to Forchheimer (1911) and others. We will first 
develop it for soils that are homogeneous and isotropic with respect to permeability. Then, 
we will consider the anisotropic case where k,* k,. 

Theory 

Flow nets are based on two mathematical functions: the potentialfunction, <j>, and thejlow 
function, lj1 (also known as the streamfunction). The potential function is defined as: 

where: 
<!> == potential 
k== hydraulic conductivity 
h == total head 
e ;;:: a constant 

<1> "' -kh +e 

Combining with Equations 8.6 and 8.7 gives: 

(8.9) 
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The flow function is the in verse of the potential function: 

at¡~ = -k ah 
az ax 
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(8.14) 

(8.15) 

We also can draw a family of curves in the cross-section such that W is constanl 
everywhere along each curve. They are known asflow lines. Figure 8.3 also shows a fami1y 
of flow lines with 1jJ = t¡1 1, 1jJ 2, 1jJ 3, and so on. When presented together, these two families 
of curves (one set for <P and one for 1j1) are known as ajlow net. 

Combining Equations 8.14 and 8.15 gives: 

dt¡l a'lT dx + at¡~ dz 
ax az 

ne[ - vzdx + vxdz] (8.16) 

Along a flow line, 1jJ is a constant, so d1j1 =O and Equation 8.16 may be rewritten as: 

dz 
dx 

(8.17) 

Thus, the flow line is always parallel to the direction of flow and the zone between two flow 
lines as aflow tube. The flow rate, Q, through one such tube is: 

Q¡ = vAne 
1/l,.e 

= Lne J ( -vzdx + vxdz) 

1/lx 

(8.18) 

where L is the length of the flow zone perpendicular to the cross-section. In other words. 
the flow rate through a single flow tube is equal to the difference between the t¡1 values on 
each si de of the tube multiplied by L n <~ In addition, Q; is constant throughout the length 
of a flow tube. 

If we draw N, flow tu bes (N,+ 1 flow lines) in such a way that each tube has tbe same 
Q;, then the difference in 1jJ across each tu beis b.1f/NF and the total flow rate, Q, through tbe 
entire system is: 
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Q - N L n Q = N L n d \jf = L n. A,¡, 
- F e i F e N Ll'f 

F 

Chap. 8 

(8.19) 

We also will call the zone between two equipotentiallines an equipotential drop, and 
draw the equipotentiallines such that the difference in<!> across each drop is d<!>INlJ, where 
ND is the number of equipotential drops. 

Based on Equation 8.9, d<!> across the entire system is: 

d<!> = -k M (8.20) 

where dh is the total head loss from one si de of the cross-section to the other. 
Figure 8.4 shows the intersections of two flow lines and two equipotential lines. 

According to Equations 8.13 and 8.17, they must meet at right angles. The distances 
between these lines are a and b, as shown. 

The velocity components, v, and v,, are then: 

Figure 8.4 Intersection of flow lines 
and cquipotentiallines .. 

vx = v cosa 

vz v sina 

r 

(8.21) 

(8.22) 
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We also may write: 

Thus, 

a<P = a<P dx + a<P ~ 
am ax dm az dm 

dx dz 
=vn-+vn~ xedm zedm 
= vnecosacosa + vnesina:sina: 

= vne(cos2a + sin2 a:) 

= vne 

aw = aw dx + a<P ~ 
an ax dn az dn 

dx dz -v n- + v n -
zedn xedn 

-vnesina:(-sina:) + 

= vne(sin2a + cos2a) 

= vne 

a ~n ~m 

Finally, combining Equations 8.19, 8.20, and 8.25 produces: 

where: 
Q = flow rate 
k= hydraulic conductivity 
L = length of aquifer perpendicular to the cross-section 

~h = head Joss through the flow net 
NF = number of flow tubes 
N 0 = number of equipotential drops 
bla = Jength-to-width ratio of pseudo-squares (see Figure 8.4) 
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(8.23¡ 

(8.24) 

(8.25) 

(8.26) 
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Graphical Construction- Homogeneous lsotropic Soils 

Equation 8.26 allows us to compute Q from a correctly drawn flow net. The next problem 
is knowing how to produce such a flow net. For flow problems where the soil is 
homogeneous and isotropic this may be done using a converging trial-and-error graphical 
technique as follows: 

l. Draw a cross-section of the seepage zone to scale, with all of the fixed boundaries in 
ink. This drawing should include the ground surface, the limits of the pervious zone, 
the groundwater table and any free water surfaces (i.e., water levels in lakes or other 
bodies of water), and any other pertinent data. For confined aquifers, show both the 
upper and lower flow boundaries. For unconfined aquifers, show the lower flow 
boundary and the groundwater table. Be sure the vertical and horizontal scales are 
equal, and the cross-section is oriented parallel to the direction of flow. For example, 
when evaluating seepage under a darn, draw the cross-section perpendicular to its 
longitudinal axis. If the cross-section is symmetrical about sorne vertical axis, it is 
easier to draw only half of it, then double the Q computed from the flow net. 

2. Select an integer value for NF, the number of flow tubes. Larger values of NF produce 
more precise flow nets, but al so require more effort to finalize. U sually, N F values of 
4, 5, or 6 represent a good compromise between precision and effort. 

3. Using a soft pencíl, sketch in the approximate locations of the flow lines. You may 
wish to use the sarnple flow nets in Figures 8.3, 8.5, and 8.6 for guidance. 

4. Using a soft pencil, sketch in the approximate locations of the equipotential lines. 
Keep in mind that the b/a ratio must be the same for each of the "rectangles" formed 
by the equipotential and flow lines and these lines must intersect at right angles. This 
can be done by using an integer value for N a spreading the equipotential lines 
accordingly, and measuring the resulting b/a. However, it is better to set b/a = 1 (so 
the "rectangles" are "squares") and keep drawing equipotentiallines as needed. The 
proper number of equipotential lines will come out automatically as you draw them 
while maintaining right angles and the bla= 1. This method will not necessarily 
produce an integer value for N D (for exarnple, if each flow tu be contains ten full 
"squares" and one half "square", then N D= 10.5. You now have the first trial flow 
net. 

5. Check the tria) flow net against the following criteria: 
a. No two flow lines must ever intersect. 
b. No two equipotentiallines must ever intersect. 
c. Flow lines and equipotentiallines must always intersect at right angles. 
d. The b/a ratio must be the sarne for all of the "squares". 

Exception: Although we have chosen to set NF equal to a whole number, 
ND depends on the shape of the seepage zone and may not be a whole 
number. Thus, the last row of pseudo-squares may have a different b/a 
ratio. 

e. The curves are smooth. 
6. Revise portions of the trial flow net as necessary to satisfy these criteria. Note that 

moving flow lines usually requires also moving nearby equipotentiallines, and vice
versa. Continue revising until you obtain a satisfactory flow net. 
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Figure 8.5 Sample flow nets. 
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This process could go on indefinitely, but you will quickly reach a point of 
diminishing retums where large amounts of additional effort result in only nominal 
improvements to the flow net. Keep in mind that the uncertainty in k is probably much 
greater than that in NF and Nn, so there is no need to be overly meticulous with the flow net. 

Harr (1962) presents a modification of the flow net method called the method of 
fragments. For sorne problems this method is quicker and easier than the conventional 
method. However, discussion of this method is beyond the scope of this book. 

Example 8.1 

A 6 ft diameter, 2000 ft long sewer drain pipe is to be installed 24 ft below the ground surface 
as shown in Figure 8.6. To build this pipe, a long trench must be excavated below the 
groundwater table as shown. Steel sheet pites (heavy, corrugated sheets of steel) will be 
installed to keep the sides from collapsing, and the trench will be dewatered with pumps. After 
the pipeline is installed, the pumps will be removed, the trench will be backfilled, and the sheet 
piles will be removed. 

The dewatering pumps will be placed at 100 ft intervals along the trench. Assuming the 
sheet piles are perfectly watertight (probably not a good assumption!), draw a flow net and 
compute the Q for each pump. 

Solution 

l. The cross-section is symmetrical about a vertical axis through the center of the trench, 
so we will draw a flow net for the left half only, then double the computed Q. 

2. The hydraulic conductivity in the clean sand strata is 1000 times higher than in the sandy 
silt, so the groundwater will move laterally into the sand much more easily than it will 
seep through the sandy sil t. Therefore, the only significant head losses will be through 
the sandy silt, and we only need to draw the flow net through this strata. 

3. The resulting flow net, developed by the converging trial-and-error method described 
above, is shown on the right side of Figure 8.6. We chose to use N F= 4 and a/b = 1, and 
counted N 0 = 12.6 from the finished flow net. The uppermost equipotential drop is not 
a full "square," so it only counts as 0.6. 

4. The flow rate per pump is then: 

Q = 2kLilh NF k 
ND a 

= 2(2xl0-6 ft/s)(lOO ft)(20 ft)( -
4
-) (1) 

12.6 
= 2.5x10 3 ft 3/s 

x 449 gaUmin perft 3/s 

= 1.1 gal!min per pump - Answer 

5. According to Equation 7.1, the velocity is greatest when the area is small, so the 
groundwater velocity will be greatest when the flow tube is narrow. In this cross-section, 
the narrowest spot is near the tip of the sheet pile. Because the velocity here is high, 
there will be much more friction between the flowing water and the soil, so the hydraulic 
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gradient also will be high. Thus, the equipotential lines also are close together in this 
area. 

Figure 8.6 Cross-section of trench for Examples 8.1 and 8.2. The given data is on the left and the completed 
flow net is on the right. 

Example 8.2 

Using the flow net developed in Example 8.1, compute the pore water pressure at Point A. 
Assume steady-state hydrostatic conditions exist. 

Solution 

Set datum: Ground surface = Elevation 100.0 ft 

(h,) A = ) 00.0 ft - 4.0 ft - 4.0 ft - 31.5 ft = 60.5 ft 

h at bottom of trench 100.0 - 24.0 = 76.0 ft 

From the flow net we determine there are 10.2 equipotential drops from the bottom of the trench 
to Point A. In addition, N 0 = 12.6 and Ah = 20.0 ft. Therefore, 10.2112.6 of the 20.0 ft head 
loss occurs between Point A and the bottom of the trench. Since the total head at the bonom 
of the trench is 76.0 ft, the total head at Point A is: 
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hA = 76.0 ft + 20.0 ft ( 
10

·
2

) 
12.6 

92.2ft 

Chap. 8 

Thus, if a piezometer were present at Point A, the water would rise to a leve! 31.7 ft abo ve the 
point. 

U = Yw(h)A = (62.4lb/ft 3)(31.7ft) 1980Jb/ft 2 = Answer 

The flow lines in a flow net also may be represented by injecting dye into a soil profile 
model, as shown in Figure 8.7. This method is not used for routine analyses, but can be 
useful for instructional purposes. 

Figure 8.7 This laboratory model was constructed to illustrate groundwater flow. The left photograph shows steady-state 
conditions with the groundwater flowing from right to left. Dye has been injected along the right si de of the model, and is 
being carried along by the flowing water, thus illustrating flow lines. In the right photograph, water is being pumped from 
the well. This alters the flow patterns, as reflected by ihe dye, even causing sorne of the water downstream of the well to 
reverse direction. The groundwater table in the vicinity of the well also has been drawn down. (National Ground Water 
Association, Westerville, OH) 

Graphical Construction- Anisotropic Soils 

In anisotropic soils, the coefficients of permeability are different in the horizontal and 
vertical directions. To draw a flow net in such soils, we first need to transform the cross
section by multiplying all vertical dimensions by Jkxl kz as shown in Figure 8.8. Then, we 
draw the flow net in the usual way on the transformed section and compute Q using 
Equation 8.26 with k = Jkx kz. 
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True cross-sectíon 

Transformed cross·sectíon 

Figure 8.8 Transformed sectíon for an anisotropic soil. In this case. k x= 9 k , so the 
transformed section has been produced usíng a vertical exaggeration factor of 3. 

Electrical Analogy Solution 
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The LaP!ace Equation also describes many other kinds of flow problems, including 
electricity, heat, and magnetism. Thus, these flows are analogous to that of water through 
soil, as described in Table 8.1. We can take advantage of this similarity by constructing an 
electrical analogy model to analyze a seepage problem (Bardet, 1997). 

Electrical analogy models, such as the one in Figures 8.9 and 8. 10, use a pool of water 
or special conductive paper with the same shape as the seepage zone. We pass electricity 
through this pool or across the paper, thus producing the following analogies: 

TABLE 8.1 ANALOGIES IN AN ELECTRICAL ANALOGY MODEL 

Characteristic 

Media 

Flowing substance 

Resistance to flow 

Quantity of flow 
per unit time 

Potential 

Form of 
LaPlace Equation 

Goveming law 

Actual Seepage Problem 

Soil 

Water 

Hydraulic conductivity, k 

Flow rate, Q 

Total head, h 

a2
h + a2

h = 0 
ax 2 az 2 

Darcy's Law (Q = kiA) 

Electrical Analogy Model 

Water or conductive paper 

Electricity 

Electrical conductivity, a= 1/R 

Current, 1 

Voltage, E 

a2
E + a2

E = 0 
ax 2 az 2 

Ohm's Law (l = EIR) 

The flow rate through this model can be determined from the current, as measured 
with an ammeter, and the total head at any point can be determined using a voltmeter and 
a movable probe, as shown. 
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Figure 8.9 Electrical analogy model. The battery supplies current through tbe pool of 
water contained in this plexiglass tank. 

il 
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Chap. 8 

Figure 8.10 Schernatic of electrical analogy model with corresponding cross-section. The A symbol represents 
an ammeter, and the V symbol represents a voltmeter. This is the same cross-section used in the model shown 
in Figure 8.9. 

Electrical analogy models were popular before the days of powerful computers and 
sophisticated software. However, today their usefulness is Iimited to their instructional 
value. Practicing engineers and researchers are much more likely to use computer software 
as described in the next section. 
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Numerical Solutions 

Most geotechnical engineering problems may be solved using analytical solutions. These 
are direct mathematical methods that find the desired answers. For example, Darcy' s Law 
is an analytical solution to one-dimensional seepage problems. However, problems with 
more complex mathematical formulations or boundary conditions often ha ve no analytical 
solution, and must be solved sorne other way. Two-dimensional seepage problems, as 
described by the LaPlace Equation, are in this category. 

Although hand-drawn flow nets and electrical analogy solutions may be used to solve 
the LaPlace Equation, the widespread availability of digital computers has made numerical 
solutions the preferred method for many seepage problems. 

Numerical solutions (also known as numerical methods) are mathematical techniques 
that solve complex problems by dividing them into small physical pieces and writing 
simpler equations that describe the functions within each piece and the relationships 
between the pieces. Severa! such techniques are available, and they are routinely used to 
solve a wide variety of engineering problems. Thefinite element method (FEM) is one of 
the most cornmon numerical solutions, and it is the one most commonly used to solve 
seepage problems. 

As its narne implies, the fmite element method divides the flow regime into a large 
number of discrete elements, as shown in Figure 8.11. A typical solution will have 
hundreds or thousands of su eh elements. We then assume the hydraulic gradients i x and i z 

are constant within each element, which allows us to directly apply Darcy's Law to describe 
the flow within an element. The next element has its own values of i xand i t and the flow 
within that element also may be described using Darcy's Law. Finally, the flow rate, Q, 
exiting one side of an element is equal to the flow rate entering the side of the adjacent 
element. The elements in Figure 8.12 show these relationships. 

10 20 30 40 50 60 70 80 90 100 110 120 130 u o 150 

Feet 

Figure 8.11 Finite element grid for numerical solution of seepage below a dam. The thin unshaded elements 
beneath the Jeft edge of the dam represen! an impervious cutoff (GEO-SLOPE lntemational, Ltd.). 
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~Q ~Q ~Q 

Figure 8.12 Relationships between adjacent elements in a finite element analysis. Each 
element has its own values of i x and i~ which are constant within that element. In 
addition, the Q exiting one side of an element is equal to the Q entering the side of the 
adjacent element. 

Chap. 8 

This process generates thousands of simultaneous equations, and thus requires matrix 
algebra anda computer to sol ve. The final results representan approximate solution whose 
precision depends on the number of elements and other factors. The output may be 
presented as a flow net, as shown in Figure 8.13, along with digital values of pore pressure 
in the center of each element, flow rate through the system, and other useful information. 

Feet 

Figure 8.13 Typical output from a finite element seepage analysis. The curves are equipotentials and the 
arrows show the flow direction and velocity. Note how the flow goes around the impervious cutoff (GEO
SLOPE lntemational, Ltd.). 
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Finite element analyses are attractive because of their analytical power and flexibility. 
They can consider problems with various complexities, including: 

• Soil profiles that include strata with different k values 
• Confined or unconfined flow 
• Steady-state or transient conditions 
• Complex boundary conditions 
• Anisotropic soils 

Commercially available software makes this method readily available for routine 
seepage problems. 

QUESTIONS AND PRACTICE PROBLEMS 

8.1 One of the factors in Equation 8.26 is N,. yet when drawing a flow net we assume a value for 
this parameter. How can this formula produce correct results when one of the factors is 
assumed? (i.e., would assuming a higher N F produce a higher computed value of Q?) 

8.2 The flow net in Figure 8.14 is incorrect. Explain why. 

Impervious conc rete wall 

Figure 8.14 Tria) flow net for Problem 8.2. Note: This flow net is not drawn correctly, 
and should not be used as an example! 

8.3 Redraw the cross-section in Figure 8.15 to a sea! e of 1 :500 ( 1 cm = 5 m), then draw a flow net 
that describes the seepage below this 150 m long concrete dam. Finally, compute the flow rate 
through this soil, expressed in liters per second, and the pore water pressure at Point A, which 
is at elevation 122.0 m. 
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Concrete 
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el.126.1 m 
el.124.3 m el. 122.0 m . el. 124.3 m 

. . . . . .. · .. · .. . . . . . ··H~·. 
. . . . 

4.5m ·: 

· . . ·.·· 

el.ll6.0m 
. · .. ·: .Silty sand.: : .· ·. ·.- .·. 

·_. :k=8X 1CJ3 cm/s:: ·.·.: . . 

. .. · 

el.96.8m · 

Figure 8.15 Cross-section of dam for Problems 8.3 and 8.4. 

8.4 Using the flow net from Problem 8.3, develop a plot of seepage flow rate vs. the water elevation 
in the reservoir. Consider reservoir elevations between 126.1 m and 135.0 m. 

8.5 The earth dam shown in Figure 8.16 is to be built on a gravelly sand with silt and cobbles. This 
dam will extend a distance of 850ft perpendicular to the cross-section. To reduce the flow rate 
through these soils, a concrete cutoff wall will be built as shown. Redraw this cross-section to 
a scale of 1 in= 100ft, draw a flow net, and compute Q. Then, identify the area in the flow net 
that has the greatest hydraulic gradient. 

el. 701.5 ft 

Reservoir 

el.616.0 ft el. 620.0 ft 

.. _ .. · .· ... .'. Gravelly s~~d with silt and ~~bbles .· ... · . 
· · · · · · ·. k= 6 x 10-2 cm/s ·. · · · . · · · 

.. 
. · .. ~ 8. ~ ~ 5; f~ ·c~n~r~~e ~~t~ff w~. :· · · · .~ ·: . ~ ... : . · 

. -.. . . . . . . · ...... : .. • . . : . . . : 
.. 

Figure 8.16 Cross-section for Problems 8.5. 

8.2 THREE-DIMENSIONAL FLOW 

The principies of three-dimensional flow are similar to those for two-dimensional flow. The 
LaPlace Equation describes both, except now we must add a third term: 
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(8.27) 

Many three-dimensional problems are very difficult to sol ve because of their complex 
geometries. Three-dimensional finite element anal y ses are a possibility. but they are not 
commonly used in engineering practice. A more likely solution would be to idealize the 
problemas a two-dimensional flow problem. However, one category of three-dimensional 
flow problems is easily solved: flow to wells. 

Flow to Wells 

Problems involving a single well are easily solvable because they are symmetric about a 
vertical axis passing through the well. The exact solution depends on the flow condition in 
the aquifer. 

Confined Aquifers 

A confined aquifer, as shown in Figure 8.17, is one that is sandwiched between two 
aquicludes. Thus, the upper and lower flow boundaries are fixed and the water flows 
through the entire depth of the aquifer . 

• . . . . . . . . :'· ·:·.:: . · . .. · .• o.: ·. 
·. : ·.· . . . .. . ·.· : ·.· .. · . . · . .. ·.' . .. · . . 

:.:_._·. ~.·: -~. :-~~uj~e~:_.·:_: .~_. -.· .. ... -.<. _::; >· ,_:: 
·. . . . . . .. . . . . .... ·· ... 

·.·· .· ... . 
·. · · .. ·. · .. . . . : ·. ·: .·. 

. . . . . 

Figure 8.17 Well in a confined aquifer. 

· .. ·. 



260 Groundwater- Applications Chap. 8 

The flow rate, Q, produced by the well may be derived from Darcy's Law by 
considering a pie-shaped section of the aquifer as shown in Figure 8.18: 

where: 
Q = flow rate to well 

21r 

Q = fkiA 
o 

21r 

f k dh H rd6 
dr a 

o 
2ttkHa(h0 - hw) 

ln[ ::) 

k = hydraulic conductivity of aquifer 
Ha= saturated thickness of aquifer 
h0 =total head in aquifer before pumping (datum = bottom of aquifer) 

(8.28) 

hw =total head inside well casing during pumping (datum = bottom of aquifer) 
r0 = radius of influence 
r w = radius of well (includes casing and gravel-pack) 

Piezometer 

Well 

Figure 8.18 Pie-shaped section of a confined aquifer for the 
derivation ofEquation 8.28. 
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The radius of influence, ro- is the distance from the well to the farthest point of 
drawdown, and is a difficult parameter to assess. Fortunately, even approximate estimates 
are often sufficient because In (r Jr.) is always very large, and it is not overly sensitive to 
errors in r0• For example, changing r0 1r., from 1000 to 5000 increases In r0 lrw by a factor of 
only 1.2. 

Sichart and Kyrieleis (1930) presented the following empirical formula that gives an 
approximate value of r 0: 

(8.29) 

r0, h0, and hw must be expressed in the same units, and k must be in crnls. 

Unconfined Aquifers 

In an unconfined aquifer, as shown in Figure 8.19, the lower flow boundary is fixed, but the 
upper flow boundary is the groundwater table, which is free to seek its own level. The 
groundwater table is drawn down in the vicinity of the well, so the height of the flowing 
zone decreases as the water approaches the well. 

. . . 

:_ · ·-: · .Áq~if~r 

. :. . 

Figure 8.19 Well in an unconfined aquifer. 

Q 

o . ... . .. 
.. • . . 

: .· .. ;.· 

Using a derivation similar to that for confined aquifers, we can develop the following 
formula: 
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Q 
(8.30) 

Mixed Aquifers 

A mixed aquifer is one that was originally confined, but the portion near the well becomes 
unconfined because of the drawdown to the well as shown in Figure 8.20. This is the case 
when the water level inside the well casing is pumped to an elevation below the top of the 
confined aquifer. 

. . . 

· Aquifer . · . ·. ·. · ·. ·. ·. · . ·. : · 

Figure 8.20 Well in a mixed aquífer. 

Again, we can derive a formula for Q: 

Q 

Q 

. . . . . . . . . 

. . . . . 
· . . · . . . . 

(8.31) 

Equations 8.28-8.31 are valid only when the well penetrates completely through the 
aquifer and is hydraulically open (i.e., has a well screen) throughout the aquifer. The flow 
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rate to partially penetrating or partially open wells would be Iess (see Driscoll, 1986, or 
Powers, 1992). 

All three well formulas may be used in anisotropic soils by using a transfonned 
section as described earlier. 

Example8.3 

A municipal water supply well is to be installed in the aquifer shown in Figure 8.21. This well 
will have an 8-in diameter casing in a 24-in diameter boring with a submersible pump that 
draws the water leve! down to a depth of 62 ft below the ground surface. Compute the 
maximum flow rate that could be produced by this well. 

. · Fi~e·s~nd ·. : >. 
:. :.- ·· :k= 6 x 10:_~ ft/s .' · · 

.. : . ·. . . : : 
:_ . · . . :: . 

Figure 8.21 Soil profile and proposed well for Example 8.3. 

Solution 

This is an unconfined aquifer, so we will use Equation 8.30. 

h0 = 55ft +22ft -56ft = 21 ft 

h,. = 55 ft + 22ft - 62ft 15ft 

k = (6x w-3ftls)( 30·5cm) = 0.18 cm/s 
1ft 
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r0 = 300 (h0 - h")/k = 300(21 ft - 15 ft)v'O.l8 cm/s = 760ft 

Using a unit conversion factor of 449 galfmin per ft 3/s, 

Q = 
nk(h~- h:) 

In( ::.) 
1t (6x w-3ftls) [(21 ft) 2 - (15 ft)l) 

ln( 760ft) 
1 ft 

= 276 gallmin - Answer 

Chap. 8 

Use of Pumped Wells t o Conduct ln-Situ Permeability Tests 

Pumped wells that are already in place may be used to conduct in-situ permeability tests. 
This method should produce much more accurate values of k than obtained from laboratory 
tests because it mobilizes a much larger volume of soil. One way of doing this would be to 
use Equations 8.28-8.31 with a known Q and solve for k. Another, more precise, method 
involves installing two or more observation wells as shown in Figure 8.22 (Driscoll, 1986). 
These observation wells must be located at a distance less than r 0 from the pumped well. 
We then can rewrite Equations 8.28-8.31 as follows: 

For confined aquifers, 

k 

For unconfined aquifers, 

k 

For mixed aquifers, 

k 

Q ln(r1/r2) 

2rcHa(h1 - h2) 

Q ln(r1/r2) 

2 2 rc(h1 -h2 ) 

(8.32) 

(8.33) 

(8.34) 
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where: 
k= hydraulic conductivíty of aquífer 
Q = flow rate from pumped well 
r1 = radius from pumped well to farthest observation well (must be< r0 ) 

r2 = radius from pumped well to nearest observation well 
h1 =total head in farthest observation well (datum = bottom of aquifer) 
h2 =total head in nearest observation well (datum = bottom of aquifer) 
Ha= saturated thickness of aquífer 

265 

Again, these equations are valid only when the pumped well extends through the 
entire aquifer and is open to the groundwater through the entire aquífer. 

. ~ .... 
· .. ·. ·.· .·. 

Pumped 
well 

. . . . 

Observation 
wells 

.. : .. 

: Aquifer 

Figure 8.22 Use of observation wells near a pumped well to determine k in-situ. 

This method of determining k is valid only after steady-state conditions have been 
achieved. This may be accomplished by continuously pumping from the pumped well and 
monitoring the water levels in the observation wells. When these water levels and the flow 
rate in the pumped well have both reached equilibrium, steady-state conditions have been 
achieved. 

Example8.4 

A pumped well and two observation wells have been installed through a fine-to-medium sand 
as shown in Figure 8.23. A pump has been discharging water from the pumped well for a 
sufficient time to achieve steady-state conditions. The water levels in observation wells A and 
B were then observed to be 20 and 35ft below the ground surface, respectively. Compute the 
hydraulic conductivity of the aquifer. 
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20ft 

lSOft--- --..+-._1 

Figure 8.23 Cross-section for Example 8.4. 

Solution 

This is an unconfined aquifer, so use Equation 8.33. 

Q = (150 gal/min)( ~) ( 1 
min) = 0.33 ft 3/s 

7.48 gal 60s 

k 

hl = 90 - 20 = 70 ft 

h2 = 90 - 35 = 55ft 

Q ln(r/r2) 

2 2 
1t (hl - h2 ) 

O. 33 ft 3/s In ( 170ft/20ft) 

1t [(70ft)2
- (55ft)2

] 

= Answer 

This answer seems reasonable, per Table 7.1. 

Chap. 8 

OUESTIONS ANO PRACTICE PROBLEMS 

8.6 The proposed well shown in Figure 8.24 will be used to supply a municipal water system. 
Compute its pumping capacity with the groundwater level as shown, and express your answer 
in gallons per minute. 
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Figure 8.24 Proposed well for Problem 8.6. 

8.7 After reaching steady-state conditions, the test well shown in Figure 8.25 is producing a flow 
rate of 17 liters per second. The aquifer is an alluvial soil with interbedded medium-to-coarse 
sand and silty sand. 

· ... 

Aquifer .·· 

Figure 8.25 Cross-section for Problem 8.7. 

The water depths in the observation wells are as follows: 
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Well Water Depth From Ground Surface (m) 

Before Pumping During Pumping 

Pumping 16.9 26.0 

Observation A 16.9 23.5 

Observation B 16.9 18.1 

Observation C 16.9 16.9 

Using the best availab\e data, compute the hydraulic conductivíty and transmíssivity of the 
aquifer. Is the computed k value reasonable? Explaín why or why not. 

8.3 UPLIFT PRESSURES ON STRUCTURES 

Whcn buried structures extend below the groundwater table, they are subjected to uplift 
pressures from the pore water. These pressures are comparable to those acting on the hull 
of a ship. Uplift pressures are importan!, especially if the structure does not have much 
weight. For example, buried tanks or vaults might experience uplift pressures that exceed 
their weight, which would cause them to lift out of their in tended position. 

Engineers once thought full hydrostatic uplift pressures could occur only in sands, and 
only one-third to one-half of the full pressure would occur in clays (Terzaghi, 1936). Even 
Terzaghi once stated "we are not sure as to the extent to which hydrostatic uplift acts within 
a mass of plastic clay" (Terzaghi, 1929). Fortunately, he and others eventually realized full 
hydrostatic pore water pressures occur in all soils, so designs should be based on full 
hydrostatic uplift forces. 

If the groundwater table is horizontal, or nearly so, then the uplift pressure at a point 
may simply be computed using Equation 7.7. This is true even though when viewed on a 
microscopic scale, only part of the submerged structure is in contact with the pore water (the 
remainder is in contact with the solid particles). Thus, the uplift force is the same as it 
would be if the structure was submerged to a comparable depth in a lake. 

[f the groundwater table is far from being horizontal, then significant head losses are 
occurring as the water fl ows from one side of the structure to thc other. The concrete 
spillway in Figure 8.3 is an example. In this case it is necessary to use the following 
procedure: 

l. Draw a flow net in the soil beneath the structure. 
2. Using the equipotentiallines, compute the total head at several points along the base 

of the structure. 
3. Determine the elevation head at the points used in Step 2. 
4. Using Equation 7.5 and the data from Steps 2 and 3, determine the pressure head at 

each point. 
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5. Using Equation 7.6, determine the pore water pressure at each point. This is the uplift 
pressure. 

6. Develop a plot of uplift pressure across the structure. 

Example 8.5 

A sewage pump is to be located in the proposed underground vault shown in Figure 8.26. The 
site will be temporarily dewatered during construction, but afterwards the groundwater table 
will be allowed to retum to its natural leve!. The highest probable leve] during the life of the 
project is as shown. 

The vault will be made of reinforced concrete and waterproofed so very linte 
groundwater will enter. The vault and overlying soil has a mass of 30,000 kg, exclusive of the 
tloor. A sump pump will eject any water that might accumulate inside. 

The weight of the vault and the overlying soil must be sufficient to provide a factor of 
safety of at least 1.5 against buoyant uplift (i.e. these weights must be at least 1.5 times the total 
uplift force). Write an equation for the buoyant uplift force, then compute the required base 
thickness, t. Neglect the weight of the pump and neglect any sliding friction between the sides 
of the vault and the soil. 

Figure 8.26 Cross-section for 
Example 8.5. 

Solution 

Uplíft pressure 

u = y wZw = (9.81 kN/m 3)(2.40 + t m) 23.5 + 9.81 t kPa 

Uplift force 

P u A (23.5 + 9.81 t)(32) 212 + 88.3 t kN 
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Weight 

Groundwater- Applications 

U se p concrete = 2400 kg/m 1 

W = Mg 

= [30,000 kg + (2400 kg/m 3)(32 m)t](9.81 m/s 2
) ( ~) 

lOOON 
= 294 + 212t kN 

For factor of safety = 1.5 

1.5 (212 + 88.3t) = 294 + 212t 
t = 200 mm - Answer 

Example8.6 

Chap. 8 

Compute the uplift pressures acting on the concrete spillway shown in Figure 8.27. 

o 

Reservoir 
Concrete spillway 

o 
1000 

,¡;-~:~ ;E 4000 
~ 5000 

6000 

Figure 8.27 Cross-section for Example 8.6. 

Solution 

Using sea leve! as the datum: 
h at upstream end = 260.3 ft 
h at downstrearn end = 193.3 ft 
M= 260.3- 193.3 = 67.0 ft 

From the flow net: 
Nv= 17.0 

100 
Scale (ft) 
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67·0 
= 3.92 ft/equipotential drop 

17.0 
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Note: As discussed earlier, equipotential lines in a flow net are similar to contour línes in a 
topographic map. Therefore, !!.hiN D is similar to the contour interval on a topographic map. 

For each equipotential line, compute h based on h at the downstream end, the number of 
equipotential drops, and t!..h!Nv. Then compute hr and u along the bottom of the structure and 
plot the results. 

Equípotential 
h (ft) 

A long bottom of structure 

Line h, (ft) h (ft) u (lb/ff) 

O (downstream) 193.3 

197.2 

2 201.2 180.0 21.2 1323 

3 205.1 180.0 25.1 1566 

4 209.1 180.0 29.1 1816 

5 213.0 180.0 33.0 2059 

6 216.9 180.0 36.9 2303 

7 220.9 180.0 40.9 2552 

8 224.8 180.0 44.8 2796 

9 228.8 180.0 48.8 3045 

10 232.7 180.0 

11 236.7 180.0 

12 240.6 180.0 

13 244.5 180.0 

14 248.5 180.0 

15 252.4 180.0 72.4 4518 

16 256.4 180.0 76.4 4767 

17 260.3 

These computed pressures are plotted on Figure 8.27. Note the drop in pressure at the sheet 
pile. This is due to the head 1osses as the groundwater flows around the sheet piJe. 

The weight of this structure is certainly much greater than the uplift force, so there is no 
danger of it rising out of position. However, when evaluating its ability to resist the horizontal 
hydrostatic force from the reservoir, we need to compute the normal force acting between the 
structure and the underlying soil and multiply it by the coefficient of friction. This force is 
equal to the weight of the structure less the uplift force. Thus, the uplift force reduces the 
horizontal sliding stability of the spillway. 
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8.4 GROUNDWATER CONTROL ANO DEWATERING 

Engineers and contractors often need to control groundwater flows, either temporarily or 
permanently. Temporary controls are necessary when performing underground construction 
below the groundwater table; permanent controls may be needed to keep groundwater from 
reaching sensitive areas. The various processes of removing groundwater are called 
dewatering. 

Construction Dewatering 

The most common type of temporary groundwater control is construction dewatering, which 
is perforrned to keep groundwater out of construction sítes. Constructíon dewatering is in 
place only during the construction period, and is for the "convenience" of the contractor, so 
it is not shown on the design drawings or specifications. The contractor is responsible for 
designing the dewatering system, and normally does so by subcontracting this work to a 
dewatering specialist. 

There are four basic categories of construction dewatering methods: open pumping, 
predrainage, cutoffs, and exclusion (Powers, 1992). The proper selection depends on many 
factors, including: 

• The soil conditions, especially the hydraulic conductivity 
• The size and depth of the construction excavatíon, especially the depth below the 

groundwater table 
• The planned method of excavation and ground support 
• The type and proximity of nearby structures 
• The type of structure being built 
• The planned schedule 
• The presence and characteristícs of groundwater contaminants (if any) 

Figure 8.28 shows an excavation that has been temporarily dewatered to permit construction 
of two pipelines. 

Open Pumping 

Open pumping methods allow groundwater to enter the excavation, then direct it to low 
points known as sumps where it is pumped out. Figure 8.29 shows an open pumping 
system. This method is most appropriate in soils with a low to moderate hydraulic 
conductívity because these soils discharge controllable quantitíes of water into the 
excavation. When used in favorable conditions, open pumping is generally inexpensive and 
effective. 

However, open pumping is inappropriate in soils with high hydraulic conductivity 
values, especially when the excavation extends to significant depths below the groundwater 
table. Such soils can produce very large flow rates that cannot be effectively collected or 
pumped. This method also is inappropriate when the excavatíon is potentially unstable as 
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a result of boils, quicksand, or heave (as discussed in Chapter 13), or when the excavation 
is to performed by scrapers or other equipment that has traction problems in wet soil. 

) 

. . , 
_.,:.V-:::~;,~ ... -_; .s.. - :.t •AfllL 

Figure 8.28 This 11 m (35 ft) deep excavation was required to construct these two 
water supply pipelioes. The excavation extends 1 O m (35 fl) below the groundwater 
table, anda river is locatedjust beyond the excavation on the left side ofthe 
photograph. Therefore, a temporary dewatering system has been installed to draw 
down the groundwater table. This system includes a series ofpumped wells, including 
the one in the right foreground (Photo courtesy of Foothill Engineering). 

Construction 
excavation 

Figure 8.29 Cross-section through a construction excavation being dewatered by open 
pumping. 

Predralnage 

Predrainage encompasses severa! methods of intercepting groundwater before it reaches the 
excavation. Unlike open pumping, these methods allow the contractor to lower the 
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groundwater table before excavation begins, which often salves equipment mobility 
problems. They also are suitable for a wider range of soil conditions. 

Most predrainage systems use wells located a short distance outside the perimeter of 
the excavation, as shown in Figure 8.30. Several methods are available to extract water 
from the wells, including: 

• Pumped well systems with a submersible pump in each well. This method can 
accommodate large flow rates, but requires a large investment in equipment. The 
excavation in Figure 8.28 used pumped wells. 

• Wellpoint systems extracting the water by applying a vacuum to each well. This is 
much less expensive than installing individual pumps, but is limited to depths of no 
more than 5 to 6 m. 

• Ejector systems using a nozzle and a venturi in each well to lift the water. These 
systems do not have the depth limitations of wellpoints, and often are less expensive 
than pumped well systems. However, they are inherently inefficient and thus quickly 
lose their cost advantage when the required flow rates are high. 

Q"'\ 
. . . . . . . . . . . 

--~~-:iJ~;~~~~-~- Construction 
excavation 

c.,....,-----,.- --,--,-:-----,- -:----'. . . 
. . . . . 

.. ' 

: ... · .. : '· .. .. : .. 

Figure 8.30 Cross-section of a construction excavation being dewatered by predrainage. 

Cutoffs 

. .. ·. 
. ' 

. : . ·. 

Cutoffs (aJso known as seepage barriers) are intended to physically block the groundwater 
before it reaches the excavation, as shown in Figure 8.31. Although it is impossible to 
complete! y block the groundwater flow, cutoffs can be very effective and typically reduce 
the water inflow to a small fraction of what it othcrwise would have been. The small 
amount of groundwater that does eventually reach the excavation can usually be removed 
by open pumping. 

Construction excavation 

· .. . . . . 
.. : 

Cutoff 

........ 

. .. 

. . . . 
''. 

. . ' 

. . .. . 

. . . . . . 

Figure 8.31 Use of a cutoffto block groundwater llow befare it reaches a constructíon excavatíon. 
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Many methods and techniques ha ve been used to cutoff groundwater. These include 
the following (Powers, 1992): 

• Steel sheet pi/es are heavy corrugated steel sheets driven vertically into the grouod. 
They are installed around the perimeter of a proposed excavation, then the soil inside 
is removed. The primary purpose of sheet piles is to provide structural support to 
keep the excavation from caving in. However, they also provide a partially effecúve 
groundwater cutoff. See Chapter 16 for more information on sheet piles. 

• Diaphragm walls are constructed by excavating a trench (typically about 1 m wide) 
around the perimeter of the proposed excavation and fllling it with concrete. To avoid 
caving, the trench is normally filled with bentonite slurry 1 as it is being excavated, and 
the concrete is placed using a tremie 2 extending through the slurry. These walls 
provide both structural support and groundwater control. 

• Slurry trenches are constructed similar to diaphragm walls, except they are fllled with 
low-permeability soils instead of concrete. They provide groundwater control, but do 
not provide structural support. Figure 8.32 shows a slurry trench under construction. 

a 

Figure 8.32 A slurry trench barrier under construction: a) An excavator is digging the 20m (65ft) deep trench through a 
slurry, b) then a bulldozer pus hes in a clayey backfill. 

• Secant drilled shaft walls are drilled shaft foundations (large diameter borings filled 
with concrete) placed on close centers, thus creating a continuous underground wall. 

• Tremie seals are concrete barriers placed at the bottom of excavations to block water 
and resist hydrostatic pressures. They are typically used in combination with sheet 
piles or diaphragm walls, and are often placed underwater using a tremie. 

1 Bentonite slurry is a mixture of bentonite el ay and water. When placed in a tren eh or drilled hole, it pro vides 
hydrostatic pressures that prevent caving. 

2 A tremie is a long tube used to place concrete. They are used when the concrete must be placed under water 
or through a bentonite slurry, because simply dropping the concrete through these materials would produce 
excessive segregation and result in a very poor product. 
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• Permeation grouting consists of injccting cernent or special chernicals into the 
ground. This fills the voids and significantly reduces the hydraulic conductivity of 
the soil. 

• Ground freezing consists of ínserting refrigeration devices into the ground and 
freezing the groundwater. This rnethod has been used successfully, and is very 
effective. It also ís very expensive. 

Exclusion 

Exclusion rnethods use compressed air to prevent groundwater from entering a construction 
excavation, as shown in Figure 8.33. Thís method has been used in tunnel and foundatíon 
construction, because these excavations can be sealed and pressurized. The air pressure is 
rnaintained at a level approximately equal to the pore water pressure, thus preventing or at 
least greatly reducing seepage into the excavation. Workers, equípment, and excavated soil 
must pass through a decornpression charnber located between the excavation and the 
atmosphere. 

A ir 
compressor 

Decompressíon chamber 

. :: . T···.:_ 
~~--~~~~~~~.-1~Door~·~.·-~~~~~~~~~~~~~-~·~· 

• • •• • •• • • : • • • • ; • .+ •• • • • • • •• •• ,. • • • • •• 

. . . . . .·· .. · . . . · . . 

Pressurized tunnel 

. . . . . . 

Figure 8.33 Tunnel construction under compressed aír. 

Permanent Dewatering 

: Th.lmel 
advances into 

:~· soil below 
· .. · groundwatcr 

· table 

· .. · 

Permanent dewatering measures are necessary when groundwater rnust be controlled 
throughout the useful life of a civil engineering project. Sorne of the construction 
dewatering rnethods al so may be used for permanent dewatering. However, econornics and 
reliability concems generally prevent the use of extensive long-term purnping. The specific 
rnethods of permanently controlling groundwater depend on the application (Cedergren, 
1989). The following sections describe sorne common techniques and concems for specific 
applications. 
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Underground Structures 

Buildings with basements, tunnels, utility vaults, sewage pumping stations, and other 
structures need to be protected from flooding, especially when they extend below tbe 
groundwater table. Usually these structures have thick concrete walls that are reasonably 
watertight. In addition, the outside areas ofthese walls are usually coated with a waterproof 
material, and drain pipes are sometimes installed around the perimeter. However, in spite 
of these precautions, sorne water may enter the structure. Therefore, it is generally 
necessary to direct any such water toa sump and pump it out. Normally these sump pumps 
do not need to operate continuously. 

Retaining Walls 

lf groundwater is allowed to build up behind retaining walls, the resulting hydrostatic 
pressures may be much greater than the lateral pressures due to the soil. Sometimes it 
becomes necessary to design for these pressures, but this can significantly increase the cost 
of the wall. The other option is to install drain pipes or weep holes ( drainage holes near the 
bottom of the wall) to drain any groundwater, thus maintaining the groundwater table at a 
suitably low elevation. 

Pavements 

Pavements for highways, parking lots, airports, and other facilities are very sensitive to the 
accumulation of water in the underlying soils, and many pavement failures may be attributed 
to poor drainage of the subgrade soils. Water inevitably passes throughjoints, cracks, and 
other openings in pavements, and in the case of certain open-graded asphalt it may pass 
through the pavement itself. It is virtually impossible to stop water from reaching this zone. 
Therefore, engineers need to drain this water to a safe location. 

Earth Slopes 

Permanent drainage measures are often installed in earth slopes to control the groundwater 
level and thus enhance stability. This method is discussed in more detail in Chapter 14. 

EarthDams 

Earth daros include extensive drainage facilities to control the groundwater flow through the 
dam. This enhances their stability. 

8.5 SOIL MIGRATION ANO FIL TRATION 

Geotechnical engineers often intentionally place highly pervious soils in key locations to 
capture and drain groundwater. Poorly graded coarse gravels are especially useful in this 
regard because they ha ve very high hydraulic conductivities. However, a problem occurs 



278 

when we place such soils adjacent to finer
grained soils (and nearly everything is 
finer than coarse gravel!) because the 
seepage forces push the finer soils into the 
gravel drainage ]ayer, as shown in Figure 
8.34. We call this process soil migration. 

This migration has at Jeast two 
detrimental results. First, the drainage 
layer becomes clogged and no longer 
functions properly. This clogging can 
occur whenever a coarse soil is 
downstream of a significantly finer soíl 
and the seepage forces (i.e., hydraulic 
gradients) are large enough to cause soil 
migration. Once the subsurface drainage 
system ceases to work, failure often 
follows. Second, the migrating soíls 
leaves voids in the upstream strata. In 
sorne cases, these voids can propagate for 
long distances, creating underground 
channels that lead to piping failure as 
shown in Figure 8.35. This is an important 
cause of failure in dams and levees, as 
discussed in Chapter 15. 

Figure 8.35 A piping failure in an earth dam. 

Gro u ndwater- Applicatíons 
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coarse grave!, clogging 
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Chap. 8 

Coarse grave! 
drainage la yer 

Figure 8.34 Migration offiner soi\s into a coarse 
drainage lager. The groundwater flow is washing the 
finer soils into the voids between the coarse grave! 
particles. 

Migration problems can be avoided by providingfilters which are intended to pass 
water but retain potentially rnigrating soil. There are two principal types of filters: graded 
soil filters and geosynthetic filters. 

Graded Soil Filters 

Graded soil ftlters consist of one or more layers of carefully graded soil placed between the 
potentially migrating soil and the drain. Each ftlter zone is fine enough to prevent 
significant rnigration of the upstream soil, yet coarse enough not to rnigrate into the 
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downstream soil. The filter also must have a sufficiently high hydraulic conductivity to 
effectively transmit water to the drain. 

Sherard, et al. (1984a, 1984b, 1985, 1989) developed design criteria for graded soil 
filters based on the D15 size, as shown in Table 8.2, where: 

D 15 = the grain size at which 15% of the filter material is finer 
d85 == the grain size at which 85% of the soil to be filtered is finer 
A = the percentage of the soil to be filtered that passes the #200 sieve 

For soil groups 1, 2, and 4, the values of d85 andA should be based only on the portion of 
the soil that passes the #4 sieve. In other words, if these soils contain plus #4 material, the 
grain-size curve needs to be reconstructed to what it would be if that material was not 
present. This adjustment is not necessary for soíl group 3. 

The shape of the filter grain-síze curve should be similar to that of the soil being 
filtered (i.e., their slopes on the grain-size distribution chart should be about equal). 

TABLE 8.2 GRADED SOIL FIL TER DESIGN CRITERIA (Sherard, et al., 1984a, 1984b, 1985, 1989; 

ses, 19B6l 

Soil 
Group 

No. 

2 

3 

4 

Soil Description 

Fine silts and clays with 
>85% passing the #200 

sieve 

Silty and clayey sands and 
sandy silts and clays with 
40-85% passing the #200 

si e ve 

Silty and clayey sands and 
gravels with 15-39% 
passing the #200 sieve 

Silty and clayey sands and 
gravelly sands with s 15% 

passing the #200 sieve 

D 15 Design Criteria 

D 15 ~ 9d85, but not smaller than 0.2 mm 

D 15 ,.; 0.7 mm 

( 40 -A) D 15 ,.; ~ (4d85 -0.7mm) + 0.7mm 

Other more detailed filter design criteria also are available (Le., Reddi and Bonala, 1997). 

Example 8.7 

The design of a proposed earth dam is to include a grave! drain to control the groundwater 
inside the dam. This drain is to be protected with a graded soil filter zone. The grain-size 
distribution curves of the soils u sed to build the core of the dam and the grave] used to build the 
drain are shown in Figure 8.36. Determine the range of acceptable filter material. 
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Solution 

Migration of core soils inlo filler: 
91% passing #200 sieve, so this is soil lype 1 per Table 8.2 
dR5 ;: 0.056 mm 
D 15 s 9d85 - D 11 s (9)(0.056 mm) - D15 s 0.50 mm 

Chap. 8 

Therefore, the filler soils must ha ve D 15 s 0.50 mm, as shown by the mark on Figure 
8.36. 

Migration of filter soils inlo drain: 
We use the same analysis, bul now D represents lhe drain and d represents the filler. 
Based on the earlier results, the filler will be a type 4 soil 
D 15 =4.0mm 
D15 s 4d85 - 4.0 mm s (4)(dg5 ) - l.O s dss 

Therefore, the filter soils musl ha ve D85 ;, 1.0 mm, as shown by the mark on Figure 8.36. 

Based on these lwo marks, the range of acceptable filter material is as shown in Figure 8.36. 

FINES 

#200 #4 3" 

g 50 t- ··!··········r·· ' H 
<::::: 

0.01 0.1 10 100 
Grain size (mm) 

Figure 8.36 Grain-size distribution curves for Example 8.7. 
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Geosynthetic Filters 

A wide variety of geosynthetic filter materials (often calledfilter fabrics) are now used as 
altematives to graded soil filters. These are known as geotextiles (Koerner, 1998) and are 
supplied as rolls of fabric as shown in Figure 8.3 7. 

Geotextile manufacturers provide various specifications for their materials to help the 
engineer select proper fabric for each application. One of these specifications is the 
equivalent opening size or EOS (also called apparent opening size or AOS), which is 
expressed either as 0 95 oras the equivalent sieve size. For example, a geotextile with 
EOS = AOS = #30 (095 = 0.60 mm) has openings similar to those in a #30 sieve. Such a 
fabric would retain 95% of soil partí eles that have a diameter of 0.60 mm. 

Carroll (1983) recomrnends selecting geotextiles for filtration based the following 
criterion: 

Figure 8.37 A geotextile that could be 
used as a filter or for other purposes. 
This one is a Tensar® Vectra fabric 
(Courtesy Tensar Earth Technologies, 
Inc., Atlanta, Georgia, USA). 

095 < (2 or 3) (Das) sol/ (8.35) 

The geotextile ftlter fabric also must have sufficient permittivity to pass the required 
groundwater flow rate. This parameter is a measure of the fabric' s ability to pass water, and 
is defined as: 

(8.36) 

Combining with Darcy's Law (Equation 7.8) gives: 

(8.37) 
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where: 
1jr = permittivity of the geotextile 
k. = hydraulic conductivity for flows normal to the fabric face 

t = thickness of the geotextile 
Q = flow rate normal to fabric 
A = area of fabric 

!J.h = head Joss through fabric 

Chap. 8 

The mínimum required permittivity may be determined by assigning an allowable 
head loss and using Equation 8.37. Measured permittivity values and other physical 
properties for various geotextiles from one manufacturer are presented in Table 8.3. 

TABLE 8.3 PHYSICAL PROPERTIES OF GEOSYNTHETIC FABRICS MANUFACTURED BY 

EVERGREEN TECHNOLOGIES, INC. (Courtesy of Evergreen Technolo~ies, lnc., Atlanta, GA) 

Puncture Apparent Opening Size 
Product Thickness 

Resistance (AOS) Permittivity 
Designation (mils) 

(lb) 0 95 (mm) Sieve Size 
(s·l) 

TG 1000 155 170 0.150 100 0.6 

TG 800 120 145 0.177 80 1.0 

TG750 lOO 115 0.177 80 1.1 

TG700 85 100 0 .210 70 1.3 

TG650 75 95 0.210 70 1.6 

TG600 65 80 0.250 60 1.8 

TG550 55 70 0.300 50 1.9 

TG500 45 60 0.300 so 2.3 

Evergreen is one of many manufacturers. Inforrnation on other products may be found in IF AI ( 1997) or by 
contacting the manufacturers. 

Example8.8 

A sandy silt with D 85 = 0. 1 O mm is to be drained by a perforated drainage pipe surrounded by 
a 3/4 inch grave] and a filter fabric as shown in Figure 8.38. The estimated flow rate to this 
drain wi\1 be 5 gal/min per lineal foot (half of which is from each side), and the head loss 
through the fabric must not exceed 0.1 ft. Se\ect an appropriate filter fabric from Table 8.3. 

So\ution 

Check maximum a!lowable apparent opening size (AOS). 

095 < (2 or 3) (Ds5\oil 
< (2 or 3) (0.10 mm) 
< 0.2-0.3 mm 
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Check minimum perrnittivity requirement. 

Conclusion 

Q = (5 gallmin) ( 1 ft 
3
/s . ) = 0.01 ft 3/s 

449 gallmm 

A = (0.5 ft + 1.0 ft + 0.5 ft) (1.0 ft) = 2.0 ft 2 

Q O.Olft
3
/s = 0.005ftfs 

A 2.0ft 2 

mínimum required 1jr 0.005 ftfs = 0_05 s -1 

0.1 ft 

Figure 8.38 Proposed drain for Example 8.8. 
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Fabrics TG 750-TG 1000 definitely satisfy the AOS requirement, and the other fabrics 
marginally satisfy it. AH of the fabrics satisfy the perrnitti vity requirement by a wide margin. 
The costs of each are not given, so select the TG 1000 fabric, because it has the highest 
puncture strength, while still meeting the hydraulic requirements. However, if this fabric is too 
expensive or unavailable, the TG 800 or TG 750 also would be acceptable. 

Occasionally, geotextile drains may be subject to soil clogging, which blocks the pores 
and prevents or severely restricts the flow ofwater. Although this is usually nota problem, 
the following conditions have been found to cause clogging (Koemer, 1998): 

• Cohesíonless sands and silts 
• Gap-graded soils, and 
• High hydraulic gradients 
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When all three of these conditions are present, ít is better to use graded soil filtcrs. 
Clogging also can occur in soils where chcmical precipitatcs tend to build up on the 

fabric, or when the groundwater contains a large concentration of biological matter (i.e., 
municipallandfillleachate). 

QUESTIONS ANO PRACTICE PROBLEMS 

8.8 A proposed twenty-story office building with three levels of underground parking will be 
supported on a concrete mat foundation, as shown in Figure 8.39. The bottom of this mat will 
be 40ft below the street, and its plan dimensions will be 200ft x 150 ft. The groundwater table 
is currently at a depth of 25 ft below the ground surface, but could rise to only 13 ft below the 
ground surface during the life of the building. Compute the total hydrostatic uplift force to be 
used in the design. 

Figure 8.39 Proposed underground parking 
area for Problem 8.8. 

Proposed 
office 

building 

8.9 A proposed levee is to be built using the soil described in Figure 8.40. This levee will include 
a toe drain similar to the one in Figure 8.35 to control the groundwater flow, and thus maintain 
adequate stability. This toe drain must be coarse enough to adequately collect and transmit the 
water, yet fine enough to provide sufficient filtration to prevent migration of the main levee 
soils. There will be no separate filter ]ayer; the drain must actas the filler. 

To maintain sufficient hydraulic conductivity, the drain must have no more than 3% 
passing the #200 sieve. In addition, to provide adequate filtration, it must meet the criteria 
described in this chapter. Determine the acceptable range of grain-size distribution for this 
material and plot it on a grain-size distribution curve. 

8.10 The sheet piJe in Example 8.6 was located near the upstream end of the spíllway. Would the 
total hydrostatic uplift force acting on the structure change if the sheet píle was located near the 
downstream end? Explain. Which position would be best? Why? 

8.11 An altemative design for the levee in Problem 8.9 uses a perforated pipe drain instead of the toe 
drain. This perforated pipe drain would be surrounded with grave] and wrapped with a filter 
fabric, similar to the one shown in Figure 8.38. The design flow rate into the drain is 80 
gal/min per square foot, and the maximum acceptable head loss is 0.1 O ft. Select an appropriate 
fabric from Table 8.3. 
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Figure 8.40 Grain-size distribution of proposed levee soils. 

SUMMARY 

Major Points 

l. Two- and three-dimensional flow is govemed by Darcy's Law, but its solution is more 
complex and requires use of the LaPlace Equation. 

2. The LaPlace Equation for two-dimensional flow may be solved using a graphical 
solution called flow nets, by an electrical analogy, or by using numerical methods. 

3. In general, three-dimensional flow is much more difficult to analyze, and generally 
requires numerical solutions. However, when certain symmetries are present, the 
problem simplifies and can sometimes be solved using simple equations. The flow 
of groundwater to a well is one such case. 

4. Data collected from a pumped weH along with two or more observation wells may be 
used to back-calculate the in-situ hydraulic conductivity. Such measurements are 
generally more precise than laboratory permeability tests because they encompass a 
much larger volume of soil. 

5. Structures that extend below the groundwater table are subject to hydrostatic uplift 
pressures. These pressures may be computed and used to evaluate the stability of the 
structure. 
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6. Groundwater flow pattems often need to be controlled or modified. This is most often 
done to facilitate underground construction, and various methods are available. These 
are called construction dewatering. Sometimes permanent dewatering also is 
necessary. 

7. When groundwater flows from a fine-grained soil toa coarser soil, it can cause the 
finer particles to migrate into the coarser zone. This migration can cause problems, 
such as piping, and thus may need to be controlled, especially in dams, levees, and 
other critica! facilities. Soil migration also can clog drains, and thus needs to be 
controlled for that reason as well. 

8. There are two ways to control soil migration: through the use of graded soil filters, 
or by installing filter fabrics. Both methods must satisfy certain design criteria. 

Vocabulary 

cutoffs 
dewatering 

flow line 
flow net 

piping failure 
predrainage 

electrical analogy 
equipotential drop 
equipotentialline 
equivalent opening size 
exclusion 

flow tube 
geosynthetic filter 
graded soil filter 
LaPiace equation 
numerical solution 
open pumping 

soil migration 
three-dimensional flow 
two-dimensional flow 
uplift pressure 

filtration 

COMPREHENSIVE OUESTIONS ANO PRACTICE PROBLEMS 

8.12 Severa! years ago a state highway department built a highway across a shallow lake by placing 
the clayey fill shown in Figure 8.41. The top of this fill is above the high water leve!, thus 
protecting the highway from flooding. 

It is now necessary to install a buried pipeline beneath the roadway. To instan this pipe, 
the contractor plans to make a temporary excavation using steel sheet piles as shown. The 
contractor plans to use sump pumps at 50 ft intervals to maintain the water leve! at the bottom 
of the excavation. Once the pipe has been installed, the excavation will be backfilled and the 
pumps and sheet piles removed. 

Y o u are to perform the following tasks in connection with this project: 
a. Recognizing that the proposed cross-section is symmetrical, redraw half of it to 

a scale of 1 in "" 1 O ft and construct a flow net. 
b. Determine where the largest hydraulic gradient occurs and mark this spot on the 

cross-section. 
c. Using the flow net, compute the mínimum required capacity for each pump, 

expressed in gallons per minute. 
d. Describe two methods of reducing the flow rate into the excavation (and thus the 

required pump size). Explain how each of them would reduce Q. 

8.13 Using the flow net from Problem 8.3, compute the uplift pressures acting on the bottom ofthe 
dam in Figure 8. 15 and develop a plot similar to the one shown in Figure 8.2 7. 
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8.14 A 30 m wide, 40 m long, 8 m deep construction excavation needs to be made in a silty c\ay 
(CL). The groundwater table is at a depth of 2 m. The sides of the excavation will be sloped 
at an angle of about 1 horizontal to 1 vertical, and no sensitive structures or other improvernents 
are nearby. Suggest an appropriate method of construction dewatering for this síte, and explain 
the reason for your choice. Include statements of any assumptions, if any. 

8.15 After the analysis described in Example 8.3 was completed, the well was installed to the depth 
indicated in Figure 8.21. However, when the pump was installed, it produced a flow rate of 
only 102 gal/min. ls the difference between this value and the computed flow rate within the 
normal range of uncertainty for these kinds of analyses? Explain. What portion of the analysis 
usually introduces the greatest error? 

8.16 Compute Q for the cross-section in Figure 8.15 using the following hydraulic conductivities for 
the silty sand: k X= 5 X 1 0'2 crn/s, k, = 4 X 1 0'3 e mis. 

8.17 By observing the groundwater drawdown in the viciníty of a proposed well, an engineer had 
determined the radius of influence, r0 . This engineer then used Equation 8.29 to compute k for 
the aquifer. Write a 200-300 word memo to thís engineer, explaining why this is nota good 
method of computing k, then suggest a better method. 

8.18 A below-ground swimming pool was built twenty years ago and, until recently, has been 
performing satisfactorily. About ten years ago it became necessary to temporarily drain the 
pool to clean out sorne algae. It was then refilled without any problems. However, the pool 
recently developed sorne cracks in its concrete shell, so it became necessary to drain it once 
again. Soon after it was drained, the pool rose out of the ground a distance of about 1 m. 
Provide a possible explanatíon for this behavior, and a possible explanation for why the pool 
did not rise out ofthe ground when it was drained the first time. 



9 
Geoenvironmental Engineering 

Civil engineers protect public health by 
designing and building facilities that provide 
clean water and sanitation. No other 
profession, íncluding medicine, has done more 
to reduce the spread of disease and save lives. 

Environmental engineering is the branch of civil engineering that deals with assessing, 
avoiding, and remediating environmental problems. Before 1970, these efforts were mostly 
limited to the design, construction, and operation of sewage treatrnent plants to protect 
surface waters from hazardous discharges. Since then, environmental engineering has 
grown to encompass a wide range of issues, including the identification and remediation of 
various sources of waste and other pollutants. 

Geoenvironmental engineering deals with underground environmental problems, and 
thus is a blend of geotechnical and environmental engineering. Most of this work focuses 
on protecting groundwater aquifers from contamination, and involves assessing the kinds 
of materials being discharged, the processes by which they travel through the ground, and 
methods of remediating contarninated si tes. 

Problems with underground contamination began to receive widespread attention in 
the United States during the late 1970s. Two ofthe most noteworthy examples discovered 
thus far have been the Love Canal in Niagara Falls, New York and the Rocky Mountain 
Arsenal near Den ver, Colorado. 

288 
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Love Canal 

In 1894, Mr. William T. Love, a land developer, began construction of a canal in what is 
now the City of Niagara Falls, New York. This canal was to be part of a hydroelectric 
project, but it was abandoned after construction had barely begun. The partially completed 
canal was about 1000 m long, 24m wide, and 6 m deep, but it was never connected toa 
source of water and thus never u sed for its in tended purpose. 

In 1942, the Hooker Chemical Company began using the abandoned canal as a 
disposal site for chemical wastes from their manufacturing facilities. They eventually 
placed about 22,000 tons of waste products in the canal. The U.S. Army and others also 
may have dumped wastes into the canal. This indiscrirninate dumping continued until 1953, 
when the si te was covered with a thin !ayer of soil and sold to the Niagara Falls Board of 
Education for one dollar. 

The School Board then built an elementary school directly over the site of the old 
canal. After the school was completed in 1955, other parties built new houses immediately 
adjacent to (but not directly over) the canal. By 1972, al! of these houses were completed 
and occupied. 

Unfortunately, sorne of the chemical wastes migrated through the soil and into the 
basements of nearby houses. Then, in the mid-l970s, heavy precipitation caused large 
amounts of water to infiltrare into the waste-filled canal, driving sorne of the contaminants 
up to the ground surface, where they traveled overland into backyards. By 1978, it became 
apparent that a major problem existed, so President Carter declared the former Love Canal 
a federal disaster arca and approved emergency financia! aid. Soon thereafter, all of the 
residents moved out and the school was closed. 

Subsequent investigations have found a variety of hazardous chemicals at this site, 
including pesticides, the highly toxic dioxin, and radioactive cesium 137. Various health 
problems observed in the former residents of this neighborhood ha ve been attributed to their 
exposure to these chemicals. 

Fortunately, the natural soils surrounding the old canal generally have a low hydraulic 
conductivity, so the waste materials were not able to travel very far. Following an 
exhaustive study, the Environmental Protection Agency (EPA) determined the zone of 
underground contarnination is limited to the immediate vicinity of the canal (Deegan, 1987). 
Although this zone included the basements of houses built imrnediately adjacent to the old 
canal, it would have been much worse if the soils were more permeable. Most of the wastes 
that escaped did so through overland flow. 

By 1989, over $140 million had been spent cleaning the site and relocating the former 
residents. Remediation efforts have included the following (Mercer, et al., 1987): 

• Remo val, treatment, and disposal of sorne of the contaminated soil. 
• Installation of French drains to collect contaminated groundwater, which is then 

processed in a special treatrnent facility 
• Construction of a clay cap with a high density polyethylene (HDPE) synthetíc 

membrane over the site to contain the wastes, reduce rainwater infiltration, and 
prevent direct human contact. 

• Construction of impervious underground barriers to minimize migration of thc wastes 
• Sealing of underground utilities, which were found to act as conduits for the wastes 
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There are no plans to remove the waste materials from the old canal. 
The Love Canal incidenl is often quoted as the classic case of haphazard and careless 

disposal of hazardous industrial wastes followed by inappropriate site development 
(Hartman, 1983). Although its physical effects were limited to a small area, its significance 
goes far beyond Niagara Falls because it was one of the primary motives for developing 
geoenvironmental legislation that affects the entire country. 

Rocky Mountain Arsenal 

In 1942, the U.S. Arrny began construction of the Rocky Mountain Arsenal ata site near 
Denver, Colorado. One of the purposes of this facility was to manufacture and store 
various gasses for use in chemical warfare, including mustard gas, lewisite, and chlorine gas 
(U.S. Arrny, 1996). Fortunately, nobody used chemical weapons during World War II, 
primarily because the American capabilities in this area were a strong deterrent to the 
Germans. The arsenal also manufactured other munitions, including incendiary bombs 
made from napalm. Then, during the early cold-war era of the 1950s, it began producing 
nerve gas, a deadly chemical warfare material, eventually becoming the largest producer in 
the free world. Finally, the Arrny u sed the facilities to produce rocket fue!. 

By 1969, production of war materials at Rocky Mountain Arsenal had ended. Then, 
as a result of changing política! and military priorities, the facilities were used to destroy 
many of the munitions that had been manufactured and stored there. 

In addition to these military activities, part of the arsenal was Ieased to Shell Oil 
Company and its predecessor, who used it to produce agricultura! pesticides. This occurred 
from 1952 to 1982. 

These various activities produced large quantities of industrial waste, much of which 
was in liquid form. Initially it was discharged into unlined "evaporation" ponds, which was 
typical practice for industry at that time. Although sorne of this material evaporated (with 
resulting air pollution consequences), much of it soaked into the ground. In 1956, a new 
waste disposal pond was built witn a 3/8-inch thick asphalt liner. Unfortunately, the liner 
eventually failed, thus releasing more contaminants into the ground. 

The soils at this site are much more pervious than those at Love Canal, so they can 
transport larger quantities of contaminants for longer distances. Concems about 
groundwater contamination began as ear1y as 1959 when crop damage was noticed near the 
arsenal. It soon became clear that this contamination extended severa] miles beyond the 
arsenal property. 

In 197 4, the S tate of Colorado ordered the Arrny and Shell to "stop poli uting ground 
and surface waters," which initiated an intensive investigation of the nature and extent of 
contamination. A number of lawsuits al so were generated, and one of the first large-scale 
clean-up operations began (Civil Engineering, 1981 ). 

Cleanup efforts have included (Mercer, 1987; U.S. Arrny, 1996): 

• Removal and treatment of remaining materials in the ponds and discharge to safe 
locations 
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• Installation of wells and decontamination equipment to remove, treat, and reinject 
contaminated groundwater. Engineers plan to continue operating this equipment until 
the groundwater is acceptably clean, which is expected to require 15 to 30 years. 

• Construction of underground barriers to retard further migration of contaminated 
groundwater beyond the arsenal property and to prevent backflow between the 
injection and withdrawl wells. 

The Rocky Mountain Arsenal case is similar to Love Canal in that it was caused by 
what we would now consider indiscriminate disposal of hazardous wastes (although the 
methods used this site were typical for the period). However, because of the higher 
hydraulic conductivity of the soils, the contaminants traveled much farther and thus require 
a far more extensive clean-up effort. 

Legislation 

Although the Love Canal and Rocky Mountain Arsenal events are extreme examples, 
smaller-scale problems have been identified at tens of thousands of other sites in the Uníted 
States alone. About 1,200 ofthese sites have problems significant enough to be included 
in the 1994 federal Superfund National Priorities List. 

At sorne locations, contaminated groundwater poses a serious threat to wells used for 
domestic and agricultura! water supply, and to rivers and lakes. About half of U .S. residents 
rely primarily on well water, and hundreds of these wells have been closed due to 
contamination. Therefore, govemment agencies, especially the federal govemment, have 
implemented Jegislation to identify and clean up existing geoenvironmental problems and 
avoid creating new ones. Key federal Jegislation in the United States has included the 
following: 

• Safe Drinking Water Act (SDWA) of 1974 
• Resource Conservation and Recovery Act (RCRA) of 1976 
• Comprehensive Environmental Response, Compensation and Liability Act 

(CERCLA) of 1980 
• Hazardous and Solid Waste Amendments (HSW A) of 1984 
• Superfund Amendments and Reauthorization Act (SARA) of 1986 

Many state and locallaws also address these issues, and a body of case law has developed. 
At the federal level, the Environmental Protection Agency has the primary 

responsibility for enforcing these laws. Similar agencies also are present at state and local 
levels. 

Much of the work mandated by this Jegislation needs to be performed by 
geoenvironmental engineers. Thus, this field has grown to become a significant part of 
geotechnical and environmental engineering, and will continue to be important for the 
foreseeable future. Many other professions al so are involved in various capacities. 
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9.1 TVPES OF UNDERGROUND CONTAMINATION 

Biological Contamination 

Biological contamination is the result of activities that produce excessive numbers of 
harmful microorganisms in the ground. These microorganisms include both bacteria and 
viruses, both of which are potential health hazards. 

Fortunately, bacteria die within days of being discharged into the soil (Sinton, 1980). 
Groundwater flows very slowly through most soils, so live bacteria are normally present 
only within the immediate vicinity of the source. In addition, soil acts as a filter and traps 
bacteria before they travel very far. For example, in unsaturated medium sands, virtually 
all of the bacteria discharged by septic tank leach fields are filtered out within 10m (Franks, 
1993). Therefore, most groundwater is virtually free from bacteria] contarnination. The 
most notable exceptions are in karst aquifers where groundwater travels much more quickly 
and therefore carries bacteria much farther. 

However, viruses are a much more difficult problem because of their longer life and 
smaller size. Live viruses have been observed up to 131 days after discharge (Yates and 
Yates, 1989), so they travel farther before dying. In addition, because of their smaller size, 
viruses are less likely to be filtered by the soil. 

In the United States, septic tanks are the most common source of disease associated 
with consumption of groundwater (Yates and Yates, 1989). Usually this occurs because 
water supply wells are placed too close to septic tank leach fields. Plumbing codes typically 
require setback distances of 15 to 30m (50-100ft), which should be more than sufficient 
for removing bacteria, but much greater setbacks may be necessary in highly pervious soils 
to avoid virus contamination. It al so is far better to place wells upstream of septic tanks. 

Biological contarnination is a much greater problem in surface waters, such as rivers 
and lakes, partially because these waters travel much faster and thus spread the 
contamination over much larger areas. 

Chemical Contamination 

Chemical contamination results from large concentrations of undesirable chemicals in the 
groundwater. These problems are generally more widespread and difficult than biological 
contamination because chemicals do not "die" and thus can travel for long distances. 
Contaminan! plumes have been traced for several kilometers downstream of their source. 

The presence of certain chemicals in groundwater can be injurious to people and the 
environment. Sorne are carcinogenic (they cause cancer), others induce different kinds of 
health problems. Table 9.1 lists the most common chemical contaminants detected in 
groundwater at hazardous waste sites. This ranking was generated by the Agency for Toxic 
Substances and Disease Registry using groundwater data from the National Priorities List 
of sites to be cleaned up under CERCLA. The ranking is based on the number of sites at 
which the substance was detected in groundwater. 
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TABLE 9.1 THE 25 MOST FREQUENTLY DETECTE O GROUNDWATER CONTAMINANTS 
AT HAZARDOUS WASTE SITES (NRC, 1994) 

Rank Compound Common Sources 

Trichloroethylene Dry cleaning; metal degreasing 

2 Lead 
Gasoline (prior to 197 5); mining; construction 
material (pipes); manufacturing 

3 Tetrachloroethy lene Dry cleaning; metal degreasing 

4 Benzene Gasoline; manufacturing 

5 Toluene Gasoline; manufacturing 

6 Chromium Metal plating 

7 Methylene chloride Degreasing; solvents; paint removal 

8 Zinc Manufacturing; mining 

9 1,1, 1-Thrichloroethane Metal and plastic cleaning 

10 Arsenic Mining; manufacturing 

11 Chloroform Solvents 

12 1,1-Dichloroethane Degreasing; solvents 

13 1,2-Dichloroethane Transformation product of 1,1, 1-trichloroethane 

14 Cadmium Mining; plating 

15 Manganese Manufacturing; mining; occurs in nature as oxide 

16 Copper Manufacturing; mining 

17 1, 1-Dichloroethene Manufacturing 

18 Vinyl chloride Plastic and record manufacturing 

19 Barium Manufacturing; energy production 

20 1,2-Dichloroethane Metal degreasing; paint removal 

21 Ethylbenzene Styrene and asphalt manufacturing; gasoline 

22 Nickel Manufacturing; mining 

23 Di(2-ethylhexyl)phthalate Plastics manufacturing 

24 X y lenes Solvents; gasoline 

25 Phenol W ood treating; medicines 

Many common chemical contaminants are not readily soluble in water. These are 
called non-aqueous phase liquids (NAPLs), and have been the subject of substantial research 
because they are so common. There are two types: Light NAPLs (LNAPLs) have specific 
gravities less than water, and thus float on top of the groundwater, while dense NAPL~ 
(DNAPLs) have specific gravities greater than water, and thus sink through groundwater. 
Gasoline is an example of an LNAPL, while trichloroethylene is a DNAPL. 
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Hazardous Waste 

The term hazardous waste is used to describe materials that pose significant threats to health 
or the environment, whether alone or in combination with other materials. This includes 
wastes with any of the following properties: 

• Toxic • Radioactive 
• lgnitable • lnfectious 
• Explosive • lrritating 
• Corrosive • Sensitizing 
• Reactive • Bioaccumulative 

Hazardous wastes are subject to special legal requirements, and are especially 
important in geoenvironmental investigations. 

lt is important to recognize that the potential hazard from a material depends not only 
on its presence, but also on its concentration. A hazardous material in very dilute solution 
may be virtual! y harmless, even though the same material in highly concentrated form might 
be highly toxic. This distinction is becorning increasingly important as instrumentation and 
test methods become more sophisticated. We are now able to detect very low concentrations 
of many chemicals, often well below that required to pose significant threats to health or the 
environment. Thus, the mere detection of a "hazardous" material in the ground does not 
necessarily indicate a significant problem. 

9.2 SOURCES OF UNDERGROUND CONTAMINATION 

Underground contaminants come from a variety of sources. Point sources are confined to 
a small area, such as a leaking underground storage tank or the site of an accidental spill, 
while non-point sources enter the ground over a large area, such as agricultura! chemicals 
entering from a field. 

lntentional Underground Disposal 

For many years, liquid waste materials ha ve been intentionally discharged into the ground 
as a means of disposal, as shown in Figure 9.1. Sometimes this was accomplished through 
open waste disposal ponds (also called "evaporation" ponds), such as the ones at the Rocky 
Mountain Arsenal (described earlier in this chapter). The Environmental Protection Agency 
has identified over 18,000 waste disposal ponds, many of which are unlined and near 
drinking water wells (Bedient, Rifai, and Newell, 1994). 

Shallow injection wells also have been used, sometimes in close proximity to 
groundwater aquifers. These were very convenient for the user, but are potential sources 
of extensive underground contamination. 

Deep injection wells that dispose of Iiquid contaminants well below groundwater 
aquifers also have been used. These wells are typically severa! thousand feet deep and, 
when properly used, rnight be an acceptable means of discharging certain kinds of waste. 
However, the continued use of such wells is a controversia! topic. 
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Figure 9.1 Intentional discharge of wastes into the ground: a) waste disposal ponds; b) shallow injection wells; 
e) septic tank sewage disposal systems. 

Septic tank systems are the most common source of intentional underground disposal. 
They are used to treat and discharge residential, commercial, and industrial wastes in areas 
where sewers are not available. About 30 percent of the population in the United States 
relies on such systems. 

The raw sewage enters the underground septic tank, where it is separated and digested 
by physical, chemical, and biological processes. The accumulated solids are periodically 
removed with a special pump and hauled away, while the liquids are discharged into a 
series of perforated pipes called a drain field ( or leach field), where they soak into the 
ground. Septic tank "failures" normally refer to leach fields that are unable to discharge the 
required flow rate , which causes sewage to back up into the house. 

In residential applications, contarninants in this discharge are primarily biological and 
can usually be controlled by using adequate setbacks from wells and other sensitive 
Iocations (see earlier discussion on biological contamination). Sorne chernical contarninants 
also may be present at sorne commercial sites (such as dry cleaners 1) and in industrial 
applications. 

Because of evaporation and transpiration, much of the effluent from leach lines often 
travels upward, not downward. Thus, the biological "contaminants" often become 

1 So called "dry" cleaning uses liquid solvents to clean clothing and fabrícs. These solvents are hazardous, and 
should not be indiscrimínately discharged ínto the ground. 
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"fertilizer" for lawns and trees, which inspired the title for Enna Bombeck' s book The Grass 
is Always Greener Over the Septic Tank. 2 

Leakage 

Many hazardous materials have entered the ground unintentionally through leakage in tanks, 
pipes, and other facilities , especially those that are buried underground. Such leaks can 
easily continue for many years without being detected, releasing large quantities of 
contaminants. 

Underground storage tanks (USTs) have received the most attention in this context. 
There are an estimated 2.5 rnillion USTs in the United States (OTA, 1984), many ofwhich 
are located at gasoline service stations. The Environmental Protection Agency has estimated 
that 35 percent of USTs used for motor fuel storage ha ve leaks (Bedient, Rifai, and Newell, 
1994), so this is a widespread problem. 

One of the most noteworthy examples of groundwater contamination from USTs is 
at the U.S. Coast Guard Station in Traverse City, Michigan. Leaking gasoline and jet fuel 
from USTs there have produced a 1 mile long, 500 ft wide plume that has contaminated 
about 100 municipal water wells. 

Spills 

Accidental and intentional spills onto the ground surface also have been a frequent source 
of underground contamination. Sources of these spills have included ruptures of 
above-ground tanks and pipes, discharges from derailed railroad cars, spills from vehicle 
and aircraft refueling facilities, accidents at chemical plants and refineries, and others. 

In the past, clean-up efforts (if any) focused almost exclusive] y on materials remaining 
above ground, especially when they threatened to contaminare rivers or lakes. Until 
recently, portions that soaked into the ground were usually ignored. 

Materials Applied to the Ground Surface 

Pesticides, fertilizers, de-icing salts, and other materials are often applied to the ground 
surface for various purposes. They often are transported by surface water runoff, and can 
become sources of contamination in both surface water and groundwater. 

Landfills 

Solid waste materials are most often placed in landfills, which can range from uncontrolled 
open dumps to engineered sanitary landfills. Liquid leachate flowing out of these facilities 
can contaminate the groundwater. We will discuss the design of modem landfills later in 
this chapter. 

2 A geoenvironmental engineer would have called it The Grass is AJways Greener Over rhe Leach Field, a 
much lcss marketable tille. 
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9.3 FATE ANO TRANSPORT OF UNDERGROUND CONTAMINANTS 

Once a contaminant has escaped into the ground, it flows from pore to pore through the soil, 
sometimes traveling severa! miles. The manner and rate of transpon depend on many 
factors, including: 

• Whether the soil is saturated or unsaturated 
• The type of soil 
• The type of material flowing through the soil, especial! y its solubility in water and its 

specific gravity 
• The velocity and direction of natural groundwater flow 
• The rate of infiltration from the source 

Advection 

Contaminants travel with moving groundwater through a process called advection. The 
contaminants are simply "going along for the ride," so an advection analysis is simply an 
extension of the groundwater flow anal y ses discussed in Chapter 7. 

Geoenvironmental engineers are especially interested in the velocity of flow due to 
advection, because this helps us understand how far the contaminants will travel in a given 
time. The seepage velocity, as discussed in Chapter 7, is: 

where: 
v, = seepage velocity 
k= hydraulic conductivity 
i = hydraulic gradient 

n, :; effective porosity 

Example9.1 

(9.1) 

A chemical waste is being discharged into a shallow injection well. The surrounding soil is a 
fine to medium sand with a hydraulic conductivity of 4x 10·3 ft/s and a void ratio of 0.91. The 
groundwater table is at a depth of 20 ft and the hydraulic gradient is 0.006. A municipal water 
well is located 2 miles downstream of the source. Considering only advection, how much time 
will be required for the contaminants to travel from the source to the well? 
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Solution 

n = _e_x 100% 
1 +e 
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0·91 
X 100% 48% 

1 + 0.91 

The soil is sandy, so the effective porosity is equal to the porosity, n, as discussed in Chapter 7. 

V 
-' 

V 
-' 

ki ( 4x 1 O 3 ftls) (0.006) = Sx 10 5 ftls 
0.48 

(2 mi) (5280ftlrni) 

5xl0 5 ftls 
2x 108 s = 7 yr = Answer 

Scven years is a very short time, especially considering that injection wells such as this often 
are in service for decades. 

Two-dirnensional advection analyses could be performed by cornbining the technique of 
Example 9.1 with a tlow net. The results could be expressed as shown in Figure 9.2. 

Direction of groundwater flow 

Figure 9.2 Two-dimensional transport of contaminants from a continuous source 
considering only advcction. 

Dispersion 

When water and contarninants flow through soil, the irregular shape of the pores and the 
particulate nature of the soil cause sorne of the contaminants to spread out over a wider area 
than predicted by advection alone. This spreading process is called dispersion. Figure 9.3 
shows the spread of contaminants consídering both advection and dispersion. These two 
processes domínate contarninant transport in highly permeable soils, such as sands, 
particularly when the hydraulic gradient also is high. This is because groundwater flows 
more quickly through such soils. 
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(b) 

Fate and Transport of Underground Contaminants 

/o 
Pulse 

so urce 

_____ ,.._ Direction of groundwater flow 

Figure 9.3 Contarninant transport dueto boty advection and dispersíon: a) from a 
continuous source (compare with Figure 9.2); b) from a short-term "pulse" source, such 
as a spill. 
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The degree of dispersion may be defined by the hydrodynamic dispersion coefficient, 
D, which is then introduced into contaminant transport analyses (Bedient, et al., 1994). 
Engineers use advection-dispersion analyses, which combine both modes of transport, to 
assess contamination problems and to assist in the design of remediation methods. 

Diffusion 

When the concentration of a chemical in a liquid varies from place to place, the chemical 
naturally moves from the areas of high concentration to areas of low concentration tbrough 
a process called diffusion. This process may be observed by placing a drop of food coloring 
in a cup of water. Initially the food coloring is concentrated in one small area, but it quickly 
diffuses throughout the cup. The same process occurs in groundwater. 

Diffusion is described by Fick 's first law of dijfusion: 

where: 
f= mass flux (MJL2tr) 

f = -D dC 
4 dl 

D d = diffusion coefficient (L 2tr) 
C == concentration (M!L3

) 

l = flow distance (L) 

(9.2) 
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This formula may be solved in time and space to determine the contaminant 
concentration with time at any point. 

In soils with a low hydraulic conductivity, such as clays, advection and dispersion are 
very slow and diffusion usually becomes the dominant process. 

Sorption 

Sorne waste chemicals form coatings around soil particles through a process called 
adsorption, or soak into the soil particles through absorption. In the field, it is difficult to 
distinguish which of these two is occurring, or in what proportions they occur, so we use the 
term sorption to describe their collective action. Factors that affect sorption include the 
following (Bedient, et al., 1994): 

Contaminant characteristics 
• Water solubility 
• Polar-ionic character 
• Octanol-water partition coefficient 

Soil characteristics 
• Mineralogy 
• Hydraulic conductivity-porosity 
• Texture 
• Homogeneity 
• Organic carbon content 
• Surface charge 
• Surface area 

Sorption retards the flow of contaminants, thus producing plumes that move more 
slowly and have higher concentrations than would otherwise occur. Its effect may be 
estimated using various laboratory, field, or empírica! methods. 

Volatilization 

Volatilization is the conversion of liquid materials into their gaseous phase. Materials are 
said to be "highly volatile" if this process occurs very quickly. For example, benzene is a 
highly volatile liquid. Conversely, materials that experience little or no volatilization are 
classified as "nonvolatile." 

Volatilization occurs both above and below the groundwater table, and is an important 
process in the transport of certain contaminants. It also can be a source of problems, 
because the gasses can accumulate in undesirable places, such as underground utility vaults 
or basements, and cause explosions or health problems. 
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Chemical Reactions 

A wide range of chemical reactions also can occur as contaminants travel through soil. 
Sorne of these reactions are between two contaminants traveling together, while others are 
between a contaminant and the soil. Water often is an agent in these reactions. 

This is potentially one of the most complex aspects of contaminant transport analyses 
because so many different reactions are possible. 

Biodegradation 

Biodegradation occurs when waste materials are "digested" by microbes in the soil, thus 
converting them into new, less harmful materials. This is a very important process, and is 
the basis for certain remediation methods (see discussion of bioremediation later in this 
chapter). 

Biodegradation is both a biological and a chemical process, and several conditions 
must be met for it to occur: 

l. The waste materials must be carbon-based, such as petrochemicals. 
2. The proper organisms must be present. They often occur naturally, or may be 

artificial! y introduced for the purpose of enhancing clean-up efforts. 
3. An electron acceptor must be present so the biochemical reactions will proceed. 

Oxygen and carbon dioxide are two common electron acceptors. 
4. Certain nutrients, such as nitrogen, phosphorous, and calcium, must be present 
5. The temperature, pH, salinity, and other environmental conditions must be within 

acceptable limits. 

Because of its use as a remediation method, biodegradation has been the object of 
extensive research. 

Radioactive Decay 

Radioactive isotopes occur in the ground, both naturally and in contaminants. These 
materials decay with time and form new materials .. The rate is expressed as a half-life which 
is the time required for half of the material to decay. Although radioactive decay has no 
effect on the rate of contaminant movement, it does decrease the hazards associated with the 
contaminants as they flow away from the source. 

One of the most important radioactive conditions in the ground is a natural one that 
even occurs in soils far from any source of human contamination. This process involves the 
decay of radon, which is produced by rocks high in uranium. High radon contents in 
drinking water can pose certain health problems. In addition, radon can enter bornes though 
emanations from the soil and by diffusion from tap water with high radon contents. 



302 Geoenvi ron mental Engineering Chap.9 

9.4 GEOENVIRONMENTAL SITE CHARACTERIZATION 

The work associated with identifying and characterizing potential geoenvironmental 
problems ranges from routine checks to detailed studies with extensive testing and 
monitoring. The appropriate level of work depends on the type and magnitude of the 
problems, if any, the potential threat to humans and the environment, and many other 
factors. 

When commercial real estate in the United States is sold or refinanced, an 
Environmental Site Assessment (ESA) is usually perforrned. The purpose of these 
assessments is to determine whether the site is likely to be contaminated by hazardous 
materials as defined by applicable laws. These reviews are conducted by "environmental 
professionals" and are typically required by the buyer or the buyer's tender, who use this 
information to assist in their purchasing decisions. In addition, a favorable ESA report 
limits the buyer's liability to clean up pre-existing geoenvironmental problems discovered 
after the property is purchased. In sorne states, ESAs are required by law. 

The most common type is called a Phase 1 Environmental Site Assessment. These 
studies typically include the following: 

• Reviewing current and past uses of the property and adjacent properties 
• Conducting a site reconnaissance 
• Reviewing official records to identify known problems on this or nearby sites 
• Interviewing owners and occupants 

ASTM E1527 and E1528 describe suggested practices for performing Phase 1 ESAs. 
Phase 1 ESAs do not involve "intrusive site investigations," which means no 

exploratory borings or trenches are used, and do not involve collecting samples or 
performing tests. They are intended to assess known, documented, or obvious problems, 
but can easily miss problems that are unknown and hidden. They also do not address other 
types of environmental hazards, such as asbestos or lead-based paint in building materials, 
nor do they address the costs or methods of remediating geoenvironmental problems. 

If the Phase I study indicates hazardous wastes may be present, then it is generally 
followed by a Phase 11 study, which is a more extensive effort to identify potential problems. 
Phase 11 studies do include subsurface exploration, sampling and testing to assess the soil 
and groundwater, along with engineering analyses. These studies range widely in scope and 
detail, depending on the si te conditions and extent of contamination. 

Once geoenvironmental problems have been found, a remediation plan needs to be 
developed. A monitoring plan also may be necessary. 

9.5 REMEDIATION METHODS 

Once a contaminated site has been discovered and evaluated, we focus our attention on 
cleaning, or at least containing it. This may be a simple matter if the contaminated zone is 
small, but the difficulty and cost increase dramatically when large volumes of soil and 
groundwater are affected. 
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Remediation efforts normally are intended to achieve certain specified results. 
Complete recovery of all pollutants is rarely possible or practica], except when the zone of 
contamination is small. Normally, the remediation operation must only achieve a certain 
level of recovery to be considered successful. 

Various standards have been developed for the quality of municipal drinking water, 
and these are often used as goals for groundwater cleanups. Alternatively, clean-up 
standards might be based on reducing certain contaminants such that the risk of developing 
health problems is below sorne specified leve!, such as a carcinogen risk of less than 1 O -: 
Other clean-up goals also have been proposed and used. 

These groundwater quality standards can sometimes be attained quickly and at a 
reasonable cost, but often the time andlor cost required to achieve them becomes excessive. 
For example, there are sorne situations where remediation to drinking water standards would 
require half a century or more and cost tens of rnillions of dollars. Therefore, finding the 
optirnum balance between the costs and benefits of remediation is a difficult and contentious 
issue. As the geoenvironmental industry rnatures, these issues should become more clear 
(NAS, 1994). 

A wide variety of methods is available to clean up contaminated sites, and new 
technologies are being developed. The proper selection depends on the type of 
contaminants, the soil and site conditions, expected results, cost, and other factors. 

Source Control 

The most obvious aspect of reducing subsurface contamination is to stop the influx of 
contaminants frorn the source. For exarnple, leaking underground storage tanks need to be 
repaired or replaced to prevent further contamination of the surrounding soil. Shallow 
injection wells and waste disposal ponds should be taken out of service and new methods 
found to dispose of the waste materials. However, these rneasures can be implernented only 
when we know the location of the source, which may be difficult to determine, especially 
if it is buried. 

Excavation and Disposal 

If only a small volume of soil has been contarninated, it may be practica! to excavare and 
transport it to a safer location, such as a secure landfill. Although this method simply moves 
the problern to a new location, a well-designed landfill should provide much more 
protection for the surrounding environment. Often the excavated soil can be treated, such 
as by incineration or through other processes, to remove or neutralize the hazardous 
materials. 

Another possibility is to mix non-hazardous contaminated soíl with asphalt to form 
an asphaltic concrete pavement. For example, 2,700 tons of soil contaminated with diese! 
fue! at Fort Irwin, California were mixed with natural aggregates, water-based asphalt 
ernulsion, and setting agents and placed as a 12 inch thick intermediate grade industrial 
pavement (CDE, 1996). The asphalt prevents significan! quantities of the contarninants 
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from leaching back into the soil. 
The process of excavating and transporting contaminated soil can expose workers to 

hazardous materials, and can become a source of air pollution. These aspects need to be 
weighed against the potential benefits. 

Excavation is generally not feasible when large volumes of soil have become 
contarninated, or when the contaminated zone extends below buildings or other obstructions. 

Containment 

Another option is to surround the contaminated soils with an impervious barrier to prevent 
the contaminants from traveling outside the containrnent zone. Containment is especially 
attractive when the cost or risk of removal is not acceptable. Methods of containrnent 
include constructing a slurry trench wall, a grout curtain, or sheet piles, as shown in 
Figure 9.4. Other containment methods also have been used. 

. . ... . . . . · . . .. . . 
. . . . . ,. 

: ...... · Per;ious : ·. · · : .' · · : . · : 
· · soil · · 

... . ... 

Contanúnated soil 

Figure 9.4 Use of containment barriers to block the flow of contaminants. 

Slurry trench walls are built by excavating a trench while keeping it filled with a 
bentonite slurry (a combination of bentonite and water), as shown in Figure 8.32. The 
purpose of the slurry is to keep the sides of the trench from caving. Normally the excavation 
extends down to an impervious strata, which may be 20 m or more below the ground 
surface. Then, a clayey soil is pushed into the trench to fill it and displace most of the 
slurry. This mixture of clayey soil and the remaining bentonite forros the groundwater 
barrier. ¡he process continues until the slurry trench wall has the desired length, which 
some~s means placing it around the entire site. 

Grout curtains are made by injecting cement grout into the soil to form an irnpervious 
barrier. Sheet piles are heavy, corrugated steel sheets that are driven into the ground to form 
a barrier. 

The contaminated zone also may be covered with a compacted clay cap, which often 
includes one or more geosynthetic membranes. These caps are intended to reduce the 
infiltration of surface water and minimize the potential for human exposure to the waste. 
This was one of the containrnent measures used at Love Canal. 

Containrnent systems can only be built around the si des and top of the contaminated 
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zone. In sorne cases, the bottom might be natural! y contained by impervious strata, but even 
then containment systems are not completely effective. As with any underground 
construction, uncertainties will always be present, and leak:s can occur in unexpected places. 
Therefore, containment systems are often accompanied by other remediation measures, and 
almost always include monitoring systems. 

Pump-and-Treat 

Pump-and-treat remediation consists of extracting the contaminated groundwater, passing 
it through above-ground treatment facilities, then discharging it back into the ground 
through injection wells. This is one of the most commonly used remediation methods. 

A wide variety of treatment methods is available, depending on the type and 
concentration of contaminants in the extracted water. Contaminants removed from the 
water are then hauled to a suitable disposal sí te. 

Usually wells are used to extraer the contaminated groundwater, as shown in 
Figure 9.5. Their placement and pumping rates are usually chosen so all of the 
contaminated groundwater flows toward the wells, thus increasing the recovery and 
reducing the potential for further expansion of the plume. These systems may be designed 
with the aid of numerical models that are available as computer software . 

· contaminants . ·. 
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Figure 9.5 Use of wells ín a pump-and-treal system. 
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In the case of LNAPL contamination, where the hazardous materials float on top of 
the groundwater, a trench might be used to capture the contaminant as shown in FiP"•m• Q fi 
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Figure 9.6 Use of an interceptor trench to capture LNAPL contaminants from a gasoline service 
station. Note how the LNAPL contaminants float on top of the groundwater table, thus making 

them much easier to capture (Fetter, 1993). 

Chap. 9 
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Bioremediation 

Bioremediation is the engineered enhancement of natural biodegradation processes (Norris, 
et al., 1994). It is most frequently performed in-situ by providing favorable conditions for 
the biochernical processes. It also may be done ex-situ as a treatment method on excavated 
soils. ~ 

In-situ bioremediation systems usually consist of wells tha\ inject nutrients, an 
electron acceptor, and possibly other substances to promote biodt'Íradation. Pumps are 
installed in another set of wells to develop a hydraulic gradient across the site, thus 
distributing the injected materials, as shown in Figure 9.7. 

Addition 
ofoxygen 

and nutrients ------
... ·. . . Pump 

Figure 9.7 Typical bioremediation system. 

Bioremediation is feasible only in soils with a sufficiently large hydraulic conductivity 
(> 1 O"' cm/s) to permit rapid delivery of the nutrients and oxygen. In sorne cases, such as 
halocarbons, biological processes can make matters worse instead of better by producing 
new substances that are even more bazardous than the original contarninant. 

Soil Vapor Extraction 

Unsaturated soils with volatile contarninants (i.e., those that quickly vaporize upon exposure 
to air) can sometimes be cleaned using a soil vapor extraction system. This method consists 
of applying a vacuum to a series of wells in an effort to draw Jarge quantities of air through 
the soil. The effluent from these wells is then treated and discharged to the atmospbere. 

This is a new technology that is still under development, so few design guidelines are 
yet available. It probably will be feasible only in soils with high air conductivities, which 
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limits it to sandy soils with low moisture contents. 
Soil vapor extraction systems may be enhanced through in-situ air sparging, which 

consists of injecting compressed air in the saturated soil below the contaminated zone 
(Reddy and Adams, 1996). The air rises through the contaminants, drawing them into the 
unsaturated zone above the groundwater table where they are captured by vapor extraction 
wells. 

lntrinsic Remediation 

In sorne cases, the potential benefits of a remediation scheme are so small and the cost of 
implementation is so high that it is best to simply do nothing and rely on natural processes 
to remediare the problem. This is known as intrinsic remediation (Hicks and Rizvi, 1996). 
This method is especially attractive when no wells, rivers, or other critica! facilities are in 
immediate danger and when the contaminants are amenable to cleaning by natural processes. 

Intrinsic remediation relies on natural biodegradation, reductions in concentration due 
to diffusion and dispersion, and other processes. These processes can be monitored using 
groundwater sampling wells. More aggressive techniques can then be introduced if the 
intrinsic remediation does not progress as anticipated. 

9.6 SANITARY LANDFILLS 

Although the identification and remediation of existing problems are important aspects of 
geoenvironmental engineering, we al so need to design and build new facilities in ways that 
will avoid creating new environmental problems. Sanitary landfills are among the most 
common and most important of these facilities. 

Sanitary landfills are facilities for disposing of solid wastes in a controlled fashion. 
They began to appear in the early twentieth century as replacements for the rat-infested open 
dumps that were being used to dispose of wastes. These new facilities are "sanitary" 
because the refuse is periodically covered with soil, thus forming a series of cells. 
Typically, each cell is covered with about 150 mm of soil at the end of each day. This 
greatly reduces problems with rats and vermin, and thus promotes public health. The 
completed landfill is then covered with more soil to forma cap. By 1960, sanitary landfills 
had become the preferred method of waste disposal in the United States. 

Although sanitary landfills were a substantial improvement over earlier practices, 
more problems remained to be solved. Before 1975, most landfill sites were chosen with 
Jittle or no regard for potential environmental impacts. As a result, many of them were built 
near lakes and rivers, or in close proximity to groundwater aquifers. In karst regions, old 
sinkholes were often favorite spots for landfills, even though these are usually important 
sources of groundwater recharge. Landfills placed in old quarrys, especially those formerly 
used to mine sand and grave!, had similar problems. As a result, contaminants often leached 
out of these landfills, causing contamination of ground and surface waters. 

These problems became evident during the 1970s, thus beginning the era of 
engineered sanitary landfills. These modem facilities are carefully designed and operated 
to reduce the potential impact on the environment and to protect public health. 
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Solid Wastes 

Solid wastes are inevitable by-products of human activities. Although conservation, 
recycling, and other efforts may be used to reduce waste quantities, we always will need to 
provide disposal facilities. 

Sanitary landfills receive solid wastes from various sources, including the following: 

• Municipal salid waste (MSW) consists of trash generated by residential and 
commercial sources. With no recycling, nearly half consists of paper and another one
third consists of organic wastes, including yard trimmings and food. The remainder 
includes glass, plastics, metals, and many other materials. 

• Industrial salid waste is any waste material produced from industrial processes. 
These vary widely depending on the type of industry, and can include dangerous 
chemicals. 

• Agricultura[ salid waste includes plant and animal materials generated on farms and 
in food processing plants. 

• Sewage sludge is the sol id waste produced by sewage treatment plants. 
• Cambustion by-products from the burning of coal include both ash from fumaces and 

flue gas desulphurization sludge from scrubbers. Sorne of these materials have 
productive uses, but others require disposal. 

• Mining salid waste includes various by-products of mining operations. Coarse
grained mining wastes (sand-size or Iarger) are called tailings, while fine-grained 
wastes (silt and clay-size) are called slimes. In sorne cases, tailings may be used as 
construction aggregates, but slimes are almost universally worthless and may be 
contaminated with hazardous chemicals used in the mining process. 

Site Selection 

The selection of an appropriate site for a new sanitary landfill is probably the single most 
important task. It is much better to place new facilities at sites with favorable geotechnical 
conditions (i.e., those underlain by soil or rock with a low hydraulic conductivity and well 
above the groundwater table) rather than to choose a poor site (i.e., karst terrain, clean 
grave!, etc.) and attempt to protect it with special design features. In addition to the 
geotechnical concerns, landfill site selections also need to consider surface water and 
groundwater hydrology, the possibility of flooding, animal breeding areas, and so on. 

If only technical concems needed to be addressed, site selection would be a fairly 
straightforward process. In reality, nearly everyone wants refuse to be disposed of in a 
proper way, but virtually nobody wants a landfill nearby (an attitude summarized by 
NIMBY- not in my back yard). E ven landfill proposals at remote sites can receive strong 
política! opposition. For example, in 1996 a proposal to build a municipal solid waste 
landfill at a good site in a sparsely populated portion of the California desert was rejected 
because of exaggerated environmental impact claims and political ballyhooing. 

Hauling costs, which once were among the most important considerations for 
municipallandfills, ha ve since been overshadowed by these other concerns. 
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Facilities for disposal of especially hazardous materials, nuclear wastes, and other 
similar materials require much more intensive site selection efforts. However, the number 
of such facilities is small compared to those used for more conventional waste materials. 

Decomposition 

Landfills that receive primarily municipal solid waste (MSW) are subjected to extensive 
chemical, physical, and biological processes that we collectively cal! decomposition. These 
processes convert MSW into the following products (McBean, et al., l 995): 

• Decomposed solid wastes 
• New biomass 
• Generated gasses 
• Contaminants into solution (leachate) 
• Heat 

These processes are most active during the first twenty years, but they typically continue for 
severa! decades or more. 

Leachate is especial! y important to geoenvironmental engineers. It consists of liquids 
brought in with the solid waste, liquids generated by decomposition, and water (which may 
have entered the landfill through inflow of groundwater or through infiltration of surface 
water). Leachate is the primary means of contaminant transport from the landfill to the 
surrounding ground, and thus needs to be controlled. 

Liners, Covers, and Leachate Collection 

Before refuse placement begins, the natural ground is covered with a liner, which is 
intended to prevent, or at least significantly retard, the flow of leachate into the ground. 
Figure 9.8 shows a liner being installed. Engineers often specify multiple liners to provide 
sorne level of redundancy. For example, a landfilllíner system might include primary and 
secondary leachate collection zones, geosynthetic barriers, and leachate collection pipes all 
underlain by compacted clay. The leachate collection pipes in a liner system then lead to 
a treatment facility that removes or neutralizes the harmful chemicals. 

When the landfill is completed, a final "impervious" cover (or cap) is placed over the 
site. lt serves severa! purposes, including: 

• Reducing the infiltration of surface water, thus reducing the production of leachate 
• Controlling rats, vermin, and other pests 
• Controlling gas emissions from the refuse 
• Isolating people from direct contact with the refuse 
• Reducing the potential for erosion and slumping 
• Eliminating the potential for blowing debris 
• Providing a pleasing appearance 
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Figure 9.8 A geomembrane 
being placed. The seams 
connecting each strip of 
geomemberane will be 
"welded" using special 
adhesives, tbus fornúng a 
continuous liner that will 
serve as a virtually 
impervious barrier (Photo 
courtesy ofDr. Robert 
Koerner). 

Gas Collection 

311 

Landfiils generate large quantities of methane and other gasses as a result of decomposition 
of organic materials. Therefore, many landfills have been equipped with gas collection 
systems that recover a portion of this gas and direct it to productive use. The gas may be 
collected by applying a vacuum to a series of wells drilled through the refuse. These wells 
are connected by a series of pipes that direct the gasto a centrallocation. Usually the gas 
is then bumed to generate steam, which is used to produce electricity. 

In addition to providing a useful product (electricity), gas collection systems also 
reduce the potential for migration of landfill gasses beyond the landfill property. 

Closure and Post-Ciosure 

Closure is the process of shutting down a landfill that is no longer accepting wastes. lt 
includes such tasks as placing the fmal cover, installing surface drainage facilities, and 
establishing a vegetative cover. These need to be carefully designed and implemented to 
provide the required environmental protection. 

Po~t-closure includes the long-term monitoring and maintenance of a closed landfill. 
Landfill settlements due to continued decomposition of the refuse are especial! y irnportant, 
because these settlements can cause cracks and tears in covers, changes in surface drainage 
pattems, rupture of gas collection pipes, and other problems. Post-closure activities also 
include long-term groundwater monitoring programs to verify the required groundwater 
quality is being maintained. 

SUMMARV 

Major Points 

l. Geoenvironmental engineering is a blend of geotechnical and environmental 
engineering, and deals with underground contamination. 
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2. Prior to the 1980s, wastes and hazardous materials were often intentionally or 
unintentionally discharged underground. This sometimes caused contarnination of 
groundwater aquífers and other environmental problems. 

3. As a result of various Jegislation, much of which was passed during the 1980s, 
underground discharge and underground disposal of wastes is now regulated. In 
addition, there now is an active effort to locate, assess, and clean up existing 
underground contamination. 

4. Both biological and chemical contarnination can occur underground, but chemical 
contamination is more often a significan! problem. 

5. Chemical wastes that are not readily soluble in water are called non-aqueous phase 
liquids (NAPLs). Many chemical wastes, such as petrochernicals, are NAPLs. There 
are two types: Light NAPLS (LNAPLs) have specific gravities less than water, and 
thus float on top of the groundwater, while dense NAPLs (DNAPLs) have specific 
gravities greater than water, and thus sink through groundwater. Because of this 
behavior, DNAPLs are especially difficult to clean up. 

6. Hazardous wastes are those waste products that pose significan! threats to health or 
the environment. 

7. Several processes control the fate and transport of contarninants through the ground. 
Advection and dispersion generally domínate in sandy soils, while diffusion generally 
dorninates in clays. 

8. Many remediation methods are available, and new methods continue to be developed. 
However, removal of al! contarninants is practica! only when the contarninated zone 
is small. 

9. The increased emphasis on underground contarnination also has resulted in stricter 
regulation and more careful design and operation of sanitary landfills. The various 
design features are intended to prevent contarnination of the adjacent soils. 
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COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

9.1 What is the differencc between diffusion and dispersion? Which process would be more 
important in the transport of contaminants through a gravelly soiJ'l Why '' 

9.2 A Phase 1 Environmental Site Assessment at the site of a proposed office building ha~ foun<l 
that the property was previously occupied by a gasoline service station. The aboYe-groun<l 
facilities were removed severa! years ago and the site is now a vacant lot, but the underground 
gasoline tanks remain. Further investigations found that one of these tanks had a leak. and 
about lO yd' of the surrounding unsaturated silty clay soil has become contaminated. The 
groundwater table is ata depth of 50ft below the ground surface, we\1 below the contaminated 
zone. Suggest an appropriate method of remediating this problem. 

9.3 What geotechnical characteristics should a site ha ve for it to be considered a good candidate for 
a sanitary landfill? Why are these characteristics important? 

9.4 An old waste disposal pond has introduced severa! cont aminants into the groundwater at a 
certain location. The adjacent soils are sandy si lts and silty sands, and chemical tests on 
samples from this site indicate a high mercury content. Should bioremediation be considered 
as a potential clean-up method? Why or why not? 

9.5 The following import soils are available to build a cap over a sanitary landfill: 
lmport Site 1 ML 
Import Site 2 SW 
Import Site 3 CL 
Import Site 4 SC 

Which would probably be the best choice? Why? 

9.6 An underground diese! fue! storage tank has a small leak that releases only 2 liters per day into 
the surrounding soil. This leak is far too small to be noticed by the owner. If the leak continues 
for ten years, how much diese! fue! will have entered the ground? Assuming the soil has a 
porosity of 45% anda degree of saturation of 60%, and assuming the diese! fuel fills two-thirds 
of the remaining vr>ids, compute the total volume of soil contaminated by the leak. Also assume 
none of the fue! volatilizes. Would you consider this to be a significan! problem? What 
additional information would you like to ha veto funher assess it? 

9.7 A shallow injection well in a suburban area has been used to dispose of Jiquid wastes for 
35 years. The surrounding soils are fine-to-medium sands with k= 2x 1 O ·1cm/s and e= 0.65. 
The hydraulic gradient of the natural groundwater tlow is 0.010. Considering advection only, 
how far downstream will the contaminan! plume extend? Based on the results of this 
computation, is there cause for concem? 

9.8 A small shopping center is to be built on a paree! of land in a karst area. It will require a new 
well to supply drinking water, anda septic tank/leach field system to dispose of sewage. Are 
there any special requirements or considerations that need to be addressed when determining 
the mínimum acceptable separation between these two facilities and their relative proximity? 
Explain. 
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Stress 

In soil mechanics the accuracy of computed results 
never exceeds that of a crude estimate, and the 
principie function of theory consists of teaching us 
whatand how to observe in thefield. 

Karl Terzaghi, 1936 

Virtually all civil engineering projects impart loads onto the ground that supports them, and 
these loads produce compressive, shear, and possibly even tensile stresses. For example, 
when we construct a building, its weight is transmitted to the ground through the 
foundations, thus inducing stresses in the underlying strata. These stresses might cause 
problems, such as shear failure or excessive settlement, and thus are important to 
geotechnical engineers. 

Additional stresses exist in the ground due to the weight of the overlying soil and 
rock. These stresses also are important, and need to be considered in a wide range of 
geotechnical engineering problems. For example, the potential for slope stability prob1ems, 
such as landslides, depends on the difference between these stresses and the strength of the 
soil or rock. 

Many geotechnical problems depend on assessments of stresses in the ground, so this 
subject is worthy of careful study. Sorne of the methods we use to evaluate and describe 
these stresses are similar to those used with more conventional engineering materials, such 
as steel. However, because of the particulate nature of soils and the presence of water 
ancl/or air in the voids, we also need to introduce new concepts and methods. 

This chapter discusses methods of analyzing stresses in the ground. Subsequent 
chapters, especially Chapters 11-14, 16, and 17, will apply these methods to specific 
geotechnical problems. 

314 
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10.1 SIMPLIFYING ASSUMPTIONS 

Soil and rock are very cornplex materials that cannot be modeled mathematically without 
introducing certain simplifying assumptions. We need to understand these assumptions 
before proceeding. For the purpose of computing stresses, we will assume the soil or rock 
has the following characteristics: 

l. lt is a continuous material, not a particulate, which means the actual transfer of 
stresses through the solid particles in a soil is very complex. The stresses at the 
particle contact points are very high, while elsewhere they are much smaller. The 
stresses in rock also are complex due to the presence of joints and fissures. Rather 
than attempting to deal with these complexities, we simply treat the ground as if it 
were a continuum, like steel or other familiar materials. We assume there are no 
cracks or open joints to block the flow of stress, and that the stresses are uniform, not 
a microscopic patchwork of stressed particles with very small contact areas. This 
assumption is reasonable so long as the dimensions in our problem are large compared 
to the particle size and the joint spacing. Later in this chapter, our discussion of 
effective stress will modify this assumption to allow consideration ofthe distribution 
of stresses between the solid particles and the pore water. 

2. lt is homogeneous, which means the relevant engineering properties are the same at 
all locations. In the context of stress analyses, we require only the modulus of 
elasticity, shear rnodulus, and Poisson's ratio (as defined Jater) to be constant. In 
other words, there are no "hard spots" and "soft spots," which can significantly alter 
the stress distribution. However, we will allow the unit weight to vary from place to 
place, and we will account for parts of the ground being above the groundwater table 
and parts below. This assumption virtually always introduces sorne error, since few 
soils are so homogeneous. Later in this chapter we will explore solutions that include 
two layers with different modulus values. 

3. lt is isotropic, which means the engineering properties (in this context, the two 
modulii and Poisson's ratio) are the same in al! directions. Many soils nearly meet 
this criteria, but sorne materials, such as bedded sedimentary rock, do not. 

4. It has linear elastic stress-strain properties, which means each increment of stress is 
associated with a corresponding increment of strain (i.e., the stress-strain curve is a 
straight line and has not reached a yield point). This means a load applied at one point 
will induce sorne increment of stress, even a small one, everywhere in the ground, and 
that there will be a smooth pattem of stress distribution. This is quite different from 
a plastic material, which is one that has exceeded its yield point, and thus has reached 
its maximum stress-carrying capacity. The distribution of stresses in plastic materials 
is therefore quite different. ,This assumption is satisfactory for deformation analyses. 
where the strains are small, but may not be acceptable for certain strength analyses 
where the stresses are nearly equal to the strength. 

These assumptions need to remain in effect only until we have computed the 
appropriate stresses in the ground. The follow-up analyses do not necessarily need to adhere 
to the same assumptions. For example, the settlement computations in Chapter ll will be 
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based on a non-linear stress-strain relationship, and the strength analyses in Chapter 13 will 
consider the presence of cracks and joints. 

10.2 MECHANICS OF MATERIALS REVIEW 

Our simplifying assumptions have transformed soil and rock into something similar to 
standard engineering materials. Therefore, we will begin by reviewing principies of stress 
and strain that you leamed in a mechanics of materials course, and discussing how we will 
apply them to geotechnical problems. 

When conducting stress analyses, we wi!l continue to use the coordinate system 
introduced in Chapter 7, where the x and y axes are horizontal , and the z axis is vertical, as 
shown in Figure 10.1. Usually we evaluate stresses acting on a small element of soil or rock 
such as the one shown. This particular element is aligned with the axes, but other 
orientations also are possible. 

Stress 

Figure 10.1 Element of soíl in three
dimensíonal x-y-z space. 

Each face of the element is subjected to a normal stress, a, which could be either tension 
or compression. Most engineers use the following sign convention to differentiate between 
the two: 

+ == tension 
- == compression 
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However, geotechnical engineers like to be different. 
We use the opposite sign convention: 

+ = compression 
- = tension 

Although it can be confusing at first, there is a 
good reason for using this unorthodox sign convention: 
We almost always deal with compression. This is 
because of the nature of soil stress problems and because 
soil has a very low tensile strength. Thus, our sign 
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r 

Figure 10.2 A two-dimensional soil 
convention avoids the continua! use of negative stresses, element aligned with the x and z axes. 
and eliminates the resulting mistakes that might occur. 

When the element is aligned with the axes, as 
shown, the horizontal normal stresses (those acting on vertical planes) are ax anda,, and the 
vertical normal stress (which acts on a horizontal plane) is az. Each face ofthe element also 
is subjected toa shear stress,<, which we will divide into two perpendicular components 
as identified by two subscripts. F or example, 'xz is the component of shear stress in the x 
plane (i.e., the plane perpendicular to the x axis) acting in the z direction. 

Although the normal stresses in the x, y, and z directions are independent of each 
other, the various shear stresses are not. To maintain static equilibrium, ' u and ',,., as 
shown in Figure 1 0.2, must be equal in magnitude and opposite in direction. The same 
relationship applies to the other pairs of shear stresses: 

(10.1) 

(10.2) 

(10.3) 

Assigning the proper sign to shear stresses can be confusing, especially since 
engineers have proposed multiple definitions of"positive" shear stress. We will use the sign 
convention that defines positive shear stresses as those that cause the element to rotate 
clockwise, and negative shear stresses as those that cause it to rotate counterclockwise. 
Thus, •zx in Figure 10.2 is positive·, -r, is negative. 

Because we are treating the ground as if it were a continuous material, not a 
particulate, the area used to compute stresses is the total area of solids plus voids, not just 
the area of solids. For example, if a water tank has a total weight of 30,000 kN, and its base 
area is 300 m2

, then we say the vertical compressive stress in the soil imrnediately below the 
tank is 30,000 kN/300 m2 = 100 kPa, even though the actual area of the soil solids is much 
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less than 300m2
• This means the real compressive stress within the soil particles is greater 

than 100 kPa, and the stresses at the particle contact points may be substantially greater. 
However, so long as we also define stress-strain properties and strengths in the same way, 
and the physical dimensions used in our analysis are large compared to the size of the 
individual soil particles, our computations will be essentially correct. 

Al! stresses are expressed in units of force per area. When working with English 
measurements, geotechnical engineers normally use lb/ft 2

, except in sorne laboratory tests 
where lb/in2 is used (primarily because these are the units in pressure gages). With SI units, 
all soil stresses are expressed in kPa. Finally, geotechnical engineers in non-SI metric 
countries typically use kg¡lm2

, kg1/cm2 or bars (1 bar = 100 kPa). 

Strain 

When materials are subjected to a stress, they respond by deforming. Engineers call this 
deformation strain. Normal stresses produce normal strains and shear stresses produce shear 
strains. 

Nonnal strain, E, is the change in length divided by the initial length, as shown in 
Figure 10.3: 

(10.4) 

To be consistent with our sign convention for normal stresses, compressive strains are 
positive (i.e., the length becomes shorter, so dL <O, which produces E> 0) . 

Shear strain, y, is the angle of deformation shown in Figure 10.3 expressed in radians. 

P / Original shape 

1 

___ ____ ! ___ _L_
1 

~Deformed shape 

1 : dL 

/

:"Y 
L 1 

~_j 
t 
p 

Figure 10.3 Definitions of normal and shear strain. 
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Modulus of Elasticity, Shear Modulus, and Poisson's Ratio 

To perform deformation analyses, we need to define the relationships between stress and 
strain. In linear elastic materials, these relationships are expressed using three pararneters, 
as follows: The modulus of elasticity, E (also known as Young's modulus), the shear 
modulus, G (also known as the modulus ofrigidity), and Poisson's ratio , v. Themodulus 
of elasticíty is the ratio of normal stress to normal strain: 

(10.5) 

Thus, large values of E indicate a material that is very stiff and does not experience much 
deformation under an applied load, while Jow values indicate a soft material. The shear 
modulus has a similar definition: 

(10.6) 

When a compressive load is applied to the element as shown in Figure 10.4, a 
compressive strain parallel to the stress, E1, occurs. In addition, ifthe element is unconfined, 
a tensile strain perpendicular to the load, E ,. also occurs. The ratio of these two strains is 
defined as Poisson 's ratio, v: 

The magnitude of v in elastic 
materials varíes from Oto 0.5. Those with 
v = 0.5 are said to be incompressible 
because the compression in the direction of 
the load is exactly matched by the 
expansion in the two perpendicular 
directions, resulting in no net volume 
change. 

Although it is possible to measure 
v of soil or roe k in the laboratory, 
geotechnical engineers usually rely on 
tabulated values such as those in 
Table 10.1. These values are sufficiently 
precise for nearly al! geotechnical 
analyses. 

(10.7) 

P /Original shape 

,------_! __ 1 _____ , =r 
~ f E ¡¡ 
1 1 

t 
p 2 

Deformed 
-shape 

Figure 10.4 Deformation of an unconfined element 
and definition of Poisson · s ratio. 
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TABLE 10.1 TYPICAL VALUES OF POISSON'S RATIO FOR 
SOILS ANO ROCKS (Adaptad from Kulhawy, et al., 1983) 

Soil or Rock Type 

Saturated soil, undrained condition 

Partially saturated clay 

Dense sand, drained condition 

Loose sand, drained condition 

Sandstone 

Granite 

Poisson's Ratio, v 

0.50 

0.30-0.40 

0.30-0.40 

0.10-0.30 

0.25-0.30 

0.23-0.27 

One-, Two-, and Three-Dimensional Analyses 

Stresses propagate through soils in all three dimensions, so an analysis that keeps track of 
all the stresses identified in Figure 10.1 would be considered a three-dimensional analysis. 
Although such analyses are sometimes necessary, it often is possible to use more simplified 
methods. For example, a vertical cross-section through a long earth dam on a uniform soil 
deposit wiU be virtually constant along the entire length of the dam, as shown in 
Figure 10.5. Thus, we could reasonably evaluate such a problem using a two-dimensional 
analysis in a vertical plane oriented perpendicular to the dam axis. 

Other scenarios can even be reduced to a one-dimensional analysis. For example, 
many problems require only the vertical stress, o t' due to the weight of the overlying 
ground. This requires only vertical dimensions and certain soil properties, making these 
one-dimensional analyses. 

r 

Figure 10.5 Use of a two-dimensional analysis to evaluate stresses in an earth dam. 

10.3 SOURCES OF STRESS IN THE GROUND 

To evaluate the stresses at a point in the ground, we need to know the locations, magnitudes, 
and directions of the forces that cause them. We will divide these sources into two broad 
categories: 
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• Geostatic stresses (sometimes called body stresses) are those that occur due to the 
weight of the soil above the point being evaluated. Geostatic stresses are naturally 
present in the ground. However, human activities, such as placing a fill or making an 
excavation, can cause them to change. 

• Induced stresses are those caused by externa! loads, such as structural foundations, 
vehicles, or fluid in a storage tank. These are usually caused by human activities. 

We will discuss each category separately, then combine them using superposition. Our 
discussions will be limited to static stresses. Dynamic stresses, such as those produced by 
earthquakes, explosions, or machine vibrations, are beyond the scope of this text (see 
Dowding, 1996 and Kramer, 1996). 

10.4 GEOSTATIC STRESSES 

Geostatic stresses are caused by gravity acting on the soil or rock, so the direct result is a 
vertical normal stress, a,. This stress has a significan! impact on the engineering behavior 
of soil, and is one we frequently need to compute. This vertical normal stress indirectly 
produces horizontal normal stresses and shear stresses, which also are important to 
geotechnical engineers. 

Vertical Stresses 

To compute the geostatic o: at Point A in Figure 1 0.6, considera column of soil that extends 
from the ground surface down to a point where we wish to compute a z· This column 
intercepts soil strata with unit weights y 1, y 2, and y 3, so its weight is: 

w = d.x dy LY H 

The geostatic vertical stress, o, at the bottom of the column is then: 

where: 

w 
A 

W = weight of the column 

d.xdy LYH 
A 

y = unit weight of the soil strata 
H = thickness of the soil strata 
A = horizontal cross-sectional area of the column 

(10.8) 

(10.9) 
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Ground surface 

y Area =A 

First stratum 
-y= "Yl 

Second stratum 
'{ = "Y2 

Third stratum 
'{= "13 

Figure 10.6 Imaginary column of soil to compute 
the geostatic a,. 

Example 10.1 

Compute a, at point A in Figure 10.7. 

Solution 

az = LYH 

Stress Chap. 10 

. SM 
.· ·. · . . S~I~ sand . 

· . . . . 
. : . . . : . : .. : . : 

Figure 10.7 Soil profile for Eumple 10.1. 

= (15.0kN/m3)(2.0m) + (16.8kN/m3)(2.5m) + (17.2kN/m3)(3.6m) 
= 134 kPa ... Answer 

Horizontal Stresses 

The horizontal stresses, ox ando,, also are important for many engineering analyses. For 
example, the design of retaining walls depends on the horizontal stresses in the soil being 
retained. Sorne horizontal stresses are the direct result of applied externalloads, such as the 
braking forces from the wheels of a large truck. However, most horizontal stresses are 
indirectly produced by vertical geostatic and induced stresses. 

To understand how these indirect stresses are produced, consider the unconfined 
elernent of soil in Figure 10.4. When a vertical compressive stress is applied to this element, 
it induces both a vertical compressive strain and a horizontal tensile strains (per Equation 
10.7). However, real soils in the field are not unconfined, and the adjacent elements of soil 
or rock also wish to expand, but in the opposite direction. These opposing forces may 
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cancel each other (i.e., there may be no horizontal strain), or the horizontal strain may be 
much less than would occur in an unconfined sample. Either way, the result will be the 
formation of horizontal stresses in the ground. 

You may recall solving a similar problem in a mechanics of materials course, where 
a metal bar was tightly fitted between two immovable barriers, then heated. Normal! y the 
bar would become longer due to thermal expansion, but the barriers prevented it from doing 
so. Therefore, instead of expanding, the bar developed new compressive stresses. 

Horizontal stresses can be measured in-situ using the pressuremeter test (PMT), the 
dilatometer test (DMT) or other methods. Altematively, it can be estimated from the 
vertical stress using the coefficient of lateral earth pressure, as discussed later in this chapter. 

If the ground surface is horizontal, we normally assume the geostatic o x and o,. are 
equal. 

Shear Stresses 

If the ground surface is horizontal, the geostatic shear stresses on horizontal and vertical 
planes are all equal to zero: 

(10.10) 

However, shear stresses may be present on other planes. If the ground surface is inclined, 
then the geostatic shear stress conditions are more complex. The analysis of such stresses 
is beyond the scope of this text. 

OUESTIONS AND PRACTICE PROBLEMS 

10.1 Using the soil profile in Figure 10.7, develop a plot of o, vs. depth. Consider depths between 
O and 10m. 

10.2 A 0.500 ft x 0.500 ft x 0.500 ft cube of soil is subjected to a vertical cornpressive force of 
500 lb. This force is being applied to the top of the cube. As a result of this force, the cube 
cornpresses to a height of 0.450 ft. Compute the vertical normal stress and the vertical normal 
strain. 

10.5 INDUCED STRESSES 

Civil engineering projects often introduce extemalloads onto the ground, thus producing 
induced stresses. These loads include structural foundations, vehicles, tanks, stockpiles, and 
many others. The resulting induced stresses are often significant, and can be the source of 
excessive settlement, shear failure, or other problems. 



324 Stress Chap. 10 

Boussinesq's Method 

The French mathematician Joseph Boussinesq (1842-1929) developed a method of 
computing induced stresses in an infinite elastic half-space due to an applied extemalload 
(Boussinesq, 1885). The term infinite elastic half-space means the linear elastic material 
extends infinitely in all directions beneath aplane (which in our case is the ground surface). 
Boussinesq solved the problem where the point load, P, is perpendicular to this plane (in our 
case, this means the load is vertical), as shown in Figure 10.1. According to his solution, 
such a load will induce the following stresses at a point in the ground: 

2 
p 3x1 z1 ox 

27t Rs 

2 
p 3y1 Z¡ 

ov 
27t Rs 

_ (1 _ 2v) x1 - Y¡ + y1 z1 [ ' ' ' l 
Rr 2(R + z1) R 3r 2 

[ ' ' ' l y -x x z 
- (1 - 2v) f f + __f_1_ 

Rr 2(R +z1) R 3r 2 

az 

3 
3P Z¡ 

2n R 5 

[ 

(2R + 2)x1y1]] - (l-2v) 
(R + zj)R 3 

2 
3Pz1 Y¡ 

2nR 5 

1 2 2 2 R = X¡ +Y¡ + Z¡ 

(10.11) 

(10.12) 

(10.13) 

(10.14) 

(10.15) 

(10.16) 

(10.17) 
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r = ~ vxt T Y¡ 
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(10.18) 

The parameters x1, y1, and Zr in Equations 10.11 through 10.18 are the distances from 
the load to the point, as shown in Figure 1 0.1. The values of x1 and y1 may be either posíti'"e 
or negative, but z1 is always positive because the point is always be1ow the load. When 
performíng two-dimensional analyses in the x-z plane, we only need Equations 1 O.ll. 
10.13, and 10.14. 

Example 10.2 

The dimensions in Figure 10.1 are: x1= lO. O ft, y1= 0.0 ft, and ;;- = 15.0 ft. The load Pis 132 k. 
and the soil is a partially saturated clay. Compute the induced o.~ o~ and t ,_.in the soil element. 

Solution 

Per Tab1e 10.1, use v = 0.35 

1 2 2 2 
R = yx1 +Y¡ + :.1 

= ..j J0 .02 + 0.02 + 15.02 

= 18.0 ft 

~ 
r = V"'! .,. Y¡ 

= bo.o2 + 0.02 

= 10.0 ft 

P [3xfz1 [ x) -Y/ y)z1] Ox = - -- - (1 - 2v) + --
21t R 5 Rr 2 (R+z1) R 3r 2 

132,000 [3(10.0f(15.0) - [1- 2(0.35)]( 10.0
2

-0.0
2 

+ 0.0
2
(15.0))] 

21t 18.05 18.0(10.0)2(18.0 + 15.0) 18.03 10.02 

= 39 lb/ft2 
- Answer 

3Pz 3 

(J = __ !_ 

' 21tR 5 

3 e 132,000) e 15.W 

21t 18.05 

113lb/ftl - Answer 



326 

2 
3Pzrxr 

21tR 5 

= 3(132,000)(15.0)2(10.0) 

21t(18.0)5 

= 75lb/ftl - Answer 

Application to Line Loads 

Stress Chap. 10 

Although Boussinesq developed formulas only for point loads, others ha ve extended them 
to other loading conditions. The most simple extension is to a line load, which is a vertical 
load distributed evenly along a horizontalline. We express such loads using the parameter 
P/b, where Pis the vertical load and bis a unit length along the line (i.e., P!b"" 100 kN/m). 

If we considera line load of infinite length oriented parallel to the y axis, and integrate 
Equation 10.13 over its length, we obtain: 

3 2 Z¡ P/b 

2 2 2 
1t <xr + z¡) 

(10.19) 

where x1 and Z¡ are the horizontal and vertical distances from line to the point at which a, is 
to be computed. 

Application to Area Loads 

The most common loading condition for geotechnical analyses is the area load, which is 
one distributed evenly across a horizontal area. Examples include spread footing 
foundations, tanks, wheelloads, stacked inventory in a warehouse, and small fills. We 
define the contact pressure between this load and the ground as the bearing pressure, q: 

(10.20) 

where: 
q "" bearing pressure 
P "" applied vertical load 
A "" area upon which the load acts 

In the case of spread footing foundations, P must include both the column load and the 
weight of the foundation. 
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The induced stresses beneath the loaded area 
can be computed using an extension of the 
Boussinesq equations. 

Analytic Solutions 

327 

Sometimes it is possible to integrate the Boussinesq 
equations over the area to produce new equations. 
Newmark (1935) used this method with Equation 
10.13 to develop the following analytic solution for 
the vertical induced stress ata depth z1 beneath the 
comer of a loaded rectangle of width B and length 
L , as shown in Figure 10.8: Figure 10.8 Newmark's solution for 

induced vertical stresses beneath the comer 
of a rectangular loaded area. 

Otherwise, 

where: 

q [[ 2BLz1JB
2 

+L
2 

+z} ][ B
2 

+L
2 +2z}] 

4n zj(B2 +L2+zj) +B2L2 Bz+ Lz +z} 

• _1 2BLz1VB
2 

+ L
2 

+ z) l 
+ 1t - sm 

z} (B 2 + L 2 + zj) + B 2L 2 

.!l.. 
47t 

(10.21) 

(10.22) 

oz = vertical induced stress at a point beneath the comer of the loaded rectangle 
B = width of loaded rectangle 
L = length of loaded rectangle 
z1= vertical distance from loaded rectangle to the point (always > 0) 
q = bearing pressure on loaded rectangle 

Notes: 
l. The sin·1 term must be expressed in radians. 
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2. Newmark's solution is often presented as a single equation with a tan ·1 

term, but that equation is incorrect when B2 + L 2 + z/ < B2L 2/zf 
3. lt is customary to use B as the shorter dimension and Las the longer 

dimension. 

Using the principie of superposition, as described later, and Equations 10.21 and 
10.22, we can compute o, at any point beneath a rectangular loaded area. 

Numerical Solutions 

lf the shape of the loaded area is too complex, it becomes necessary to use a numerical 
solution to compute the induced stresses. The term numerical solution (or numerical 
method) refers to a class of problem-solving methods that use a series of simp!ified 
equations assembled in a way that approximately models the actual system. Many 
engineering disciplines use these methods to develop solutions to problems that otherwise 
would be very difficult or impossible. Thefinite element method and thefinite difference 
method are examples of numerical solutions. We discussed the finite element method and 
its application to seepage analyses in Chapter 8. 

We can use a numerical method to salve Boussinesq stress problems as follows: 

l. Divide the loaded area into hundreds or thousands of small elements. 
2. Compute the total vertical load acting on each element and consider it to be a point 

load acting at the centroid of the element. 
3. Apply Equations 10.11-10.16, as needed, to each element to compute the stress at the 

desired point in the ground due to the load on that element. 
4. Using superposítion, sum the stresses computed in Step 3 to find the net stress at the 

point. 

The accuracy of this method increases as the number of elements increases. At least 1000 
elements would generally be used for area loads, so this solution definitely requires a 
computer. Programs STRESSP , STRESSL, STRESSR, and STRESSC, which are included with 
this book, use this method to compute induced stresses. The use of these programs is 
explained later in this chapter. 

Chart Solutions 

Another option is to perform a series of computations using either analytic or numerical 
methods and express the results in non-dimensional charts. We then can use these charts 
to compute stresses in the soil. Figures 10.9 and 10.10 are two of the many such charts that 
may be developed. The curves in these charts, which connect points of equal induced stress, 
are sometimes calledpressure bulbs or stress bulbs. 

These charts are easy to use, and provide a visual sense of how the stresses are 
distributed. However, they do not have the flexibility or computational accuracy of a 
properly implemented numerical solution. Other charts also have been developed for more 
complex loading conditions (see U. S. Navy, 1982), but they generally provide only minimal 
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help in visualizing the stress distributions, and serve only as computational aids. The ready 
availability of computer-based numerical solutions, such as the ones included in this book, 
has made them obsolete. 

~---- Width ~B----......¡ 

Square loaded area 

t t t t t t l l t t t l t 
1-B-+-J 

LO l. U 
~~~~--~~~-~~~--+-~~--~~-+-~~-L-~x¡/8 

0.5 () 0.5 

Figure 10.9 Vertical induced stress, a~ beneath a >quare loaded area, per Boussinesq. 

Example 10.3 

Compute the induced a, ata depth of 10.0 m below the edge of a 25.0 m diameter water tank. 
The tank, its foundation, and its contents have a total mass of 6.1 xl O 6 kg, which is unifonnly 
distributed across its base. 
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~--- Diameter ~ B ___ __.., 

Circular loaded area 

t t t t l t t t t l t t t 
1--B---j 

l. O o 0.5 l. O 
~~~-~~-+~~~-L~-+--L~-~~-+-~~~-~ x¡/8 

O.S 

; . ..................................... .................... ;............... . ........................... 2.0 1--··········""''" ''''''''''''''""""'''''''''''''"'"''''''''''""''""''''''''''"''''''" """'''''''''' ..... ~ 

z¡IB 

Figure 10.10 Vertical induced stress, o, beneath a circular loaded area, per Boussínesq. 

Solution 

W ~ Mg ~ (6.1x106 kg)(9.81 m/s 2
) ~ 59,800kN 
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q 
p 

A 

59,800kN 

491m 2 
122 kPa 

l.i = 10 m = 0.40 
B 25m 

331 

From Figure 1 0.10, at z¡IB = 0.40 beneath the edge of the tank (x,/B = 0.50), aJq = 0.40 

o, = ( : ' ) q = (0.40)(122kPa) = 49 kPa - Answer 

Westergaard's Method 

Westergaard (1938) solved the same problem Boussinesq addressed, but with slightly 
different assumptions. Instead of using a perfectly elastic material, he assumed one that 
contained dosel y spaced horizontal reinforcement members of infinitesimal thickness, such 
that the horizontal strain is zero at all points. This model may be a more precise 
representation of certain layered soils, such as varved clays. 

Terzaghi (1943) presented the following formula for a ,dueto a vertical point load, 
P, based on Westergaard's method: 

PC 1 1 ]u 
2rr.z) C 2 

+ (rlz/ 
(10.23) 

e~ (10.24) 

The Westergaard solution produces a, values equal to or less than the Boussinesq 
values. As v increases, the computed stress becomes smaller, eventually reaching zero at 
v = 0.5. Although sorne geotechnical engineers prefer Westergaard, at least for certain soil 
profiles, Boussinesq is more conservative, and probably more appropriate for most 
problems. 
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Approximate Methods 

Sometimes it is useful to have simple approximate methods of computing stresses in soil. 
The widespread availability of computers has diminished the need for these methods, but 
they still are useful when a quick answer is needed, or when a computer is not available. 

The following approximate formulas compute the induced vertical stress, a., beneath 
the center of an area load. 1 They produce answers that are within 5 perc~nt of the 
Boussinesq values, which is more than sufficient for virtually all practica! problems. 

For circular loaded areas (Poulos and Davis, 1974), 

1.50 

a = q 
(10.25) 

For square loaded areas, 

1.76 

(10.26) 

For continuous loaded areas (al so known as strip loads) of width B and infinite length, 

For rectangular loaded areas of width B and length L, 

q 1 - ( 

[ 
B) 1.38 + 0.628/L 

1 + -
2z1 

2.60 · 0.84BIL 

(10.27) 

(10.28) 

1 Equations 10.21 and 10.22 compute the induced vertical stress beneath the comer of the loaded area, while 
Equatíons 10.25-10.28 compute it beneath the center of the loaded area. 



Sec. 10.6 Superposition 

where: 
a,= induced vertical stress beneath the center of a loaded area 
q = bearing pressure 
B = width or diameter of loaded area 
L = length of loaded arca 
Z¡ = depth from bottom of loaded arca to point 
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A commonly used approximate 
method is to draw surfaces inclined 
downward at a slope of 1 horizontal to 2 
vertical from the edge of the loaded area, 
as shown in Figure 10.11. To compute the 
induced o z at a depth Z¡ below the loaded 
area, simply draw a horizontal plane at this 
depth, compute the area of this plane 
inside the inclined surfaces, and divide the 
total applied load by this area. The a, 
computed by this method is an estímate of 
the average o, across this area, and is most 
often used for approximate settlement 
computations. 

Bearing pressure " q 

When applied to a rectangular 
loaded area of B x L, the 1:2 method 
produces the following formula for the 
average induced vertical stress, oz, at a 
depth z¡: 

Figure 10.11 Use of 1:2 method to compute the 
average induced a, at a specified depth below a loaded 
are a. 

(10.29) 

The primary advantage of this method is that Equation 10.29 can easily be derived 
from memory by simply applying the principies of geometry. 

10.6 SUPERPOSITION 

Since we ha ve assumed the soil or rock is a linear elastic material, we can take advantage 
of the principie of superposition when computing a and 't'. This means problems that ha\·e 
multiple sources of stress may be evaluated by assessing each source separately, then adding 
the results. For example, if a certain point in the ground is subjected to geostatic stresses 
plus induced stresses from three different sources, we could perform four separate stress 
analyses (one for the geostatic and one for each of the induced stresses), then sum the 
results. This procedure greatly simplifies the analysis. 
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Example 10.4 

The tank described in Example 10.3 is underlain by a soil that has a unit weight of 18.0 kN/m3
• 

Compute the pre-construction and post-construction o, at a depth of 1 0.0 m below the edge of 
the tank. 

Solution 

Pre-construction condítion: 

Only the geostatic stresses are present. 

o, = "L,yH = (18.0kN/m 3)(10.0m) 180 kPa = Answer 

Post-construction condition: 

Both geostatic and induced stresses are present. 
Geostatic o, = 180 kPa 
Induced o, = 49 kPa (from Example 10.3) 

o, = 180 kPa + 49 kPa = 229 kPa = Answer 

Example 10.5 

The 1.0 m x 1.5 m footing shown in Figure 10.12 supports a vertical load of 475 kN. Compute 
the magnitude of o, at Point A, considering both geostatic and induced stresses. 

Solution 

l. Geostatic stress 

o, L yH = (17.0 kN/m 3)(1.2 m) = 20.4 kPa 

2. Induced stress 
Equations 10.21 and 10.22 compute o, below the comer of a Ioaded rectangle, but Point 
A is not beneath the comer. Therefore, it is necessary to compute the stress beneath a 
fictitious footing I+Il, which is 1.0 m wide and 2.0 m long, and beneath a second 
fictitious footing Il, which is 0.5 m wide and 1.0 m long. Both ofthese fictitious footings 
ha ve a comer over Point A, and both ha ve the same bearing pressure as the real footing. 
By superposition, the true o, at Point A is the difference between the o, values from these 
two footings. 

q 
p 

A 

475kN 317 kPa 
(1 m)(1.5 m) 



Sec. 10.6 Superposition 

Figure 10.12 Plan and proftle for 
Example 10.5. 

Solving for Footing 1+11 

335 

B = l. O, L = 2.0, z1= 1.2 
8 2 + L2 + zj = 6.44, Jil L2 = 4, Therefore, use Equation 10.22 - a, = 57.6 k:Pa 

Solving for Footing II 

B = 0.5, L = 1.0, z1= 1.2 
B2 + L2 + z/ = 2.69, filL2 = 0.25, Therefore, use Equation 10.22- az = 31.1 k:Pa 

By superposition, a,= 57.6 k:Pa- 3l.l k:Pa = 26.5 k:Pa 

3. Combined results 

az = 20.4 k:Pa + 26.5 k:Pa = 46.9 kPa - Answer 



336 Stress Chap. 10 

QUESTIONS ANO PRACTICE PROBLEMS 

10.3 A vertical point load of 50.0 k acts upon the ground surface at coordinates x =100ft, y= 150ft. 
Using a Poisson's ratio of 0.40, compute the induced a,, a,. and ' ., ata point 3 ft below the 
ground surface at x = 1 04 ft, y = 150 ft. 

10.4 A vertícalline load of 75 kN/m acts upon the ground surface. Assuming this load extends for 
a very long distance in both directions, compute the induced a , at a point 1.5 m horizontal 
(measured perpendicular to the line) and 2.0 m below the line. 

10.5 A dilatometer test (an in-situ test described in Chapter 3) has been conducted ata depth of 3.20 
m in a soil that has a level ground surface and a unit weight of 19.2 kN/m 3• According to this 
test, the geostatic a, at this point is 48 kPa. A proposed vertical point load of 1100 kN is to be 
applied to the ground surface at a point 1.1 O m west of the test location. Using a Poisson' s ratio 
of 0.37, compute the total a,. a,, and ' "' at the test point after the load is applied. 

10.6 A grain silo is supported on a 20.0 by 50.0 m mat foundation. The total weight of the silo and 
the mat is 180,000 kN. UsingNewmark's method, compute the induced cr, in the soil ata 
point 15.0 m below the center of the mat. Then repeat the computation using Equation 10.28. 
Compare the results from these two methods and comment on whether the difference is 
significan!. 

10.7 The circular water tank in Figure 10.1 3 imparts a bearing pressure of 3000 1b/ft 2onto the soil 
below. 

a. Compute the geostatic a, at Point A. This is the stress that existed before the tank was 
bui1t. 

b. U sing Figure 10.1 O, compute the induced a , at Point A due to the weight of the tank. 
c. Combine the results frorn a and b to find the total a, at Point A after the tank is hui! t. 

Figure 10.13 Water tank and 
soil profile for Problem 10.7. 

1 O. 7 EFFECTIVE STRESS ES 

The compressive stress, a, computed using the techniques described thus far, is carried 
partially by the solid particles and partially by the pore water. Geotechnical engineers call 
it the total stress because it is the sum of the stresses carried by these two phases in the soil. 
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Although the total stress can be very useful, we gain even more insight by dividing it into 
two parts: 

• The effective stress, o', which is the portion carried by the solid particles, and 
• The pore water pressure, u, which is the portion carried by the pore water. This is the 

same u we discussed in Chapters 7 and 8. 

Karl Terzaghi was the first to recognize the importance of effective stress, and it has since 
become one of the most important concepts in geotechnical engineering. 

Submerged Sphere Analogy 

To understand the physics of soil particles under the groundwater table and the differences 
between total and effective stresses, let us consider the spbere resting on a scale as shown 
in Figure 10.14. It has a volume of0.100 m3 as determined by measuring its diameter, and 
a weight of 2.60 kN as determined by the scale. 

Figure 10.14 Submerged 
sphere analogy. (a) (b) 

Then, we take the scale and the sphere and place them into a tank of water, as shown. 
In this new environment, the sphere is subjected to a buoyancy force, F 8 , equal to the 
weight of the displaced water: 

FB = Vyw 

= (0.100 m2)(9.8 kN/m2 ) 

= 0.98kN 

The contact force between the sphere and the scale is thus reduced to: 

F = 2.60 kN - 0.98 kN 
= 1.62kN 

(10.30) 

(10.31) 
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The weight of the sphere has not changed, but it is now being supported partially by the 
scale and partially by the water. 

The contact forces between soil particles abo ve the groundwater table are similar to 
that between the dry sphere and the scale, while soils below the groundwater table are 
similar to the submerged sphere and scale. Buoyancy forces act on the soil solids the same 
way they act on the sphere. Therefore, the particle contact forces in an element of soil that 
is initially above the groundwater table will decrease if the groundwater rises above that 
element. 

Vertical Effective Stress 

From the submerged sphere analogy we see how a in an element of soil below the 
groundwater table is distributed between the solid particles and the pore water. As 
discussed earlier, the portion carried by the solid particles is known as the effective stress, 
a', while the portion carried by the pore water is equal to the pore water pressure, u. 

Under most unconfined hydrostatic conditions, we can compute u below the 
groundwater table using Equation 7.7. Then, we can compute the effective stress using: 

or 

where: 
a,' =vertical effective stress 
a, = vertical total stress 
u = pore water pressure 

1 a. a -u z 

(10.32) 

(10.33) 

If only geostatic stresses are present, we can combine Equations 10.9 and 10.33 to 

produce: 

(10.34) 

Note how the distribution of force between the solids and water is not proportional to their 
respective cross-sectional areas. 

lf both geostatic and induced stresses are present, then: 

1 ~ ~ H + ~ (a ). - u a¡ L..t y L..t l mduced (10.35) 

The first two terms in Equation 10.35 are a restatement of the principie of 
superposition. Notice how we apply this principie to the total stresses, and then subtract the 
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pore water pressure to find the effective stress. Do not attempt to combine effective stresses 
using superposition. 

Example 10.6 

Using the results from Example 10.1, compute a; at Point A in Figure 10.7. 

Commentary 

f 

u = y w zw 

= (9.8kN/m3)(6.1 m) 
= 60kPa 

a, = a, -u 
= 134kPa - 60kPa 
= 74 kPa .... Answer 

A vertical compressive stress of 134 kPa is present at Point A, 74 kPa of this stress is 
being carried by the solid particles and 60 kPa by the pore water. 

The principie of effective stress is the key to understanding many aspects of soil 
behavior. In the following chapters we will see how settlement and strength analyses are 
normally based on effective stresses, not total stresses. 

Horizontal Effective Stress 

The horizontal effective stresses, o,' anda/ , are related to the horizontal total stresses as 
follows: · 

f 
a,, 

a -u 
X 

a -u y 

(!0.36) 

(10.37) 

If multiple sources of stress need to be combined, do so by using superposition with 
the total stresses, then subtract the pore water pressure. 

The ratio of the horizontal to vertical effective stresses is defined as the coefficient of 
lateral earth pressure, K. For geostatic stresses beneath a leve! ground surface, we normal! y 
assume K in the x direction is equal to that in the y direction: 



340 Stress Chap. 10 

K (10.38) 

However, if the ground surface is inclined, or if induced stresses are present, K may be 
different in the x and y directions. The value of K varies from about 0.3 to 3. We will 
discuss methods of evaluating it in Chapter 16. 

Values of K normally reflect the existing or pre-construction condition. lf a new load, 
such as that from a foundation, is to be applied, K will usually change because of the 
índuced horizontal and vertical effective stresses. Depending on the type of load, K in the 
x direction al so may be different than in the y direction. This can cause sorne confusion 
when solving stress problems, because the given K may only be used to evaluate the pre
construction stresses. Exarnple 10.7 illustrates the proper way to sol ve such problems. 

Example 10.7 

A proposed vertical point load of 90.0 k is to be applied to the ground surface 3.0 ft south and 
4.0 ft east ofPoint A in Figure 10.15. Compute all ofthe total and effective stresses acting on 
the vertical and horizontal planes at Poínt A. Consider both the geostatic and induced stresses, 
and use a coordinate system with the x and y axes oriented in the east and north directions, 
respectívely. 

Note: The x and y axes do not always need to be aligned with cardinal compass directíons. 
Often it is more convenient to orient them parallel and perpendicular toa proposed structure or 
slope. 

Solution 

Geostatíc stresses (initial condition): 

(J. = L y H ~ (1 061b/ft 3)(3 ft) + (11 o lb/ft 3)(1 ft) + ( 112 lb/ft 3)(2 ft) = 652 lb/ft 2 

U = Y wZw (62.4 lb/ft 3)(2 ft) 125 lb/ft 2 

o~ = o, - u = 652lb/ft 2 - 125Ib/ft 2 = 527lb/ft 2 

a~ = a~. = K a; = (0.68) (527 lb/ft 2) = 3581b/ft 2 
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90.0k 

. . 
-:. : . .. 

. . . . .. 
.· ::.- :-_-:-ydl2ibift3 :·-_ : .- :: . . 

·.·. T .. · .... ·· é-A . K =0.68 .· 
: . : . ~ .... ' . . . . . 

. ·. V= 0.45 . 

Figure 10.15 Cross-section for 
Example 10.7. 

<Jx = (JY = (J~ + U = 358 Jb/ft 2 + 125 Jb/ft 2 = 483Jb/ft 2 

Since the ground surface is horizontal: 

1: =1: = 1: =1: =t =t =0 
R a ~ zy ~ p 

lnduced stresses: 

Using the Boussinesq equations: 

x1 =- 4ft y1 =3ft 'i =6ft 

R = ~x) +y}+ z) = V< -4.0)2 + 3.& + 6.02 = 7.81 ft 

r = ~x) +y} = V( -4.0)2 + 3.02 = 5.0 ft 

. . . 
. . . . 
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= 90,000 [3<-4.of c6.o) _ <1 _ 2(0_45)) ( C-4.0)2 - (3.0)2 
+ (3.WC6.o) )] 

21t 7.815 (7.81)(5.0)2(7 .81 + 6.0) (7.81 )\5.0)2 

= 1321b/ft 2 

2 [ 2 2 2 ll p 3)j Z¡ Y¡ - x1 x1 z1 o = - -- - (1 - 2v) + - -

' 21t R 5 Rr 2(R + z¡) R 3r 2 

= 9o,ooo [ 3(3.o)
2
(6.o) _ <1 _ 2 <0 A5>> ( (3.0)

2
- e -4.W + e -4.0)2 (6.0) ) l 

211 7.815 (7.8l )(5.W(7.81 + 6.0 ) (7.8 1)\5.0i 

= 72lb/ft 2 

3 
3Pz1 o = -- = 

z 2rr R 5 
3 <90,000) C6.W = 319tbtft2 

21t (7.81)5 

-r = --r = 3Pz}x1 = - -r = 3(90,000)(6.0)
2
(-4.0) = - ll3lb/ft 2 

u xz 21tR s xz 21t(7.81)s 

"xv = -< .., = ~¡3x¡Y¡Z¡ _ (1 _ Zv)[ (2R + 2)x1ylll 
· ' 21t R 5 (R + zj)R 3 

= 90,000 [3( -4.0)(3.0){6.0) - (1 - 2(0.45))( (2 (7.81)+2)( -4.0) (3.0)) ] 
27t 7.815 (7.81 + 6.o2 ) (7.81)3 

= -92lbfft 2 

-r = _, = 3Pz}y1 = - -e = 3(90,000)(6.W(3.0) = 1601b/ft 2 

zy yz 21tR 5 yz 21!(7.81)5 
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Overall stresses (by superposition): 

ox = 483lb/ft 2 + 132lb/ft 2 = 615lb/ft 2 
- Answer 

o y = 483 1b/ft 2 + 72 Jb/ft 2 
= 555 lb/ft 2 = Answer 

o z = 652 lb/ft 2 + 319 lb/ft 2 
= 97llb/ft 2 = Answer 

o
1 = a -u = 615 lb/ft 2 - 125 lb/ft 2 = 490lb/ft 2 

- Answer 
X X 

oy1 = a - u = 555 1b/ft 2
- 125lb/ft 2 = 430lb/ft 2 

- Answer 
y 

o1 = a - u = 971 lb/ft 2 
- 125 1b/ft 2 = 8461b/ft 2 

- Answer z z 

_, -213lb/ft 2 
xz = Answer 

-· -921b/ft
2 

yx - Answer 

= Answer 

Notes: l. The K value given in the problem statement was applied only to the inítial 
conditions, which in this case consisted of the geostatic stresses only. It wou1d 
not be correct to apply this K to the o_' = 846 lb/ff value, because it represents the 
proposed condition. 

2. We compute the proposed stresses by first combining the geostatic and induced 
total stresses by superposition, then subtracting the pore water pressure. 

Stresses Beneath Bodies of Water 

Sometimes geotechnical engineers need to compute stresses in soils beneath bodies of water, 
such as lakes, rivers, or oceans. For example, this might be necessary while designing the 
foundation for a bridge, or when evaluating the stability of a slope that extends underwater. 
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Although tbis case appears confusing at first, it is really quite simple: The body of water 
makes equal contributions to total stress and pore water pressure, but no contribution to 
effective stress in the soil below. An easy way to remember is to simply think of tbe body 
of water as a "soil" with a unit weight equal to y ... 

Stress Conditions with Negativa Pore Water Pressures 

Most geotechnical analyses assume the pore 
water pressure above the groundwater table 
is zero. Thus, according to Equation 10.32, 
the effective stress equals the total stress. 
However, this is a simplification of the 
truth. In reality, these soils general! y ha ve 
negative pore water pressures(also known 
as soil suction), which means the effective 
stress is greater tban the total stress. 

Within the zone of capillary rise, the 
pore water pressure may be computed using 
Equation 7.7, except z., is now negative. 
This produces a negative u, as shown in 
Figure 10.16. In other words, the pore 
water in this zone may be visualized as a 
column of water held in tension by the 
capillary forces. Above the capillary zone, 
where the degree of saturation falls well 
below 100%, the pore water collects into 
small drops adjacent to the particle contact 
points as shown in Figure 10.17. Surface 
tension forces develop between this water 
and the particles, creating tensile forces 
(negative pore water pressures) in the water. 
The transition between these two zones is 
often poorly defined. 

Negative pore water pressures can be 
measured in-situ or in the laboratory using 
a variety of techniques (Fredlund and 
Rahardjo, 1993), and these measurements 
have been used to develop more rational 
explanations of soil behavior above the 
groundwater table. These techniques are 
especially helpful in understanding soil 
strength issues, as discussed in Chapter 13. 

Figure 10.16 Within the zone of capillary rise, a plot of 
pore water pressure vs. elevation is simply an extension 
of the plot below the groundwater table. Above the 
zone of capillary rise, the pore water accumulates near 
the particle conta<} points and surface tension forces 
develop betweelrthese pock.ets of pore water and the 
adjacent sol id particles. 'These forces produce tensile 
stresses (negative pore water pressures) in the water. 
The magnitude of the negative pore water pressures in 
this zone depeods on the soil type and other factors , 
and can be much greater (i.e., more negative) than 
those in the capillary zone. 
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Figure 10.17 Above the capillary zone, the pore 
water retreats to the particle contact points. Surface 
tension forces develop between this water and the 
solid particles, produc ing a negative pore water 
pressure. 

10.8 Develop a plot of o ,, u, ando,' vs. depth for the soil profile in Figure 10.7. Consider depths 
from O to lO m, as sume hydrostatic conditions are present, and as sume u = O abo ve the 
groundwater table. Plot depth, z. on the vertical axis, with zero at the top and increasing 
downward. This method of plotting the data is easier to visualize, because depth on the plot is 
comparable to depth in a cross-section. 

10.9 Compute the values of o,, o; , o,, o,', and -.,. at Point B in Figure 10.7. The coefficient of 
lateral earth pressure in the SM soil is 0.60. 

10.10 According to an in-situ soil suction measurement, the pore water pressure at Point C in 
Figure 10.7 is -5.0 kPa. Compute the vertical effective stress at this point. 

10.11 A vertical point load Pis to be applied toa leve] ground surface. The underlying soil has the 
foUowing pre-construction characteristics: 

Groundwater table: 5.5 ft below the ground surface 
Unit weight above the groundwater table = 121lb/ft3 

U nit weight below the groundwater table = 124 Jb/ft 3 

K=0.87 
V =0.33 

The horizontal total stress, o., ata point 8ft below the ground surface and 3ft east of the point 
of load appUcation must not exceed 1000 lb/ff. Compute the maximum allowable value of P. 

10.8 PROGRAMS STRESSP, STRESSL, STRESSR, ANO STRESSC 

A geotechnical analysis software package has been developed specifically for this book. 
This software package includes four programs that compute stresses in the ground. All of 
the programs compute the geostatic stresses using the techniques described in this chapter, 
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but each program computes induced stresses differently, depending on the type of Ioading 
condition: 

• Program STRESSP computes the stresses ata point in the ground beneath a point load. 
1t uses Equations 10.11-10.16 to compute the induced stresses. 

• Program STRESSL computes the stresses at a point in the ground beneath a line load. 
This line load may have any length and may be oriented in any compass direction. 
lt divides the significant portions of the line load into 200 elements, replaces each 
element with an equivalent point load, computes the induced stresses from the point 
loads using the Boussinesq method, then adds them using superposition. 

• Program STRESSR computes the stresses at a point in the ground beneath a rectangular 
load. This load may ha ve any specified dimensions and be at any location, so long as 
the sides are aligned with the x and y axes. The program divides the significan! 
portions of the rectangle into 2500 elements, replaces each element with an equivalent 
point load, computes the induced stresses from the point loads, and adds them using 
superposition. 

• Program STRESSC computes the stresses at a point beneath a circular load of any 
diameter and location. It uses the same computational technique as STRESSR 

To use these programs, you must first download the software from the Prentice Hall 
website and install it onto a computer, as described in Appendix C. Then, select the desired 
program from the main menu and input the data using the following procedure: 

l. Select the unit system (SI or English) 
2. Fill in the soil profile tableas necessary. If only one stratum is present, just enter its 

description (i.e., Silty clay) and its unit weight in the uppermost boxes and lea ve the 
remaining boxes empty. If additional strata are present, enter the appropriate depths 
to the strata interfaces and the descriptions and unit weights. Keep in mind the z 
coordinate increases with depth, as shown in Figure 10.1 

3 . Enter the depth from the ground surface to the groundwater table. Ifthe groundwater 
is very deep, just en ter a very large value. 

4. Fill in the boxes that describe the applied load. You may use any origin for the x and 
y axes, but the z axis is always zero at the ground surface. 

5. Fill in the boxes that describe the location and soil properties at the point where the 
stresses are to be computed. 

Then, click on the CALCULA TE button to perform the computations. The results are shown 
on the screen, and printouts may be obtained by clicking on the PRINT button. 

These programs eliminate the tedium of solving complex stress analysis problems. 
They also provide a fast and easy means of conducting parametric studies. 

Example 10.8 

A proposed 3.0 m tall retaining wall with a leve] backfill, along with a proposed 350 kN vertical 
point load are shown in Figure 1 0.18. The groundwater table is very deep. U sing program 
STRESSP, develop a plot of the earth pressure cr , along the back of the wall. 
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Solution 

To sol ve this problem place all of the dimensions and soil properties inlo Program STRESSP, 

then compute the stresses at a series of x, y, z points along the back of the wall. Figure 10.19 
shows a STRESSP screen from one of these computations. The results are shown in Figure 
10.18 . 

. r 

T 
3.0m 

350kN 

l 
(m) 

Figure 10.18 Cross-section and solution for Example 10.8. 

Figure 10.19 STRESSP screen for one of the computations for Example 1 0.8. 

Cbapter 16 discusses lateral earth pressures in mucb more detail, including methods of 
selecting K. 
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The wall is stiffer than the backfill soils, so the requirement for homogeneity described 
in Section 10.1 has technically not been satisfied. However, if the backfill is well compacted, 
this analysis procedure appears to provide sufficiently accurate results (Bowles, 1996). 

QUESTIONS ANO PRACTICE PROBLEMS 

10.12 Use Program STRESSP to salve Example 10.7. 

10.13 A 21.0 m diameter oil tank is to be built on a soil that has y = 18.4 kN/m ~ K= 0.60, and 
v = 0.40. The tank and its contents have a total mass of3.70xHf kg, and the bottom ofthe tank 
is flush with the ground surface. The groundwater table is at a great depth. Use program 
STRESSC to compute ax, o/, o_.., o,', o,, a; , ' "' t,..., and tZJ. at the following two points: 
a) 8.0 m below the center of the tank, and b) 8.0 m below the east edge of the tank. Use a 
coordinate system with the origin at the center of the tank, x positive to the east, and y positive 
to the north. 

10.14 Use program STRESSR to sol ve Example 10.5. Use v = 0.30 and K= 0.65. 

10.15 A proposed 5 ft x 5 ft spread footing foundation will support an office building. The column 
load plus the weight of the foundation will be 80 k, and the bottom of the foundation will be 
2ft below the ground surface. The unit weight ofthe soil is 121 lb/ft3

, v = 0.35 and K= 0.83, 
and the groundwater table is ata great depth. Using program STRESSR, develop a plot of the 
induced o, below the center of this foundation vs. depth. Consider depths from the bottom of 
the footing to 15ft below the bottom ofthe footing. 

10.9 MOHR'S CIRCLE ANALYSES 

So far we have considered only the stresses acting on vertical and horizontal planes. 
However, sorne problems may require computation of the stresses acting on other planes. 
For example, the reduction of data from certain laboratory tests, such as the triaxial 
compression test, requires such computations. We can obtain these stresses using a 
graphical representation called a Mohr 's eire/e, which was developed by the German 
engineer Otto Mohr (1835-1918). 

A Mohr's circle describes the two-dimensional stresses ata point in a material. It 
considers the stresses acting on each side of a two-dimensional element and plots them on 
a a vs.-,; diagram, as shown in Figure 10.20. Each point on the circle represents the normal 
and shear stresses acting on one side of an element oriented at a certain angle. For example, 
in this Mohr' s circle Points A and B represent (a,, •,.) and (a~, •xz), which are the stresses 
acting on an element aligned with the x and z axes, while Points e and D represent the 
stresses on an element oriented as shown. 

Notice how the angle between two points on a Mohr' s circle, 28, is exactly twice the 
angle 6 between the planes they represent. For example, Plane e in Figure 10.20 is oriented 
at an angle e counter-clockwise from Plane E, so the point on the Mohr' S circle that 
represents Plane e is at an angle 28 counter-clockwise from the point that represents 
PlaneE. 
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Principal Stresses 

If the soil element is rotated to a certain angle, the shear stresses will be zero on all four 
sides. The planes on each si de of this element are represented by Points E and F. and are 
known as principal planes. The stresses acting on them are known as p rincipal stresses. 
The major principal stress, al' also is the greatest normal stress that acts on any plane. ~-triJe 
the minar principal stress, a 3, is the smallest normal stress that acts on any plane. These 
two stresses act at right angles to each other. If we were conducting a three-dimensional 
analysis, there also would be an intermediate principal stress, o 2' which acts at right angles 
to both a 1 and ay However, the vast majority of geotechnical analyses do not explicitly 
consider o 2• 

T 

Tension Compression 

(t:Tx, Txz) 

Figure 10.20 Mohr' s circle in x-z space. 

The magnitudes of o 1 and a 3 are: 

t:T[ (7 

(10.39) 
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The angle between o, and o 1 is: 

where: 
0 1 "'major principal stress 
o3 "' minor principal stress 
ox"' horizontal stress 
o, "' vertical stress 
'zx"' shear stress acting on a horizontal plane 
8,"' angle between o, and 0 1 

Stress Chap. 10 

(10.40) 

(10.41) 

As discussed earlier, when the ground surface is level, the geostatic shear stresses on 
the vertical and horizontal planes are all zero. Therefore, these are the principal planes and 
the geostatic principal stresses act vertically and horizontally. lf ox <o,, which is the most 
common case, then o 1 "" o, and o3 ::;; ox. Conversely, if ox >o,, then 0 1 "'ox and o3 "'o,. 
However, the principal stresses due to induced loads can act in any direction. For example, 
Figure 10.21 shows the induced principal stresses beneath a circular loaded area. 

Usually we are most interested in the Mohr's circle that represents the combined 
effects of both the geostatic and induced stresses. To develop such a circle, compute the 
geostatic ax ando, and the induced ax, a,, and •zx• then add them by superposition and use 
the combined values to develop the Mohr' s circle. Do not attempt to combine o 1 or o 3 

values by superposition. 

Stresses on Other Planes 

Once we ha ve constructed the Mohr' s circle that represents the stresses ata point in the soil, 
we can obtain the normal and shear stresses that act on any plane through that point. This 
could be done graphically by drawing the Mohr' s circle to scale, but it is generally easier 
to use the circle simply as a graphical representation and perform the computations using 
the following equations: 

o 
o1 +o3 o1 -o3 
--- + --- cos 28 

2 2 
(10.42) 
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Figure 10.21 Principal stresses beneath a circular loaded area. 
The long and short lines indicate the major and minor principal 
stresses, respective! y, and their lengths are proportional to their 
magnitudes. This diagram reflects only the induced stresses, and 
is based on v ~ 0.4. 
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(10.43) 

' 

' 

The greatest shear stress, • max' occurs on the planes represented by points G and H. in 
Figure 10.20. These planes are oriented at 45 o angles from the principal planes, and the 
shear stress acting on them is equal to the radius of the Mohr' s circle: 

where: 
a = normal stress acting on a particular plane 

a 1 = major principal stress 
a 3 = minor principal stress 

t = shear stress acting on a particular plane 

(10.44) 
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'tmax = maximum shear stress acting on any plane 
e= angle from 0 1 toO (clockwise ÍS positive; counterclockwise ÍS negative), as 

shown in Figure 10.20 

Use the following procedure to compute the stresses on a given plane: 

l. Draw a soil element that is aligned with the x and z axes. 
2. Compute o_,. o,, 't x<' and -r zx and mark these stres ses on the soil element. 
3. Plot the points ox, 'xz• ando,, 'zx on a o, 1" diagrarn, then use these points to draw the 

Mohr' s circle. The center of the circle is at o = (o,+ o )12. 
4. Use Equations 10.39 and 10.40 to compute~ 1 and o3• 

5. Use Equation 10.41 to compute the angle e, between o, and o 1• 

6. Compare the positions of the points on the Mohr's circle that represento ,ando 1 to 
determine if e z extends clockwise or counter-clockwise from oc 

7. Draw another soil element that is rotated at an angle e Jrom the first soil element. 
The sides of this element are the principal planes. Mark the stresses o 1 and o 3 on this 
soil element. Since the sides of this element are the principal planes, the shear stresses 
are zero. 

8. If the value of '= is required, it may be computed using Equation 10.44. 1t acts on 
planes oriented ±45 o from the principal planes. 

9. Draw a third soil element with one of its sides oriented in the direction of the plane 
on which the stresses are to be computed. Mark the stresses o and • on this element. 

10. Determine the angle e between o and o!> then locate the point on the Mohr' S circle 
that represents the plane. This point is located at an angle 26 from the point that 
represents o 1• Be sure to follow the sign convention described earlier: angles 
measured clockwise from o 1 are positive, while those measured counterclockwise are 
negative. 

11. Use Equations 10.42 and 10.43 to compute o and 't. 

Example 10.9 

The vertical and horizontal stresses ata certain point in a soil are as follows: 
CJx = 21 00 Jb/ft2 

a, = 3000 lb/fe 
t"' = -300 lb/fe 

a. Determine the magnitudes and directions of the major and minor principal stresses. 
b. Determine the magnitude and directions of the maximum shear stress. 
e. Determine the normal and shear stresses acting on a plane inclined at 35 o clockwise from 

the x axis. 

Solution 

a. See Figure 10.22. 
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a, = 3000 

l Tzx = -300 

cr, ~ 2100 -10~-
T 

17 35 y(J = 2419 

p~m 
O"[= 3091 

T 

(J" 

Figure 10.22 Mohr's circle and soil elements for Example 10.9. 

(} ... (J 
_x __ z + 

2 

2 100 ... 3000 
+ 

2 
= 3091lb/ftl 

r 2100; 3000 r ... 3002 

= Answer 

(J + (J 
X z 

2 

= 2100 + 3000 - [ 2100 - 3000]
2 

... 3002 

2 . 2 
= 2009 lb/ft2 

- Answer 
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= -cos = -cos El 1 -l( 2o,- 01-OJ) 1 -l( 2(3000)- 3091 - 2009) 
' 2 o1 -o3 2 3091-2009 

17° 

This equation does not give the sign for e,. However, based on this value of El, and the 
relative positions of o1 ando, on the Mohr's circle, we can determine the major principal 
stress acts atan angle of 17° counter-clockwise from the vertical. 

b. The maximum shear stress, tmax occurs on the planes represented by the top and bottom 
ofthe Mohr's circle. 

2 
3091 -2009 

2 
= 541lb/ff - Answer 

This stress acts on planes oriented ±45 o from the principal planes. These planes are 
17 + 45 = 62 o counter-clockwiseand 17 - 45 = 28° clockwise from the vertical 

c. The p1ane on which we wish to compute o and -r is oriented at an ang1e of 35 o clockwise 
from the horizontal. Therefore, the o acting on thís plane is oriented 35 o clockwise from 
the vertical, as shown in the soil elements in Figure 10.22. Since o 1is oriented 17° 
counter -clockwise from the vertical, e = -17 - 35 = -52 o. N o te that e has a negati ve 
value because o is located clockwise from o 1• 

o+o o- o o = _1 __ 3 + _1 _ _ 3 cos28 
2 2 

= 3091 + 2009 + 3091 - 2009 cos [2 (-52)] 
2 2 

= 2419 Ib/ff - Answer 

o -o 
-r = -

1
--

3 sin28 
2 

3091 - 2009 sin [2( - 52)] 
2 

-525 lb/ff - Answer 

Mohr's Circles for Effective Stress 

The Mohr's círcle for effective stress is the same diameter as that for total stress, but it is 
offset horizontally by a distance equal to the pore water pressure, as shown in Figure 10.23. 
Notice how the shear stress on a given plane has the same value on both circles. This is 
because the pore water cannot carry a static shear stress, so the solid particles must carry all 
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of the shear stress. In other words, the principie of effective stress applies only to normal 
stresses, not to shear stresses. 

Figure 10.23 Mohr' s circles for total 
and effecti ve stresses. 

T 

QUESTIONS ANO PRACTICE PROBLEMS 

O"¡ 

10.16 The majar and minar principal stresses ata certain point in the ground are 450 and 200 kPa, 
respectively. Draw the Mohr's circle for this point, compute the maximum shear stress, 
'""'"' and indicate the points on the Mohr's circle that represent the planes on which t""" acts. 

10.17 The stresses at a certain point in the ground are o , = 2 1 O kPa, o,= 3 7 5 kPa, and ' "= 7 5 kPa. 
Draw the Mohr's circle for this point, then compute the following: 

a. The magnitudes and directions of the principal stresses. 
b. The magnitude and directions of the maximum shear stress. 
c. The normal and shear stresses acting on a plane inclined 55° clockwise from the 

horizontal. 

10.18 The majar principal stress at a certain point is 4800 lb/ft 2 and acts vertically. The minar 
principal stress is 31 00 Jb/ft2

• Draw the Mohr's circle for this point, then compute the normal 
and shear stresses acting on aplane inclined 26° counter-clockwise from the horizontal. 

10.19 Use the "overall stresses" data in the x-z plane from Exarnple 10.7 to perform the following 
computations: 

a. Draw the Mohr's circles for total and effective stresses for this point and identify the 
locations on the circle that represent the vertical and horizontal stresses. 

b. Compute 0 1, o3, o1 ', o3 ', and tmax. 

c. Determine the angle between the majar principal stress and the vertical, then prepare as 
a sketch showing the orientation of the majar and minar principal stresses with respect 
to the vertical. 

d. Compute cr, o', and T that act on aplane inclined atan angle of 45°clockwise from the 
horizontal. 
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10.10 SEEPAGE FORCE 

Thus far, the analyses in this chapter have considered only the case where the groundwater 
is nearly stationary. However, if the groundwater is moving, it imparts a drag force, called 
a seepage force on the so lid particles: 

j Í Yw 

where: 
j = seepage force per unit volume of soil 
i = hydraulic gradient 

y w = unit weight of water 

(10.45) 

For example, if water is flowing through a certain soil with a hydraulic gradient of 0.15, the 
seepage force will be equal to (0.15)(9.8 leN/m) = 1.5 kN/m3 and will act in the same 
direction the water is flowing. 

The hydraulic gradient in soils is usually small enough that seepage forces may be 
ignored. However, seepage forces can be important if the water is flowing upward with a 
large i, as shown in Figure 10.24. This is because the seepage force now acts in the opposite 
direction of gravity, and thus reduces the effective stress. In this case, Equation 10.34 may 
be rewritten as: 

Figure 10.24 Forces acting on an 
element of soil when the seepage forces 
are acting vertical! y upward. 

o~ ~ L [(y - j)H ] - u 

t Seepage 
jV 

(10.46) 
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Thus, if the groundwater is flowing upward with a sufficiently large hydraulic 
gradient, the vertical effective stress can drop ro zero. If this occurs in a sandy soil, tbe 
shear strength also drops to zero, thus producing a condition called quicksand. We ~ill 
discuss this phenomenon in Chapter 13. If the seepage forces are so large that the computed 
vertical effective stress falls below zero, the soil experiences a tensile failure and mo\·es 
upward. This phenomenon is called heave, and can be disastrous, as illusrraled in 
Example 10.1 O. 

Seepage forces also may be important in sorne slope stability problems, especially if 
the groundwater is flowing toward the slope face and the hydraulic gradient is high. 

Example 10.1 O 

The soil beneath the excavation in Figure 8.6 has a unit weight of 105 lb/ft: Evaluate the 
potential for heave in the soils immediately below the excavation. 

Solution 

The flow at Point B is upward, so the seepage force also acts upward. Each equipotential drop 
represents a head loss of t:.h/N0 = 20.0 ft/12.6 = L59 ft. The equipotentiallines in the vicinity 
of Point B are about 2. O ft apart. Therefore, the hydraulic gradient in the vicinity of Point B is: 

dh 

dl 

-1.59 
2.0 

0.80 

j iyw = (0.80)(62.4Jb/ft 3
) = 50 Jb/ft 3 

The groundwater table inside the excavation is at the ground surface, so: 

u = YwH = 62H 

o~ = L [(y - j)H] -u 

= (105 - 50)H- 62H 
<0 

In this case, the seepage forces are sufficient to drop the computed vertical effective stress 
below zero. Since soil (especially sands) cannot sustain tensile stresses, this analysis indicates 
the seepage forces will result in an upward heave ofthe soils immediately below the excavation. 
This, in turn, would cause the sheet piles to move inward and the excavation to collapse. Such 
failures happen very suddenly, and have been the cause of serious injury and death, as well as 
significan! property damage. 



358 Stress Chap. 10 

Problems with heave, such as the one described in Example 10.10, can be avoided by 
keeping the vertical effective stress well above zero. We accomplish this by maintaining 
the hydraulic gradient at acceptably low values (perhaps by extending the sheet piles or 
installing dewatering wells), or by covering the excavation with a highly pervious surcharge 
fill, such as gravel, which adds to the total stress, but does not contribute significantly to the 
seepage force. 

10.11 STRESSES IN LAYERED STRATA 

The beginning of this chapter included a list of several simplifying assumptions that have 
govemed the remainder of our discussions. One of these stated the ground is homogeneous, 
which in this context meant the modulus of elasticity, E, shear modulus, G, and Poisson's 
ratio, v, are constants. Although this is an acceptable assumption for many soil profiles, 
sometimes we encounter conditions where some strata are significantly stiffer than others. 
Therefore, we need to understand the impact of such differences, and in some cases be able 
to quantífy them. 

One common condition consists of a soil layer underlain by a much stiffer bedrock 
(E

1 
< E2 ) as shown in Figure 10.25. In this case, there is less spreading of the load, so the 

induced stresses in the soil are greater than those computed by Boussinesq. Conversely, if 
we ha ve a stifflayer underlain by a softer soil (E 1 > E 2), the load spreading is enhanced and 
the induced stresses are less than the Boussinesq values. 

p 

Induced cr, 

Figure 10.25 Distribution of induced o, with depth in layered profiles. 

Sometimes we can use this behavior to our advantage, such as with highway 
pavements. The pavement and the underlying aggregate base course are much stiffer than 
the soils that support them, so they spread the wheelloads over a larger area of soil. This 
decreases the induced stresses, and thus enhances the soil's load-carrying capacity. 



Sec. 10.12 Stress Paths 359 

10.12 STRESS PATHS 

Geotechnical engineers have discovered that soil behavior depends not only on the current 
stresses, but also on stresses that were present in the past. For example, a certain point in 
soil where o,= 100 kPa may have a coefficient of lateral earth pressure, K, of 0.65. But, if 
we increase o, to 500 kPa, then reduce it back to 100, the K value will become substantially 
higher than 0.65, even though o , is back to its original value. We can think of the soil as 
having a memory. 

We can evaluate these effects by keeping track of the changes in stress with time 
through the use of stress paths. A study of these stress paths is beyond the scope of this 
book, but forms an important part of advanced studies in soil mechanics (see Holtz and 
Kovacs, 1981). 

SUMMARV 

Major Points 

l. Soil and rock are much more complex than traditional engineering materials, so a true 
mathematical model to describe the propagation of stresses would be far too difficult 
to use in practice. Therefore, we treat soil and rock as if they were continuous, 
homogeneous, isotropic, linear elastic materials. The error introduced by these 
simplifying assumptions is acceptably small for most practica] analyses. 

2. Our analyses consider both normal stress, o, and shear stress, -e, but we use a sign 
convention opposite that of most engineers: Compression is positive and tension is 
negative. 

3. Although we can keep track of stresses in all three dimensions, thus performing a 
three-dimensional analysis, many problems can be simplified by using two
dimensional or even one-dimensional analyses. 

4. Stresses in the ground come from two kinds of sources: geostatic stresses are those 
dueto the weight of the ground itself, while induced stresses are dueto externa] loads. 

5. A series of formulas ha ve been developed to compute induced stresses. In sorne cases 
they may be used directly. We also use simplified formulas, chart solutions, and 
numerical solutions. 

6. We normally compute geostatic and induced stresses separately, then combine them 
using superposition. 

7. Total stress is the compressive stress acting in a certain direction ata certain point. 
The portian of this stress that is carried by the solid particles is called the effective 
stress. The remainder is carried by the pore water, and is called the pore water 
pressure. The concept of effective stress is very important, and many geotechnical 
analyses use it. 

8. The coefficient of lateral earth pressure, K, is the ratio of the effective horizontal 
stress to the effective vertical stress. 

9. When evaluating stresses in ground below bodies of water, simply treat the water as 
if it were a "soil" with a unit weight equal to y w· 
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10. A Mohr' s circle may be used to compute the stresses acting on planes other than the 
horizontal and vertical. The Mohr' s circle for effective stress has the same diameter 
as that for total stress, but it is offset by a distance equal to the pore water pressure. 

11. The major principal stress at a point in the ground is the maximum normal stress 
acting on any plane through that point. The rninor principal stress is the smallest 
normal stress acting on any plane through that point. 

12. When groundwater is flowing through a soil, it imparts a seepage force which can 
alter the effective stress. This is especially problematic when the flow is upward, 
because the effective stress is reduced, possibly producing problems with quicksand 
orheave. 

Vocabulary 

analytic solution 
area load 
bearing pressure 
body stress 
Boussinesq's method 
coefficient of lateral earth 

pressure 
compression 
continuous material 
effective stress 
geostatic stress 
heave 
homogeneous 
incompressible 
induced stress 
infinite elastic half-space 

isotropic 
intermediate principal stress 
lineload 
major principal stress 
minor principal stress 
modulus of elasticity 
modulus of rigidity 
Mohr' s circle 
normal strain 
normal stress 
numerical solution 
point load 
Poisson's ratio 
pore water pressure 
pressure bulb 
principal planes 

principal stresses 
seepage force 
shear modulus 
shear strain 
shear stress 
soil suction 
strain 
stress 
stress bulb 
s ess paths 
su wosition 
tensio 
total stre 
Westergaard's method 
Young' s modulus 

COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

Figure 10.26 Soil pro file for Problem 1 0.20. 

f 

10.20 Using K;;:: 0.61 and assuming the major principal stress acts vertically, compute the following 
at Point A in Figure 10.26. 
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a. o.r,oz,O/,a_/,o1,o3,o1' ,o3',u 
b. Mohr' s circles for total and effective stresses 
c. a, a', and -r on the plan e shown in the figure 

10.21 The data in the following table were obtained from three borings at a certain si te. The ground 
surlace is leve!, and the groundwater table is ata depth of 3.7 m below the ground surface. 

Develop a representative one-dimensional design soil pro file for this si te, similar to the 
one in Figure 3.38. Then develop plots of total vertical stress, pare water pressure, and 
effective vertical stress vs. depth. All three plots should be superimposed on the same diagram, 
with the vertical axis (depth) increasing in the downward direction. 

To develop the one-dimensional design soil profile, convert the information from the 
tab\e into three boring logs. Then compare these logs, looking for similar soil types, and 
combine them into a single representative profile. Then use the y d and w values to compute the 
average unit weight for each strata. Keep in mind that computations of the total stress are based 
on the unit weight, y, not the dry unit weight, y d · 

Boring Depth Soil Cl assification Dry Unit Weight Moisture Content 
(m) (kN/m3

) (%) 

0.6 Medium sand (SP) 18.1 8.2 

1.2 Fine to medium sand (SW) 17.9 8.0 

2.1 Medium sand (SP) 18.7 8.9 

2.7 Silty sand (SM) 18.4 10.3 

3.3 Silty sand (SM) 18.5 ll.O 

4.3 Sandy grave] (GW) 19.6 12.0 

5.2 Grave] (GP) 19.9 11.4 

6.1 Sandy silt (ML) 17.1 19.5 

6.7 Silty clay (CL) 16.5 21.7 

1 7.6 Silty clay (CL) 16.3 22.0 

2 0.9 Fine sand (SP) 17.6 7.5 

2 1.5 Fine sand (SP) 17.4 9.1 

2 2.1 Fine to medium sand (SW) 18.7 9.5 

2 2.7 Fine sand (SP) 18.2 9.9 

2 3.7 Sandy silt (ML) 17.6 11.9 

2 4.9 Grave] (GP) 19.9 11.0 

2 6.1 Silt (ML) 16.2 22.8 

3 1.2 Fine to medium sand (SW) 18.2 8.0 

3 2.7 Silty sand (SM) 17.8 8.1 

3 4.3 Gravelly sand (SW) 19.2 13.4 

3 5.8 Silty clay (CL) 16.0 23.2 

3 7.3 Cla:r:~cq 15.4 25.9 



362 Stress Chap. 10 

10.22 A proposed spread footing foundation is to be built near an existing retaining wall as shown in 
Figure 1 0.27. lt will be 4.0 ft wide, 4.0 ft long, embedded 1.5 ft into the ground, and carry a 
vertical load of 55.0 k. Using program STRESSR, develop plots of the induced contact pressure 
a, acting on the wall at the following locations: 

• Immediately adjacent to the proposed foundation 
• 3.0 ft away from the centerline of the proposed foundation, as measured perpendicular 

to thi s cross-section 
• 6.0 ft away from the centerline of the proposed foundation, as measured perpendicular 

to this cross-section 
Assume the weight of the foundation is equal to the weight of the soil excavated to build it, and 
thus does not contribute to the induced stresses. 

Figure 10.27 Cross-section of retaining 
wall for Problem 10.22. 

T 
10.0 ft 

.. · 

.. _··.=_:; 

. Dense sand . 

. K= 0.60 
V= 0.30 
"Y.':"' 129lb/ft3 : ·. 

10.23 When combining stresses from multiple sources, Equation 10.35 instructs us to combine the 
total stresses using superposition, then subtract the pore water pressure. Why would it be 
incorrect to compute the various effective stresses, then combine them by superposition? 

10.24 An excavation similar to the one in Figure 8.6 has recently been constructed and dewatered. 
Unfortunately, this excavation is beginning to show signs of incipient heave and/or quicksand 
problems. An analysis similar to the one in Example 10.8 confirms that this is a potential 
problem. 

As an emergency measure, the contractor is proposing to remove the dewatering pumps, 
and fill the excavation with water. Evaluate this proposal and prepare a 200---300 word essay 
describing why this method would or would not provide temporary relief from the heave and 
quicksand problem. 

10.25 A point load and a square area load are to be applied to the ground surface as shown in 
Figure 10.28. Using Programs STRESSP and STRESSR and associated hand computations, 
develop a plot of a,' vs. depth below Point A. This plot should contain two curves: one that 
represents the pre-construction condition (i.e., without the applied loads) and one that represents 
the post-construction condition. Then develop a similar plot for a; vs. depth. Both plots 
should extend from the ground surface to the bottom of the fat clay stratum. 
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T 
- - 2.0m 

1 

Figure 10.28 Plan and profile view for Problem 10.25. 

10.26 A truck stop is to be built on a paree! ofland adjacent toa major highway. During the planning 
stage of this project, the engineers found an existing 6 ft by 6 ft concrete box culvert under the 
proposed truck parking area, as shown in Figure 10.29. The project engineer is concerned that 
the weight of the parked trucks may overstress it, and has asked you to compute the vertical 
pressures acting on the top of the culvert. The results of your analyses will be provided toa 
structural engineer, who will then develop shear and moment diagrarns and determine if the 
culvert can safely support the weight of the trucks. 

1 

a. Compute the vertical pressure acting on the top of the culvert due to the weight of the 
overlying soil without any trucks. This is the same as the geostatic vertical stress at this 
depth, and represents the current condition. Use a unit weight of 120 lb/frl and assume 
the groundwater table is at a depth of 45 ft 

b. Using program STRESSP, compute the vertical pressure acting on the top ofthe culvert 
due to the wheel loads from a parked truck. This is the same as the induced vertical 
stress in the soil. Base your computations on two axles 48 inches apart, with the truck 
aligned parallel to the culvert. Perform al! computations in the x-z plane of the ~t axle 
(i.e., y = O for the first axle, and y = 48 in for the second). Each axle carries a total 
vertical load of 18,000 lb, which is evenly divided among its four wheels. You may 
assume each wheel acts as a point load. Repeat this computation for various values of 
x along the top of the culvert, then present your results in the form of a pressure diagram. 
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c. Using superposition, combine the results from parts a and b. 

Note: The culvert is stiffer than the soil, so the Boussinesq solution gives an approximate 
solution to this problem. A more precise analysis would need to consider the ratio of modulii 
of elasticity in the soil and the culvert, and is beyond the scope of this book (see Poulos and 
Davis, 1974). 

Box culvert 

Figure 10.29 Existing box culvert below a proposed truck parking area. 

10.27 The excavation shown in Figure 10.30 is to be made in a river. When the normal water level 
is present in the river, the hydraulic gradient at the bottom of the excavation is low enough to 
provide a sufficient margin of safety against heaving and quicksand. However, if the river rises 
to the design flood leve), the hydraulic gradient will increase to 1.1, which will probably cause 
problems. 

To provide sufficient protection against heave and quicksand, a grave! blanket is to be 
placed in the bottom of the excavation. This grave!, which has a unit weight of 20.2 kN/m), will 
increase the effective stress in the underlying natural soils. However, because of its high 
hydraulic conductivity, the hydraulic gradient in the gravel wilJ be very small, so the seepage 
force will be negligible. Thus, the grave! blanket will help protect the excavation against heave. 
The design requires a vertical effective stress of at least 25 kPa in the upper 3 m of soil. 2 

Determine the mínimum required thickness of the gravel blanket. 

2 This requirement is for illustrative purposes only, and is not necessarily an appropriate criteria for actual 
design problems. 
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11 
Compressibility and Settlement 

Less than JO years ago the Foundation Committee of 
a well-known engineering society decided, at one of 
its meetings, that the word "settlement" should be 
avoided in public discussions, because it might 
disturb the peace of mind of those who are to be 
served by the engineering profession. 

Karl Terzaghi (1939) 

Many civil engineering projects include placing loads onto the ground, which produce 
corresponding in creases in the vertical effecti ve stress, o,'. These increases are important 
because they induce vertical strains, e •• in the soil, and thus cause the ground surface to 
move downward. We cal! this downward movement settlement. When settlement occurs 
over a large area, it is sometimes called subsidence. 

In a mechanics of materials course you learned that stresses in any material always 
produce strains. Therefore, whenever o ,' increases, there always will be a corresponding 
settlement, a. The issue facing a geotechnical engineer is not ifsettlements will occur, but 
rather the magnitude of these settlements and how they compare with tolerable limits. 

This chapter discusses the various factors that influence settlement and presents 
methods of predicting its magnitude. Chapter 12 continues these discussions and addresses 
the rate of settlement, and Chapter 17 applies these methods to the design of structural 
foundations. Engineers use the results of these settlement analyses to design structures and 
other civil engineering projects. For example, if the analysis indicated the weight of a 
proposed building would cause excessive settlement in the soils below, the engineer may 
decide to place the building on pile foundations that penetrate through the soft compressible 
soils to deeper, harder strata. 
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Case Studies 

Sorne of the most dramatic examples of soil settlement are found in Mexico City. Parts of 
the city are underlain by one of the most troublesome soils in any urban area of the world, 
a very soft lacustrine clay that was deposited in the former Lake Texcoco. Its engineering 
properties include (Hiriart and Marsal, 1969): 

Mositure content, w 
Liquid limit, w L 

Plastic limit, w P 

Void ratio, e 

Average 281%, maximum 500% 
Average 289, maximum 500 
Average 85, maximum 150 
Average 6.90 

A comparison of these values with the typical ranges described in Tables 4.5 and 4.8 
demonstrates that this is an extraordinary soil. For example, the very high void ratio 
indicates it contains nearly seven times as much water as solids! Another of its important 
properties is an extreme! y high compressibility. 

As the city grew, municipal water demands increased and many wells were installed 
through this clay and into deeper water-bearing sand layers. These activities resulted in a 
significant drop in .the groundwater levels which, as we will discuss later in this chapter, 
caused an increase in the effective stress. Because the clay is so compressible, and the stress 
increase was so large, the resulting settlements became a serious problem. Between 1898 
and 1966, parts of the city settled 6 to 7 meters (Hiriart and Marsal, 1969)! At times, the 
rate of settlement has been as great as 1 nun/day. Fortunately, Mexican geotechnical 
engineers, most notably Dr. Nabor Carrillo, recognized the connection between groundwater 
withdrawal and settlement, and convinced government authorities to prohibit pumping in 
the central city area. 

Figure 11.1 By 1950, the 
Palace of Fine Arts in 
Mexico City had settled 
about 3 m more than the 
surrounding streets. 

In addition to the widespread settlements due to groundwater withdrawal, local 
settlements also have occurred beneath heavy structures and monuments. Their weight 
increased the stress in the underlying soil, causing it to settle. One example is the Palacio 
de las Bellas Artes (Palace ofFine Arts), shown in Figure 11.1. It was built between 1904 
and 1934, and experienced large settlements even before it was completed. By 1950, the 
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palace and the immediately surrounding grounds were about 3 m lower than the adjacent 
streets (Thornley et al., 1955). As a result, it has been necessary to build stairways from the 
street down to the building area. 

As a result of these problems, geotechnical engineers in Mexico City have developed 
techniques for safely supporting large structures without the detrimental effects of excessive 
settlement. One of these, the 43-story Tower tatino Americana is discussed in Foundation 
Design: Principies a.nd Pra.ctíces (Coduto, 1999), the companion volume to this book. This 
building is across the street from the Palace of Fine Arts, and has been performing 
successfully since its completion in the mid-1950s. 

The Tower of Pisa in ltaly is another example of excessive settlement. In this case, 
one side has settled more than the other, a behavior we call differential settlement, which 
gives the tower its famous tilt. Foundation Design: Principies ·and Practices also explores 
this case study. 

Settlement problems are not limited to buildings. For example, the highway bridge 
shown in Figure 11.2 is underlain by a soft clay deposit. This soil is not able to support the 
weight of the bridge, so pile foundations were installed through the clay into harder soils 
below and the bridge was built on the piles. These foundations protect it from large 
settlements. 

It also was necessary to place fill adjacent to the bridge abutments so the roadway 
could reach the bridge deck. These fills are very heavy, so their weíght increased o ; in the 
clay, causing it to settle. When this photograph was taken, about twelve years after the 
bridge was built, the fill had settled about 1 m, as shown by the sidewalk in the foreground. 

11.1 PHYSICAL PROCESSES 

Figure 11.2 The approach 
fills adjacent to this bridge in 
California have settled. 
However, the bridge, being 
supponed on pile 
foundations, bas not. Note 
the abrupt change in grade in 
the sidewalk, and the asphalt 
patch between the two signs. 
This photograph was taken 
about twelve years after the 
bridge was built. 

The three most common physical processes that produce settlement in soils are: 

• Consolidation settlement (also known as primary consolidation settlement), o, 
occurs when a soil is subjected to an increase in o z', as discussed in the previous 
section, and the individual particles respond by rearranging into a tighter packing. 
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This process causes a decrease in the volume of the voids, V,.. If the soil is saturated 
(S= 100% ), this reduction in V, can occur only if sorne of the pore water is squeezed 
out of the soil. All soils experience sorne consolidation when they are subjected to 
an increase in o,', and this is usually the most important source of settlement. 

• Secondary compression settlement, &,, is due to particle reorientation, creep, and 
decomposition of organic materials, and does not require the expulsion of pore water. 
Secondary compression can be significant in highly plastic clays, organic soils, and 
sanitary Jandfills, but it is negligible in sands and gravels. 'Unl ike consolidation 
settlement, secondary compression settlement is not due to changes in o z' . 

• Distortion settlement, od, results from lateral movements of the soil in response to 
changes in a 

0
'. These movements occur when the load is confined to a small area, 

such as a structural foundation, or near the edges of large loaded areas, such as 
embankments. 

The settlement at the ground surface, &, is the sum of these three components: 

(11.1) 

Other sources of settlement, such as that from underground mines, sinkholes, or 
tunnels, also can be important, but they are beyond the scope of our discussion. 

11.2 CHANGES IN VERTICAL EFFECTIVE STRESS 

Most settlement is due to changes in the vertical effective stress, so we will begin by 
examining these changes. The initial vertical effective stress, a;. ata point in the soil is 
the value of a,' before the event that causes settlement occurs. Thefinal vertical effective 
stress, a:.~', is the value after the event has occurred and the settlement process is complete. 
Notice how settlement analyses are based on changes in effective stress, not total stress. 

The value of oz0' may be computed using the techniques described in Chapter 10. 
Usually the initial condition consists of geostatic stresses only, and thus is evaluated using 
Equation 10.34. 

The method of computing of a J depends on the kind of event that is causing the 
stresses to increase. The most common events are: placement of a fill, placement of an 
externa! load, and changes in the groundwater table elevation. 

Stress Changes Due to Placement of a Fill 

When a fill is placed on the ground, a,' in the underlying soil increases due to the weight 
of the fill. lf the length and width of the fill are large compared to the depth of the point at 
which we wish to compute the stresses, and the point is beneath the central area of the fLll, 
then we compute aJ by simply adding another Jayer to the [yH of Equation 10.34. 
Therefore, 
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where: 
a,0' = initial vertical effective stress 
a:J' =final vertical effective stress 
Y¡m = unit weight of the fill 
H1ill = thickness of the fill 

Compressibility and Settlement Chap. 11 

(11.2) 

Unless stated otherwise, you may assume all of the fi lls described satisfy these criteria and 
that Equation 11.2 is valid. 

If the width or length of the fill are less than about twice the depth to the point at 
which the stresses are to be computed, or if this point is near the edge of the fill, then we 
need to evaluate the fill as an area load using the techniques described in Chapter 10. 

Stress Changes Dueto Placement of an External Load 

Extemalloads, such as structural foundations, also produce increases in o,'. In this case, 
o,/ is: 

(11.3) 

Where (o ),.nduad is the induced vertical stress computed using the techniques described in 
Chapter 10. This computation may be performed by hand using the equations in 
Section 10.5, or with a computer by using program STRESSP, STRESSL, STRESSR, or 
STRESSC. 

Stress Changes Due to Changes in the Groundwater Table Elevation 

Sometimes natural events or construction activities produce changes in the groundwater 
table elevation. For example, pumping from wells causes a drop in the nearby groundwater 
table, as discussed in Chapter 8. When the groundwater table changes from one elevation 
to sorne Iawer elevation, the pore water pressure, u, in the underlying soils decreases and 
the vertical effective stress, a z', increases. This is a more subtle process because there is 
no visible source of loading at the ground surface, yet it can be and has been the cause of 
significant settlements. For example, sorne of the settlement problems in Mexico City have 
been due to drops in the groundwater table because of excessive pumping from water supply 
wells. 
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In this case, it is usually easiest to 
compute o,¡ using Equation 10.34 with the 
final groundwater position. When 
performing this computation, keep in mind 
that changes in the groundwater table 
elevation also may be accompanied by 
changes in the unit weight, y. Soil that is 
now above the groundwater table will 
probably have a lower moisture content 
and therefore a lower unit weight than 
before. Thus, the zone of soil between the 
initial and fmal groundwater tables may 
ha ve one unit weight for the o z.0' 
computation, and another for the o,¡ 
computation. 

Stress Changes Due to Multiple 
Simultaneous Causes 

Sorne civil engineering projects include 
multiple causes of settlement, each acting 
simultaneously. For example, a project 
rnight include both placement of a fill and 
construction of multiple structural 
foundations. In such cases, it may not be 
immediately clear how to compute o,¡. 
Whenever this kind of confusion arises, 
keep in rnind that it is always possible to 
compute o¡ using Equation 10.35 with the 
post-construction condition. 

Example 11.1 
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Figure 11.3 Soil profile for Examp1e 11 .1. 

A 5.0 ft thick fill is to be placed on a site underlain by medium clay, as shown in Figure 11 .3. 

Compute oz.0' ando,,¡' at Point A. 

Solution 

o:0 = LYH - u 
= (98lb/ft 3) (1.6ft) + (100lb/ft 3)(4.4ft) - (62.4lb/ft 3)(4.4ft) 
= 322 lb/rt 2 

- Answer 

1 1 
aif = ozO + Y¡mH¡m 

= 322lb/ft 2 + (122lb/ft 3)(5.0 ft) 
= 932 lblft 2 

- Answer 
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Commentary 

The placement of this fill will eventually cause a; at Point A to increase from 322 lb/ft 2to 
932 lb/fe. The value of a z' at other depths in the natural soil also will increase, causing a 
vertical strain E~ As a result, the top of the natural ground will sink from elevation l 0.6 ft to 
sorne lower elevation. Thus, the placement of a 5.0 ft thick fill will ultimately produce a ground 
surface that is less than 5.0 ft higher than the initial ground surface elevation. 

11.3 CONSOLIDATION SETTLEMENT- PHYSICAL PROCESSES 

We use the term consolidation to describe the pressing of soil particles into a tighter packing 
in response to an increase in effective stress, as shown in Figure 11.4. We assume the 
volume of solids remains constant (i.e., the compression of individual particles is 
negligible); only the volume of the voids changes. The resulting settlement is known as 
consolidation settlement, ó,. This is the most important source of settlement in soils, and 
its analysis is one of the comerstones of geotechnical engineering. 

T 
H 

_L 

---r-

' tT (;(} 

' Uzo 

v - e V Voids 

~ r-------~ Figure 11.4 Consolídation 
of solid particles under the 
ínfluence of an increasíng 
vertical effective stress. 

Consolidation analyses usually focus on saturated soils (S= 100%), which means the 
voids are completely filled with water. Both the water and the solids are virtually 
incompressible, so consolidation can occur only as sorne of the water is squeezed out of the 
voids. We can demonstrate this process by taking a saturated kitchen sponge and squeezing 
it; the sponge compresses, but only as the water is pushed out. This relationship between 
consolidation and pore water flow was qualitatively recognized as early as 1809 when the 
British engineer Thomas Telford placed a 17 m deep surcharge fill over a soft clay "for the 
purpose of squeezing out the water and consolidating the mud" (Telford, 1830; Skempton, 
1960). The American engineer William SooySmith also recognized that "slow progressive 
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settlements result from the squeezing out of the water from the earth" (SooySmith, 1892). 
The first Iaboratory soil consolidation tests appear to have been performed around 

191 O in France by J. Frontard. He p1aced samples of da y in a metal container, applied a 
series of Ioads with a piston, and monitored the resulting settlement (Frontard, 1914). 
Although these tests provided sorne insight, the underlying processes were not yet 
understood. About the same time, the German engineer Forchheimer developed a crude 
mathematical model of consolidation (Forchheimer, 1914), but it was not very accurate and 
did not recognize important aspects of the problem. ,· 

Karl Terzaghi, who was one of Forchheimer' s former students, made the majar 
breakthrough. He was teaching at a college in Istanbul, and began studying the soil 
consolidation problem. This work, which he conducted between 1919 and 1923, praduced 
the first clear recognition of the principie of effective stress, which led the way to 
understanding the consolidatian process. Terzaghi' s theory of consolidation (Terzaghi, 
1921, 1923a, 1923b, 1924, 1925a, and 1925b) is now recognized as one of the 
majar milestones of geotechnical engineering. Although this theory includes severa! 
simplifications, it has been verified and is considered to be a good representation af the field 
processes. We will study it in this chapter and in Chapter 12. 

Piston and Spring Analogy 

Ta understand the physical process of consolidation and its relationship to the flow of pore 
water, let us cansider the mechanical pistan and spring analogy shown in Figure 11.5a. This 
device consists of a pistan and spring located inside a cylinder. The cylinder is filled with 
water and small drain hales are present in the piston. All of this represents an element of 
soil at sorne depth in the ground, with the spring representing the soil solids, the water 
representing the pore water, and the holes representing the soil voids thraugh which the pore 
water must flow. 

We wíll begin with the pistan in static equilibrium under a certain verticallaad, P, as 
shown in Figure 11.5a. The assembly is submerged in a tank, so the water is subjected to 
a hydrostatic pressure that represents the hydrostatic pore water pressure, u h• in the soil (see 
Equation 7.7). In addition, the water pressures on the top and bottam are equal, so the 
applied load on the pistan is carried entirely by the spring. This load divided by the cross
sectional area of the cylinder represents the initial vertical effective stress, a,~. 

Then, at time= t 0 , we apply an additionalload llP to the pistan, as shown in Figure 
11.5b. This represents the additional total vertical stress !la, in a soil, such as that induced 
by a new fill. It causes a very small downward movement of the pistan, but this movement 
is resisted by both the spring and the water. The water is much stiffer than the spring, so it 
carries virtual! y all of this additionalload and the water pressure increases. This additional 
pressure is known as excess pore water pressure, u,. Thus, the water pressure, u, inside the 
cylinder now equals uh +u,. 

The water pressure (and the total head) inside the cylinder is now greater than that 
outside, so sorne of the water begins to flow through the holes. These holes are very small, 
so the flow rate through them al so is small, but eventually a certain quantity of water passes 
through. This allows the piston to move farther down, thus compressing the spring and 
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relieving sorne of the load from the water. This process represents the gradual transfer of 
stress from the pare water to the soil solids. Note the relationship between compression of 
the spring and dissipation of the excess pore water. Understanding this relationship is a key 
part of this problem. 

p 

(e) 

u, 
U =U¡, + z 

Figure 11.5 Píston and spríng analogy. 

P+tJ.P 

(b) 

t = t2 

(d) 

At time"' t1, as shown in Figure 11.5c, half of ~o, has been transferred to the soil 
solids and half is still being carried by excess pore water pressure. The process continues 
until the spring has compressed sufficiently to accommodate the original effective stress 
plus the additional stress as shown in Figure 11.5d (time "' t 2). The excess pore water 
pressure is now zero, so flaw thraugh the hales ceases. We have returned ta static 
equilibrium, but the pistan is in a lower position than befare. This change in position 
represents the vertical strain in that element of soil in the field. 

Processes in the Field 

The initial buildup of excess pare water pressures in soils is more complex than the pistan 
and spring analogy because it depends on changes in both the vertical and horizontal total 
stresses, ~o, and ~o_,, and on certain empirical coefficients known as Skempton's pare 
pressure parametersA and B (Skempton, 1954). However, we will simplify the problem by 
assuming the excess pore water pressure, u,, immediately after loading is equal ta ~o,. 

This increase in pore water pressure produces a hydraulic gradient in the soil, causing 
sorne of the pare water to flow away. As each increment of water is discharged, the salid 
partí eles consolidate and begin ta carry part of the new load, just as the spring compressed 
in our analogy. Thus, ~o, is gradually transferred from the pare water to the soil solids, and 
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the vertical effective stress, t:.a,' rises. Eventually, all of the new load is carried by the 
solids, the pore water pressure retums to its hydrostatic value, and the flow of pore water 
ceases. 

This transfer of load from water to solids is one of the most important processes in 
geotechnical engineering. 

Example 11.2 

The element of soil at point A in Figure 11 .6 is initially subjectedtÓ the following stresses: 

a,o = L Y H 
= (18.7 kN/m 3)(1.0 m) + (19.0kN/m 3)(2.0m) + (16.5 kN/m 3)(4.8 m) 
= 136 kPa 

Figure 11.6 Soil profLle for 
Example 11.2. 

u = Y..,Z.., 

1 

= (9.8 kN/m 3) (6.8m) 
= 67 kPa 

a,0 = a,0 - u 
= 136 kPa- 67 kPa 
= 69 kPa 

These conditions are illustrated on the Jeft si de of the plots in Figure 11.7. Then, we place a 
5.00 m deep fiU that has a unit weight of 19.5 kN/m3

• This increases the vertical total stress to: 
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a</ = azo + Y¡m H¡m = 136 kPa + (19.5 kN/m3)(5.0 m) = 234 kPa 

Notice thejumps in these curves in Figure 11.7. Initially, the applied load is carried entirely 
by the pore water, so the pore water pressure becomes: 

165 kPa 

but the vertical effective stress remains unchanged at: 

~ ro 
¡:l., 

e 
b~ 

----"' ¡:l., 

e 
:::S 

----"' ¡:l., 

e 
b" 

a; = az- u 
= 234 kPa- 165 kPa 
= 69 kPa 
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Figure 11.7 Stresses and pore 
water pressure at Point A in 
Example 11.2. o, steadily 
increases during the construction 
period, then remains constant. 
lnitiall y it causes an equal 
increase in u, but as the excess 
pore water drains, the load is 
gradually transferred to the soil 
solids, causing o; to in crease. 

As sorne of the pore water drains away, this element consolidates and L\o , is gradually 
transferred from the pore water to the solids. After a sufficiently long time, u,= O and the 
consolidation is complete. Then: 

u = uh +u, = 67 kPa +O kPa = 67 kPa 
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Commentary 

1 
00 = o, -u 

234 kPa - 67 kPa 
= 167 kPa 
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This example illustrates the process of consolidation and how it is intimately tied to the build-up 
and decay of excess pore water pressures. It al so illustrates why this process could not be 
properly understood until Terzaghi developed the principie of effective stress. 

QUESTIONS ANO PRACTICE PROBLEMS 

11.1 The current o. ' ata certain point in a saturated clay is 181 kPa. This soil is to be covered with 
a 2.5 m thick fill that will have a unit weight of 19.3 kN/m 3• What will be the value of o ; at 
this point immediately after the fill is placed (i.e. , before any consolidation has occurred)? 
What will it be after the consolidation settlement is completed? 

11.2 A 4.0 m thick fill with a unit weight of 20.1 kN/m3 is to be placed on the soil profile shown in 
Figure 1 0.7. Develop plots of oo:P' and o o¡' vs. depth. The plot should extend from the original 
ground surface to a depth of 10.0 m. 

11.3 The groundwater table at a certain site was at a depth of 1 O ft below the ground surface, and the 
vertical effective stress at a point 30ft below the ground surface was 2200 lb/ff. Then a series 
of wells were installed, which caused the groundwater table to drop to a depth of 25 ft below 
the ground surface. Assuming the unit weight of the soil above and below the groundwater 
tableare equal, compute the new o,' at this point. 

11.4 A 1.00 m3 element of soil is located below the groundwater table. When a new compressive 
load was applied, this element consolidated, producing a vertical strain, E,, of 8.5%. The 
horizontal strain was zero. Compute the volume of water squeezed out of this soil during 
consolidation and express your answer in liters. 

11.4 CONSOLIDATION (OEDOMETER) TESTS 

To predict consolidation settlement in a soil, we P-eed to know its stress-strain properties 
(i.e, the relationship between o; and E). This normally involves bringing a soil sample to 
the laboratory, subjecting it to a series of loads, and measuring the corresponding 
settlements. This test is essentially the same as those conducted by Frontard in 1910, but 
now we have the benefit of understanding the physical processes, and thus can more 
effectively interpret the results. The test is known as a consolidation test (also known asan 
oedometer test), and is conducted in a consolidometer (or oedometer) as shown in 
Figure 11.8. 

We are mostly interested in the engineering properties of natural soils as they exist in 
the field, so consolidation tests are usually performed on high-quality "undisturbed" 
samples. It is fairly simple to obtain these samples in soft to medium clays, and the test 
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results are reliable. However, it is virtually impossible to obtain high-quality undisturbed 
samples in uncemented sands, so we use empirical correlations or in-situ tests instead of 
consolidation tests to assess the stress~strain properties as discussed in Section 11.6. 

1t also is important for samples that were saturated in the field to remain so during 
storage and testing. Ifthe sample is allowed to dry, a process we call desiccation, negative 
pore water pressures will develop and may c¿¡.use irreversible changes in the soil. 

Sometimes engineers need to evaluate 'the consolidation characteristics of proposed 
compacted fills, and do so by performing consolidation tests on samples that have been 
remolded and compacted in the laboratory. These tests are usually less critica! because well
compacted fills generally have a low compressibility. 

Soilsample 

(a) (b) 

Porous 
stone 

Figure 11.8 a) Perfonning consolidation tests in the laboratory. The two consolidometers use the weights in the foreground 
to load the samples; b) cross-section of a consolidometer. 

Test Procedure 

The soil sample, which has the shape of an upright cylinder, is placed in the consolidometer, 
and surrounded by a brass or stainless steel ring. The purpose of this ring is to maintain zero 
horizontal strain, thus producing one-dimensional consolidation. Porous stones are placed 
above and below the sample. These stones are manufactured products that are strong 
enough to carry the applied loads, yet porous enough to allow water to pass through freely. 

The sample, rings, and porous stones are submerged in a water bath. This keeps the 
soil saturated, thus simulating the worst -case conditions in the fiel d. A dial gag e ( or 
comparable electronic de vice) is placed abo ve the sample to measure its compression as the 
test progresses. 
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The test begins by applying a vertical normal load, P. lt produces a vertical effective 
stress of: 

where: 
az' = vertical effective stress 

P = applied load 

p 
--u 
A 

A = cross-sectional area of soil sample 
u = pore water pressure inside soil sample 

(11.4) 

The water bath barely covers the sample, so the pore water pressure is very small compared 
to the vertical stress and thus may be ignored. Thus: 

~ 
~ 

(11.5) 

Then the sample is allowed to consolidate. While conducting his early tests, Frontard 
noted "one of the most interesting facts which have been revealed is the great length of time 
required for the escape of the excess water." During this period sorne of the water is being 
squeezed out of the voids, and must pass through the soil to reach the porous stones. 
Because we are normally testing clayey soils, the hydraulic conductivity is low and the 
water flows slowly. Thus, several hours or more may be required for the sample to 
consolidate. We determine when the consolidation is complete by monitoring the dial gage. 
The vertical strain, E,, upon completion of consolidation is: 

change in dial gage reading 

initial height of sample 
(11.6) 

The strain is expressed using the sign convention defined in Chapter 10, where positive 
strain indicates compression. We now have one (a z' , Ez) data point. 

The next step is to increase the normal load to sorne higher value and allow the soil 
to consolidate again, thus obtaining a second (a,', E,) data point. This process continues 
until we have obtained curve ABC in Figure 11.9. The stress-strain curve in soil is 
decidedly non-linear when shown in an arithmetic plot. However, when presented on a 
semilogarithmic plot as shown, the data is much easier to interpret. Finally, we 
incrementally unload the sample and allow it to rebound, thus producing curve CD. Curve 
AB is known as the recompression curve, BC is the virgin curve, and CD is the rebound 
curve. 
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Methods of Presenting Consolidation Test Results 

Geotechnical testing laboratories use two different methods of presenting consolidation test 
results: a strain plot or a void ratio plot. The test results that arrive on a geotechnical 
engineer's desk could be presented in either or both fonns, so it is important to recognize 
the difference, and be able to use both methods. 

A 1.6 

1.5 

1.4 

1.3 

1.2 e 

1.1 

e 1.0 

0.30 1-----L----...J....----~:-::-----' 
10 100 1000 

rrz' (kPa) 

Figure 11.9 Results oflaboratory consolidation test. The initial 
void ratio, e"' is 1.60. 

The first method uses a plot of E, vs. log o,', and thus is a direct representation of the 
data obtained in the laboratory. The horizontal and left axes of Figure 1 l. 9 use this method. 
A strain plot is the most straightforward approach, because the purpose of a consolidation 
test is to measure the stress-strain properties of the soil. 

..----, __i .6-eV:, 

rt Water 

(1 + eo)Vs • 1------t 

. Solids 

Initial 

~~-w_a_t_er--~ 
1_ .___s_o_Ii-ds __ _. 

Final 
Figure 11.10 Phase diagram for 
derivation of Equations 11.7-11.9. 

The second method presents the data as a plot of void ratio, e, vs. log o, ' as shown in 
the horizontal and right axes in Figure 11.9. This was the method Terzaghi used, 
presumably because it emphasizes the reduction in void size that occurs during 
consolidation. To compute the void ratio at various stages of the test, we need to develop 
an equation that relates void ratio with strain. Using Figure 11.10: 
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Combining Equations 11.7 and 11.8 gives: 

where: 
e = void ratio 

e ~ e0 - !J..e 

eo - Ez(l +ea) 

1 +ea -E, ( 1 + ea) - 1 
(1 - E, ) ( 1 + e0) - 1 

e0 = iiútial void ratio (i.e. the void ratio at the beginning of the test) 
E, = vertical strain 

!J..e = change in void ratio during test= e0 - e 
V, = volume of solids 
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(11.7) 

(11.8) 

(11.9) 

The initial void ratio, e()> is usually computed from the moisture content using Equation 4.26. 

As Figure 11 .9 illustrates, these two methods are j ust different ways of expressing the 
same data. Both methods produce the same computed settlements. 

Plastic and Elastic Deformations 

All materials deform when subjected to an applied load. If all of this deformation is retained 
when the load is released, it is said to have experienced plastic deformation. Conversely, 
if the material retums to its original size and shape when the load is released, it is said to 
ha ve experienced e las tic dejormation. For example, we could illustrate plastic deformation 
by bending a copper wire, and elastic deformation by bending a rubber hose. The copper 
will retain nearly all of its deformation, while the rubber will not. 

Soil exhibits both plastic and elastic deformations, which is why we see two slopes 
in the loading and unloading curves in Figure 11.9. To understand this behavior, let us 
consider soil element A in the profile shown in Figure 11.11, and consolidation data for this 
element, also shown in Figure 11.11. 

In Figure ll.lla, the element of soil has recently been deposited and is described by 
Point 1 on the plot. The effective stress is low and the void ratio is high. Then, additional 
deposition occurs and the element becomes progressively buried by the newly deposited 
soil. The effective stress increases and the void ratio decreases (i.e., consolidation occurs). 
At this stage, both plastic and elastic deformations are occurring. Point 2 in Figure ll.llb 



382 Compressibility and Settlement Chap. 11 

describes the conditions that existed just prior to our drilling and sampling effort. 
Then, we drill an exploratory boring, obtain an undisturbed sample from Element A, 

and take it to the laboratory. This process removes the overburden stress, so the effective 
stress drops and the sample expands slightly (i.e., the void ratio increases) as described by 
Point 3 in Figure ll.llc. This expansion reflects the elastic portion of the compression that 
occurred naturally in the field. Although there has been sorne elastic rebound, most of the 
compression was plastic, so the unloading Curve 2-3 is much flatter than the loading Curve 
1-2. 

1 

e 

Ground surface 

crz' (log) 

(a) 

e 
2 

crz' (log) 

(b) 

e 
2 

crz' (log) 

(e) 

Figure 11.11 Soíl profile and consolídation history for an element of soíl. 
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Once the sample has been installed in the laboratory consolidometer, we once again 
load it and produce Curve 3-4-5 as shown in Figure ll.lld. The initial part, Curve 3-4, has 
already been defined as the reloading curve. It is nearly parallel to Curve 1-2 and reflects 
elastic compression only. The effective stress is less than the maximum past effective stress, 
so no new plastic deformation occurs. However, when the curve reaches Point 4, its slope 
suddenly changes, and Curve 4-5 reflects new plastic deformations, which occur only when 
the effective stress is higher than ever before. This is the virgin curve defined earlier. 
Finally, we unload the sample in the lab and form Curve 5-6, the decompression curve. It 
is nearly parallel to Curves 2-3 and 3-4, and reflects the elastic component only. 

Thus, soils behave one way if the vertical effective stress is less than the past 
maximum, and another if it is increasing beyond that maximum. 
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Preconsolidation Stress 

The point where the slope of the consolidation curve changes (Point B in Figure 11.9 or 
Point 4 in Figure 11.11) is an important event in the consolidation process. The stress at this 
point is called the preconsolidation stress, oc ' . It is the greatest vertical effective stress the 
soil has ever experienced. The value of o,.' is sometimes greater than o,0 ' at the sample 
location, which means the soil was once subjected toa higher stress. We will discuss this 
in more detail in Section 11.5. 

The preconsolidation stress obtained from the consolidation test represents only the 
conditions at the point where the sample was obtained. If the sample had been taken at a 
different elevation, the preconsolidation stress would change accordingly. 

Adjustments to Laboratory Consolidation Data 

Consolidation tests are very sensitive to sample disturbance. Very high-quality samples 
produce distinct consolidation curves as shown in Figure 11.12. However, less than ideal 
sampling and handling techniques, drying during storage, and other effects can alter the 
sample and make the test results more obscure and difficult to interpret. It is especially 
difficult to obtain o e' from poor-quality samples because the transition between the 
recompression and virgin curves becomes much more rounded. Thus, it is best to be very 
careful with samples intended for consolidation tests. 

o 

0.05 

0.15 

100 
rr, ' (kPa) 

1000 

FiguTe 11.12 Effect of sample disturbance on consolidation test results. 

Casagrande (1936) and Schmertmann (1955) developed methods of adjusting 
laboratory consolidation test results in an attempt to compensate for nominal sample 
disturbance effects. Both methods were developed primarily for soft clays, and often are 
more difficult to implement in stiffer soils. 
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The Casagrande procedure determines the preconsolidation stress, o/, from laboratory 
data. Implement this method as follows, and as illustrated in Figure 11.13: 

l. Locate the point of mínimum radius on the consolidation curve (Point A). 
2. Draw a horizontalline from Point A. 
3. Draw a line tangent to the laboratory curve at Point A. 
4. Bisect the angle formed by the lines from Steps 2 and 3. 
5. Extend the straight portion of the virgin curve upward until it intersects the line 

formed in Step 4. This identifies Point B, which is the preconsolidation stress, o ; . 

Figure 11.13 Casagrande's method offinding the 
preconsolidation stress. 

e 

Sample disturbance also affects the slope of the curves, so the Schmertrnann procedure 
is an attempt to reconstruct the field consolidation curve (as illustrated in Figure 11.14). 
This procedure is performed as follows: 

l. Determine o/ using the Casagrande procedure. 
2. Compute the initial vertical effective stress, a z¡{, at the sample depth. This is the 

vertical effective stress prior to placement of the proposed load. 
3. Draw a horizontalline at e = e0 ( or E, = O) from the vertical axis to oza '. This loca tes 

Point C. 
4. Beginning at Point C, draw a line parallel to the rebound curve. Continue to the right 

until reaching a/. This forms Point D. In sorne cases, o/ "' Oza ', so this step beco mes 
unnecessary. 

5. Extend the virgin curve downward toe= 0.42 e() thus locating Point E. If no void 
ratio data is included on the consolidation plot, locate Point E atE,= 0.42, which is 
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the same as e = 0.42 e0 when e0 = 2 and sufficiently close for other initial void ratios 
(i.e., locating Point E more precisely has very little impact on the results of 
Schmertman' s construction ). 

6. Draw a line connecting points D and E. This is the reconstructed virgin curve. 

The final result of the Casagrande and Schmertman constructions is a bilinear function when 
plotted on a semilogarithmic diagram. 

Reconstructed recompression curve 

o e : 
---------,-- - ------------- eo 

1 
D Reconstructed 

virgin 

e 

1 
1 
1 
1 
1 
1 
1 

0.42 ---------~---------- ~- ----- -- - E 0.42 eo 
~------~--------~.------------~ 

<1 <:0, <Te 

rrz' 
Figure 11.14 Schmertmann's method of adjusting consolidation 
test results. If void ratio data is available, then locate Point E ata 
void ratio of 0.42 e" If only strain data is available (i.e., no void 
ratios are given), then Iocate Point E atE,= 0.42. Ifboth void 
ratio and strain data are given, use the void ratio data to locate 
Point E, even though this point may not correspond to E, = 0.42. 

Soil Compressibility 

The slopes on the consolidation plot reflect the compressibility of the soil. Steep slopes 
mean a given increase in a/ will cause a large strain (ora large change in void ratio), so 
such soils are said to be highly compressible. Conversely, shallow slopes indicate the same 
increase in az' will produce less strain, so the soil is slightly compressible. Although we 
could use graphical constructions on these plots to determine the strain that corresponds to 
a certain increase in effective stress, it is much easier todo so mathematically, as follows: 

The slope of the virgin curve is defined as the compression index, e e: 

de 
(11.10) 
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There is a potential point of confusion here, because geotechnical engineers also use the 
variable Ce to represent the coefficient of curvature, as defined in Equation 4.36. However, 
these are two entirely separate parameters. The compression index is a measure of the 
compressibility, while the coefficient of curvature describes the shape of the grain-size 
distribution curve. 

The reconstructed virgin curve is a straight line ( on a semilogarithmic e vs. log a; 
plot), so we can obtain a numerical value for Ce by selecting any two points, a and b, on this 
line and rewriting Equation 11.1 O as: 

(11.11) 

Altematively, if the data is plotted only in E,- a; form (i.e., no void ratio data is given), 
then the slope of the virgin curve is: 

(11.12) 

where the parameter C)(l+eo) is called the compression ratio. 
If the reconstructed virgin curve is sufficiently long, it is convenient to select Points 

a and b such that log (az')h = 10 log (a/)0 • This makes the denominator of Equations 11.11 
and 11.12 equal to 1, which simplifies the computation. This also demonstrates that e e 

could be defined as the reduction in void ratio per tenfold increase (one log-cycle) in 
effective stress, as shown in Figure 11.15. Likewise, eJ(l+e 0) is the strain per tenfold 
increase in effective stress. 

In theory, the recompression and rebound curves have nearly equal slopes, but the 
rebound curve is more reliable because it is less sensitive to sample disturbance effects. 
This slope, which we call the recompression index, e,, is defined in the same way as G and 
can be found using Equation 11.13 with Points e and d on the decompression curve: 

e, 
1 1 

(log a)d- (log a,)c 
(11.13) 

If the data is plotted on a strain diagram, then the slope is e r 1(1 +e o), which is the 
recompression ratio: 

(11.14) 
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Kulhawy and Mayne (1990) compared Cr and C, values obtained from laboratory 
consolidation tests and from a theoretical soil called "modified cam clay" with the plasticity 
index, JP, and found the following empirical correlations: 

~ 
~ 

(11.15) 

(11.16) 

Most soils probably ha ve Ce and C, values within about ±50 percent of those predicted 
by Equations 11.15 and 11.16. These equations are useful for checking the reasonableness 
of laboratory test results and for performing preliminary analyses. However, final designs 
normally require actual laboratory tests on samples from the project site. 

Figure 11.15 The slopes of 
consolidation curves on a 
semilogarithmic e vs. o; plot are e< 
and e,. The break in slope occurs at the 
preconsolidation stress, o<' . 

e 

e 

C, values in saturated clays from conventional consolidation tests are typically about 
twice the true C, in the field (Fox, 1995). This difference is dueto the expansion of air 
bubbles in the pore water when the soil is unloaded during sampling and storage. This error 
is acceptable for most projects because the laboratory e, is low enough that it does not 
produce large computed settlements (most consolidation settlement is due to e) and 
because it is conservative. However, when more precise measurements of e, are needed, 
the consolidation tests can be performed in a special backpressure consolidometer that 
overcomes this problem. 



388 Compressibility and Settlement Chap. 11 

Example 11.3 

A consolidation test has been perlormed on a sample of soil obtained from Point A in Figure 
1 1.6. The test resu\ts are shown in Figure 1 1.9. Compute a/ using Casagrande's method, then 
adjust the test results using Schmertmann's method. Finally, compute e , ande , 

Solution 

Stresses at sample depth: 

From Example 11.2: 

1 a,0 = 69 kPa 

From the Casagrande construction (Figure ll.l6): 

140kPa 

o ------------~~ 

0.05 

0.10 

0.15 

Ez 0.20 

0.25 

0.35 

10 cr,o' 100 ere' 
crz' (kPa) 
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1000 

Figure 11.16 Adjusted consolidation data from Example 11.3. 

Slopes of the reconstructed lines (Figure 11.16): 

1.6 

1.5 

1.4 

1.3 

1.2 

l.le 

1.0 

0.9 

0.8 

0.7 
0.42 eo ~ 0.67 



Questions and Practice Problems 

1 ! 
(log o,)b - (loga,)a 

1.43 - 0.84 

Iog 1580 lb/ft 2 - log 250 Ib/ft 2 

= 0.74 - Answer 

e e- ed 
e, = --~~---~~~ 

(loga,)d- (loga)c 
1.58 - 1.46 

Iog 1000 Ib/ft 2 
- log 100 lb/ft 2 

0.12 
1 

= 0.12 - Answer 

QUESTIONS ANO PRACTICE PROBLEMS 
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11.5 A consolidation test is being perfonned on a 3.50 in diameter saturated soil samp1e that hadan 
initial height of 0.750 in and an initial moisture content of 38.8%. 

a. Using G, "' 2.69, compute the initial void ratio,~-
b. At a certain stage of the test, the normal load P was 300 lb. After the consolidation at 

this load was completed, the sample height was 0.690 in. Compute a; (expressed in 
lb/fe), e,, and e. 

11.6 A consolidation test on a sample of clay produced the fo llowing data: 

a,' (kPa) 8 16 32 64 128 256 512 1024 16 

0.032 0.041 0.051 0.069 0.109 0.173 0.240 0.301 0.220 

The initial void ratio was 1.21, and a!./ at the sample depth was 40 kPa. 

a. Plot this data on a semilogarithmic diagram similar to that in Figure 11.9. 
b. Using Casagrande's method, find a/. 
c. Using Schmertmann' s method, adjust the test results. 
d. Determine Ce and C,. 
e. The soil has a plasticity index of 23. Based on Kulhawy and Mayne's correlations. do 

the consolidation test results seem reasonable? 

11.5 CONSOLIDATION STATUS IN THE FIELD 

Normally Consolidated, Overconsolidated, 
and Underconsolidated Soils 

When performing consolidation analyses, we need to compare the preconsolidation stress. 
O/, with the initial vertical effective stress, az0 ' · The former is determined from laboratory 



390 Compressibility and Settlement Chap. 11 

test data, as described earlier, while the latter is determined using Equation 10.34 with the 
original field conditions (i.e., without the new load) and the original hydrostatic pare water 
pressures (i.e., Equation 7.7). Both values must be determined at the same depth, which 
normally is the depth of the sample on which the consolidation test was performed. Once 
these values have been determined, we need to assess which of the following three 
conditions exist in the field: 

• If oz{l' "' oc', then the vertical effective stress in the field has never been higher than 
its current magnitude. This condition is known as being normal/y consolidnted (NC). 
For example, this might be the case at the bottom of a lake, where sediments brought 
in by a river have slowly accumulated. In theory these two values should be exactly 
equal. However, in the "real world" both are subject to error due to sample 
disturbance and other factors, so the values obtained from our site characterization 
program will rarely be exactly equal, even if the soil is truly normally consolidated. 
Therefore, in order to avoid misclassifying the soil, we will consider it to be normally 
consolidated if o,0' ando/ are equal withín about ± 20 percent. 

• If o,0' < oc', then the vertical effective stress in the field was once higher than its 
current magnitude. This condition is known as being overconsolidated (OC) or 
preconsolidated. There are many processes that can cause a soil to become 
overconsolidated, including (Brumund, et al., 1976): 

- Extensive erosion or excavation such that the ground surface e1evation is now 
much lower than it once was. 

- Surcharge loading from a glacier, which has since melted. 
- Surcharge loading from a structure, such as a storage tank, which has since been 

removed. 
- Increases in the pare water pressure, such as from a rising groundwater table. 
- Desiccation (drying) dueto evaporation, plant roots, and other processes, which 

produces negative pore water pressures in the soil (Stark and Duncan, 1991). 
- Chemical changes in the soil, such as the accumulation of cementing agents. 
- Aging effects. 

The term overconsolidnted can be rnisleading because it implies there has been 
excessive consolidation. Although there are a few situations, such as cut slopes, 
where heavíly overconsolidated soils are less desirable, overconsolidation is almost 
always a good thing. 

• If oza' > oc', the soil is said to be underconsolidated, which means the soil is still in 
the process of consolidating under a previously applied load. We will not be dealing 
with this case. 

Table 11.1 gives a classification of soil compressibility based on e, /( 1 +e 0 ) for 
normally consolidated soils or e J( 1 +e 0) for overconsolidated soils. 
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TABLE 11.1 CLASSIFICATION OF SOIL COMPRESSIBIUTY 

ce 
or 

e, 
1 + e0 1 + e0 

Classifi catíon 

0---0.05 Very slightly compressible 

0.05-0.10 Slightly compressible 

O. lO-O .20 Moderately compressible 

0.20-0.35 Highly compressible 

> 0.35 Very highly compressible 

For soils that are normally consolidated, base the classification on e;, !(! + t;, ). For soils that 
are overconsolidated, base it on C/(1 + e 0). 

Example 11.4 
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Using the consolidation test results developed in Example 11.3, determine whether the soil at 
point A in Figure 11.6 is normal! y consolidated or overconsolidated. The proposed fill has not 
yet been p1aced. 

Solution 

At sample depth: 

1 a,0 = 69 kPa Per Examp1e 11.2 

o~ 140 kPa Per Example 11.3 

a ,o' < a/ by more than 20 percent, so the soil is overconsolidated - Answer 

Overconsolidation Margin and Overconsolidation Ratio 

The a/ values from the Iaboratory only represent the preconsolidation stress at the sample 
depth. However, we sometimes need to compute a e' at other depths (i.e., in a soil straJ.a ~itb 
the same geologic origin). To do so, compute the overconsolidation margin, a.,.'. using a·: 
at the sample depth and the following equation: 

o 1.17) 

Table 11.2 presents typical values of a m'. 
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The overconsolidation margin should be approximately constant throughout in a 
stratum with common geologic origins. Therefore, we can compute the preconsolidation 
stress at other depths in that stratum by using Equation 11.17 with 01.0

1 at the desired depth. 
Another useful parameter is the overconsolidation ratio or OeR: 

OeR (11.18) 

Unlike the overconsolidation margin, the OCR varies as a function of depth, and therefore 
cannot be used to compute o •. 1 at other depths in a stratum. For normal! y consolidated soils, 
OCR= l. 

TABLE 11.2 TYPICAL RANGES OF OVERCONSOLIDATION MARGINS 

Overconsolidation Margin, o., ' 
Classification 

(kPa) (lb/ft2
) 

o o Normally consolidated 

0- 100 o-2000 Slightly overconsolidated 

100-400 2000-8000 Moderatel y overconsolidated 

> 400 >8000 Heavily overconsolidated 

11.6 COM PRESSIBILITY OF SANOS ANO GRAVELS 

The principies of consolidation apply to all soils, but the consolidation test described in 
Section 11.4 and the methods of assessing consolidation status in the field, as described in 
Section 11.5, are primarily applicab1e to clays and silts. It is very difficult to perfonn 
reliable consolidation tests on most sands because they are more prone to sample 
disturbance, and this disturbance has a significant effect on the test results. Clean sands are 
especially troublesome. Gravels have similar sample disturbance problems, plus their large 
grain size would require very large samples and a very large consolidometer. 

Fortun'ately, sands and gravels subjected to static loads are much less compressible 
than silts and clays, so it often is sufficient to use estimated values of e cor e ,in lieu of 
laboratory tests. For sands, these estimates can be based on the data gathered by Bunnister 
( 1962) as interpreted in Table 11.3. He performed a series of consolidation tests on samples 
reconstituted to various relative densities. Engineers can estímate the in-situ relative density 
using the methods described in Chapter 4, then select an appropriate C JO +e 0) from this 
t<>hl"' l'.T"t"' th<>t ,n n.f' th"'<" ""lnP< !>rP "vPnT dioht1v rnmnrf'~~ih1f'" "~ tlf'finf'li in T<~hlf' 11 1 
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TABLE 11.3 TYPICAL CONSOLIDATION PROPERTIES OF SATURATED NORMALLY 
CONSOLIDATED SANDY SOILS AT VARIOUS RELATIVE DENSITIES (Adapted from Burmister, 
1962) 

Soil Type 

Mediurn to coarse sand, 
sorne fine grave! (SW) 

Mediurn to coarse sand 
(SW/SP) 

Fine to coarse sand (SW) 

Fine to rnediurn sand 
(SW/SP) 

Fine sand (SP) 

Fine sand with trace fine 
to coarse silt (SP-SM) 

Find sand with 1 ittle fine 
to coarse silt (SM) 

Fine sand with sorne fine 
to coarse silt (SM) 

<:,OJ}()jl,· 0.005 0.002 

0.007 0.005 0.002 

0.008 0.006 0.003 

omo 0.008 0.003 

{totr 

0 .009 0.003 

0.014 

For saturated overconsolidated sands, C J ( 1 +e0 ) is typically about one-third of the 
values listed in Table 11.3, which mak.es such soils nearly incompressible. Compacted fills 
can be considered to be overconsolidated, as can soils that have clear geologic evidence of 
preloading, such as glacial tills. Therefore, many settlement analyses simply consider the 
compressibility of such soils to be zero. If it is unclear whether a soil is normally 
consolidated or overconsolídated, it is conservative to assume it is normally consolidated. 

Very few consolidation tests have been performed on gravelly soils, but the 
compressibility of these soils is probably equal to or less than those for sand, as listed in 
Table 11.3. 

Another characteristic of sands and gravels is their high hydraulic conductivity, which 
means any excess pore water drains very quickly. Thus, the rate of consolidation is very 
fast, and typically occurs nearly as fast as the load is applied. Thus, if the load is due to a 
fill, the consolidation of these soils may ha ve little practical significance. 

However, there are at least two cases where consolidation of coarse-grained soils can 
be very important and needs more careful consideration: 

l. Loose sandy soils subjected to dynamic loads, such as those from an earthquake. 
They can experience very large and irregular settlements that can cause serious 
damage. Kramer (1996) discusses methods of evaluating this problem. 
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2. Sandy or gravelly soils that support shallow foundations. Structural foundations 
are often very sensitive to settlement, so we often conduct more precise assessments 
of compressibility. These are usually done using in-situ tests, such as the SPT or 
CPT, and often expressed in terms of a modulus of elasticity, E, instead of e e or e ,. 
Special analyses based on in-situ test results are available to predict such settlements, 
as discussed in Chapter 17. 

QUESTIONS ANO PRACTICE PROBLEMS 

11.7 A consolidation test has been performed on a soil sample obtained from Point B in 
Figure 11.19. The measured preconsolidation stress was 88 kPa. Determine whether the soil 
is normally consolidated or overconsolidated, then compute the overconsolidation margin and 
overconsolidation ratio at Point B. 

Note: These computations are based on the initial conditions, and thus should not include the 
weight of the proposed fill. 

11.8 A saturated, normally consolidated, 1000-year-old fine-to-medium sand has an SPT N 60= 12 
ata depth where the vertical effective stress is about 1000 lb/ft 2and D ;a= 0.5 mm. Using the 
techniques described in Chapters 3 and 4, determine the relative density of this soil, then 
estímate C,. 1 (1 +e0) based on Table 11.3. 

11.9 A consolidation test has been performed on a sarnple obtained from Point A in Figure 11.3. The 
measured preconsolidation stress was 1500 lb/ft 2

• 

a. Determine if the soil is norma11y conso1idated or overconsolidated 
b. Compute the overconsolidation margin and the overconso\idation ratio 
c. Compute o/ at Point B 

11.7 CONSOLIDATION SETTLEMENT PREDICTIONS 

The purpose of perfonning consolidation tests is to define the stress-strain properties of the 
soil and thus allow us to predict consolidation settlements in the field. We perform this 
computation by projecting the laboratory test results (as contained in the pararneters Ce, e,, 
e0, and oc') back to the field conditions. For simplicity, the discussions of consolidation 
settlement predictions in this chapter consider only the case of one-dimensional 
consolidation, and we will be computing only the ultimate consolidation settlement. 

One-dimensional consolidation means only vertical strains occur in the soil (i.e., 
Ex = Ev = 0). We can reasonably as sume this is the case when at least one of the following 
conditions exist (Fox, 1995): 

l. The width of the loaded area is at least four times the thickness of the compressible 
strata. 

2. The depth to the top of the compressible strata is at least twice the width of the loaded 
are a. 

or 3. The compressible strata lie between stiffer soil strata whose presence tends to reduce 
the magnitude of horizontal strains. 
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In this context, "compressible strata" refers to strata that have a Ce or e, large enough to 
contribute significantly to the settlement. 

The most common ene-dimensional consolidation problems are those that evaluate 
settlement due to the placement of a long and wide fill or due to the widespread Jowering 
of the groundwater table. Many other problems, such as foundations, al so may be idealized 
as being ene-dimensional. 

The ultimare consolidation settlement, (o)"1,, is the value of o,. after all of the excess 
pore water pressures have dissipated, which may require many· years or even decades. 
Chapter 12 explores this topic in more detail, and presents methods of developing time
settlement curves. 

Normally Consolidated Soils (Ozo' "'o.,') 

If a,0 ' "'a/, the soil is, by definition, normally consolidated. Thus, the initial and final 
conditions are as shown in Figure 11.17, and the compressibility is defined by e" the slope 
of the virgin curve. 

Figure 11.17 Consolidation of nonnally 
consolidated soils. 

Rewriting Equation 11.10 gives: 

~e 
e 

de 

Uzo' 

rr/ 

(11.19) 

(11.20) 
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Combining with Equation 11.8 gives the vertical strain in the element of soil, E~: 

tJ..e 

(11.21) 

Integrating over the depth of the soil gives the consolidation settlement at the ground 
surface, l\: 

where: 
(ó)ulr = ultimate consolidation settlement at the ground surface 

€ , = vertical normal strain 
ce= compression index 
e0 = initial void ratio 

a,0' = initial vertical effective stress 
a,¡' = final vertical effective stress 

z = depth below the ground surface 

(11.22) 

For nearly all practica! problems, geotechnical engineers evaluate the integral in 
Equation 11.22 by dividing the soil into n finite layers, computing ó Jor each layer, and 
summing: 

( 11.23) 

where: 
H =: thickness of the soillayer 

When using Equation 11.23, compute a j), and a,¡ at the midpoints of each !ayer. 

Overconsolidated Soils- Case 1 (Ozo' < az,' S 0,1
) 

If both o,0' and o,/ do not exceed o,.', the entire consolidation process occurs on the 
recompression curve as shown in Figure 11.18. The analysis is thus identical to that for 
normally consolidated soils except we use the recompression index, C,., instead of the 
compression index, C": 
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Figure 11.18 Consolidation of overconsolidated soils. 
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Overconsolidated Soils- Case 11 {0.,0' <oc' < Oz/) 

If the consolidation process begins on the recompression curve and ends on the virgin curve, 
as shown in Figure 11.18, then the analysis must considerboth C,.and C,: 

[ '] [ ']] e, o,. c e ozj 
(Óc)ult = L --Hiog -

1 
+ --Hlog -

1 1 + e o o 1 + eo o 
~ e 

(11.25) 

This condition is quite common, because many soils that might appear to be normally 
consolidated from a geologic analysis actually have a small amount of overconsolidation 
(Mesri, Lo, and Feng, 1994). 

When using Equation 11.25, o z0', o e', and o J must be computed at the midpoint of 
each !ayer. This means o e ' will need to be computed using Equation 11.17. 

Ultimate Consolidation Settlement Analysis Procedure 

Use the following procedure to compute (o)uu: 

l. Beginning at the original ground surface, divide the soil profile into strata, where each 
stratum consists of a single soil type with common geologic origins. For example, 
one stratum may consist of a dense sand, while another might be a soft-to-medium 
clay. Continue downward with this process until you have passed through all of the 
compressible strata (i.e. , until you reach bedrock or sorne very hard soil). For each 
stratum, identify the unit weight, y. Note: Boring logs usually report the dry unit 
weight, y d' and moisture content, w, but we can compute y from this data using 
Equation 4.27. Also define the location of the groundwater table. 

2. Each clay or silt stratum must have results from at least one consolidation test (or at 
least estimates of these results). Using the techniques described in Section 11.4, 
determine if each stratum is normally consolidated or overconsolidated, then assign 
values for C)( 1 +e0 ) ancl/or C,/( 1 +e0 ). For each overconsolidated stratum, compute 
o'"' using Equation 11.17 and as sume it is constant throughout that stratum. For 
normally consolidated soils, seto m'= O. 

3. For each sand or grave! stratum, assign a value for ce 1 O+eo) or e, 1 (l+eo) based on 
the information in Section 11.5. 

4. For any very hard stratum, such as bedrock or glacial till , that is virtually 
incompressible compared to the other strata, assign C,. = C,= O. 

5. Working downward from the original ground surface (i.e., do not consider any 
proposed fills), divide the soil profile into horizontal Iayers. Begin a new !ayer 
whenever a new stratum is encountered, and divide any thick strata into multiple 
layers. When performing computations by hand, each strata should have layers no 
more than 2 to 5 m (5 to 15 ft) thick. Thinner layers are especial! y appropriate near 
the ground surface, because the strain is generally larger there. Computer-based 
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computations can use much thinner layers throughout the entire depth, and achieve 
slightly more precise results. 

6. Tabulate the following parameters at the midpoint of each Jayer: 

For normally consolidated strata: 
a,o' 
a,,/ 
C e/ (l+e0) 

H 

For overconsolidated strata: 
o,o' 
a,;¡' 
o/= o,o' + om' 
ce 1 (l+eo) 
CJ (l+e0) 

H 

It is not necessary to record these parameters in incompressible strata. 
Norrnally we compute Oza' and a,¡ using the hydrostatic pore water pressures 

(Equation 7.7) with no significant seepage force, and this is the only case we will 
consider in this book. However, if preexisting excess pore water pressures or 
significant seepage forces are present, they should be evaluated. Sometimes this may 
require the installation of piezometers to obtain accurate information on the in-situ 
pore water pressures. 

7. Using Equation 11.23, 11.24, or 11.25, compute the consolidation settlement for each 
Iayer, then sum to find (oc).,,. Note that each Jayer will not necessarily use the same 
equation. If o/ is only slightly greater than ozO' (perhaps less than 20 percent greater), 
then it may not be clear if the soil is truly overconsolidated, or if the difference is onl y 
an apparent overconsolidation due to uncertainties in assessing these two values. In 
such cases, it is acceptable to use either Equation 11.23 (norrnally consolidated) or 
11.25 (overconsolidated case 11). 

Example 11.5 

A 3.0 m deep compacted fill is to be placed over the soil profile shown in Figure 11.19. A 
consolidation test on a sample from point A produced the followíng results: 

ce ~0.40 
C,= 0.08 
e0 = 1.10 

a,.' = 70.0 kPa 

This sample is representative of the entire soft clay stratum. Compute the ultimate consolidation 
settlement due to the weight of this fi!L 
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Figure 11.19 Soil profile for Example 11.5. 

Solution 

Using Equation 11.2: 

1 1 
a<! = azO + YJiuHflu 

= a~ + ( 19.2 kN/m 3) (3.0 m) 
1 

= azO + 57.6 kPa 

Compute the initial vertical stress at sample Jocation, using Equation 10.34: 

a~ = L_yH -u 

= (18.5kN/m 3)(1.5m) +(19.5kN/m 3)(2.0m) 
+ (16.0 kN/m 3)(4.0 m)- (9.8 kN/m 3)(6.0 m) 

= 72.0 kPa 

0.40 
= 0.190 

1 + e0 1 + 1.10 
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At the sample clay is normally consolidated 

If the soil at the sample depth is normally consolidated, and the sample is truly 
representative, then the entire stratum is normally consolidated. 

Assume the sand also is normally consolidated, which is conservative. For the sand 
strata, use C /Cl +e0) = 0.008, per Table 11.3. 

At midpoint of !ayer 

Layer 
H _5_ Eqn. 

(0,.),, 
(m) o,0 ' (kPa) o,¡' (kPa) 

l • e0 
(mm) 

Eqn 10.35 

l 1.5 13.9 71.5 0.008 ll.23 8 

2 2.0 37.4 95.0 0.008 11.23 6 

3 3.0 56.4 114.0 0.19 11.23 174 

4 3.0 75.0 132.6 0.!9 11.23 141 

5 4.0 96.7 154.3 0.1 9 11.23 154 

(o,),,,= 483 

Round off to: 

(ó)ult = 480 mm = Answer 

Notice how we have used the same analysis for soils above and below the groundwater table, 
and both are based on saturated Ce 1 (l+e0) values. This is conservative (although in this case, 
very slightly so) because the soils above the groundwater tableare probably less compressible. 
Section 11.9 discusses unsaturated soils in more detail. 

Example 11.6 

An 8.5 m deep compacted fill is to be placed over the soil profile shown in Figure 11.20. 
Consolidation tests on samples from points A and B produced the following results: 

Sample A Sample B 

ce 0.25 0.20 

C, 0.08 0.06 

e u 0.66 0.45 

0(_1 101 kPa 510 kPa 

Compute the ultimate consolidation settlement due to the weight of this fill. 
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.•dm··· . ····<, ~..J¡,,l ·· i:.(················ . •. · · · . • 'Y = 20.3 kN/m3 · . · · · · · . •. · · · ·. . .. : . : ·. : --: :.:. >: . > ... : . ·. : .. : : ; ·.: >"·. :- .' : ... : 

Figure 11.20 Soil profLie for Example 11.6. 

Solution 

Using Equation 11.2: 

1 1 
oif = ozO + y fi/1 H¡;u 

= o~ + (20.3 kN/m 3) (8.5 m) 
1 = o,0 + 172.6 kPa 

Applying Equation 10.34 at sample A: 

o~= LYH - u 
= (18.3 kN/m 3)(2.0 m)+ (19.0 kN/m 3) (2.0 m)- (9.8 kN/m 3) (2.0 m) 
=· 55.0kPa 

1 1 
oT.! = o,0 + 172.6kPa 

= 55.0 kPa + 172.6 kPa 
= 227.6 kPa 

o,¡¡'< oc' s o,/ :. overconsolidated case ll 
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1 1 1 am a,.- a, 101-55 46kPa 

Therefore, a,.' at any depth in the stiff silty clay stratum is equal to a,'+ 46 kPa. 

At samp1eB: 

a~0 = LYH- u 

= (18.3 kN/m 3) (2.0 m) + ( 19.0 kN/m 3) (7.0 m) 
+ (19.5 kN/m 3)(10.0 m) - (9.8 kN/m 3) (1 7.0 m) 

= 198.0 kPa 

1 1 a,1 = a,0 + y1 H1 
198.0 kPa + 172.6 kPa 
370.6 kPa 

a,o' <a,.' and a'C/' <:; ac ' :. overconsolidated case I 

At midpoint of !ayer 
Layer H e, e, Eqn. (1>),,, 

1 

4 

5 

6 

7 

(m) cr,o' (kPa) cr,' (kPa) cr,¡' (kPa) 1 'e0 1 + e
0 

(mm) 
Eqn. 10.34 Eqn. 11.17 

2.0 18.3 64.3 190:9 0.05 0.15 11.25 Ül6 

3.0 .50.4 96.4 223.0 0.05 0.15 '11.25 '206 

4.0 82.6 128.6 255.2 0;05 0.15 11.25 217 

4.0 120.4 293.0 0.04 0.14 11.24 62 

4.0 159.2 331.8 0.04 0.14 11.24 51 

5.0 202.8 375.4 0.04 0.14 11.24 53 

5.0 251.4 424.0 0.04 0.14 11.24 45 

{1>,).¡, = 830 

(l>c)•11 = 830 mm - Answer 

Notice how most of the compression occurs in the upper stratum, which is overconsolidated 
case II (i.e., sorne of the compression occurs along the virgin curve). The lower stratum, which 
is overconsolidated case Il. has much less compression even though it is twice as thick because 
it is overconsolidated case I and all of the compression occurs on the recompression curve. 
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Example 11.7 

The groundwater table in the soil profile shown in Figure 11.21 is currently at the elevation 
labeled "initial." A proposed dewatering project will cause it to drop to the elevation labeled 
"final." Compute the resulting ultimate consolidation settlement. 

A consolidation test perforrned on a sample from point A produced the following results: 

Cc/(1 +e0) =0.14 
C,l (l + e0 ) = 0.06 
oc' = 3000 lb/ft2 

...... . 
·.·:. ... ... ·:. ·, . :._'-:: _.-.. -···-:.: · .. . 

· .·._. . . . ·· .. .. .·-. - ._·-::-. 

· _:"~·-::·:i::::;":<;: ~::~iosand:(s~·-.s~~-::.'::<::·::· ·· : :~·.':·:::·· 
_"! = 123 lb/ft3 "/ sat = 127 lb/ft3 · . ·. · 

··:. · · . . · .':: ·, · 
·-.· 

.. . ·. 

Figure 11.21 Soil profile for Example 11.7. 

Solution 

AtsampleA 

a:0 = L,yH- u 
= (1211b/ft 3

) (7.0ft) + (125lb/ft 3
) (6.0ft) + (127lb/ft 3

) (18.0 ft) 
+ (110 lb/ft 3) (5.0 ft)- (62.41b/ft 3) (29.0 ft) 

= 2623 lb/ft 2 

a,0 ' = ac' :. norrna11y conso1idated 
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Layer 

:·. .. . .... . . 
... . ...... . 

H 
(ft) 

7.0 

....... 2 . . 6.0 

3 9.0 

4 9.0 

At rnidpoint of !ayer 

l035 

1513 

2095 

1210 

2126 

3233 

7.0 3!:137. 

s.o 4194 

... 

e,. 
Eqn. 

1 + e o 

O.OH ":11.23 

0.011 lt2~ · · · 

0.009 11.23 

0.009 11.23 

O.J4 .•·.· 11.23 

0.14 • ••. 11.23 

<o),,,= 

(oJ.11 = 4.6 in - A nswer 

405 

c&,J,,, 
(in) 

0.0 

0.1 

0.1 

0.2 

.2..1 

Z.l 

4.6 

Notice how most of the compression occurs in the normal! y consolidated clay, even though it 
remains below the groundwater table. The cause of settlement is an íncrease in effectíve stress, 
not drying, and the clay is most susceptible to thís increase because it has the highest 
C)(l + e0). 

Example 11.8 

After the settlement dueto the fill described in Example 11.5 is completed, a 20 m diameter, 
1 O m tall cylindrical steel water tank is to be built. The bottom of the tank will be at the top of 
the fill, and it will ha vean empty mass of 300,000 kg. Ultimately, the water inside wíll be 9.5 
m deep. Compute the ultimate consolidation settlement beneath the center of this tank due to 
the weight of the tank and its contents. Assume the new fíll is overconsolidated with 
e,/( 1 +e o) = 0.002. 

Strategy 

The settlement due to the fill is now complete, so the values of a J from the solution of 
Example 11.5 are now the initial stresses, atJ'. We will compute new a,¡' values using Áa, from 
Equation 10.25. Note how the íncrease in total stress, Ácr ,. due to the weight of the tank 
diminishes with depth. This is because the loads from the tank are distríbuted over a much 
smaller area cornpared to the wide fills of previous exarnples. 

Solution 

Compute weíghts: 

W,ank = Mg 

(300,000kg) (9.8 m/s 2) ( ~) 
lOOON 

2900kN 
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wwrlle, vumk y ..... 
rtB 2 H 
--4-y"' 

rt (20.0 m)2 (9.5 m) (9_8 kN/m 3) 

4 
= 29,200kN 

The weight of the water is much greater than that of the empty tank, so it is reasonable for us 
to assume the bearing pressure q is constant across the bottom of the tank. 

Oz0
1 

q 
w 
A 
2900 kN + 29,200 kN 

1t (20.0 m)2 /4 
102 kPa 

At midpoint of !ayer 

( cr)mduad (J ' q e,. e, <oJ .. ,, 
Layer 

H (kPa) Eqn. z, (kPa) (kPa) 1 + e
0 

1 + e0 (mm) 
(m) 

4 

5 

6 

Eqn 
10.34 

3.0 28.8 

3.0 

3.0 

4.0 

71.5 

95.0 

114.0 

132.6 

154.3 

Round off to: 

(m) 

1.5 

8.0 

11.0 

14.5 

Eqn. 
10.25 

101.7 

77.1 

60.7 

45. 1 

Eqn. 
11.3 

130.5 

191.1 

193.3 

199.4 

0.19 

0.19 

0.19 

- Answer 

0.002 11.24 

11.23 

11.23 

11.23 

4 

128 

93 

85 

cae>.,= 319 

Commentary · 

l. lf the tank were built immediately after the fill was placed, then a,0 ' would be the same 
as in Example 11.5, and everything else would remain unchanged. Such a solution 
would illustrate the use of superposition of stresses. 

2. The values of (a )induc,J beneath the edge of the tank are less than those beneath the center 
(see Figure 10.10). Thus, the consolidation settlement also will be less and the bottom 
of the tank will settle into a dish shape. The difference between these two settlements 
is called differential settlement. We will discuss differential settlements in more detail 
in Chapter 1 7. 
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Program FILLSETT 

Program FILLSETI, which is in geotechnical analysis software package that accompanies 
this book, computes the ultimate consolidation settlement due to the weight of fills. It uses 
the analysis method described in this chapter, except that it divides each soil stratum into 
50 layers, thus obtaining a slightly more precise solution. 

To use this program, you must first download the geotechnical analysis software 
package from the Prentice Hall web site and install it onto a compu;ei-. See Appendix C for 
computer system requirements, downloading information, and installation instructions. 
Then select FILLSETT from the main menu. 

Once the FILLSETT screen appears, select the units of measurement and enter the 
requested data. If fewer than five soil strata are present, then enter only the data for those 
strata and leave the lower fields empty. 

Finally, click on the CALCULA TE button to perform the computation. The results are 
shown on the screen, and printouts may be obtained by clicking on the PRINT button. 

Example 11.9 

Compute the ultimate consolidation settlement due to the weight of the fill shown in 
Figure 11.22. 

T 
12ft 

+-8ft 

t 
22ft 

t-
13ft 

l_ 

Figure 11.22 Cross-section for Example 11.9. 

Solution 

Using program FILLSETI- see screen capture in Figure 11.23 

Final result: (1'ic)utt = 1.078 ft (round off to 1.1 ft) <= Answer 
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FZLLSBTT - Consolidation Settlement Due to a Fill 

r SI ¡:;; Enqhsh Olt.imate con.soli&t.t.iO.fl Set.tlement. () ,· rs- ft { ~ ) = l.\178 it 
e ult 

Depth From Soil Profile 
Depth 

ft 
Origln.tl 
Ground 
surface Ce ex 

o. os 
St.rata a .. Oescription 

3 2 
{ft) (lb! ft ) l+e l•e lblft ) r ------------- 1n / 

30 ,1 JO 

40 
1 

Proposed Fill ~ H f; • ¡;z-- tt 

so 

60 

?O 

R~tum to Mwn Menu 

Figure 11.23 FILLSEIT analysis for Example 11.9. 

QUESTIONS ANO PRACTICE PROBLEMS 

11.10 A 5.0 ft thick fill is to be placed on the soil profile shown in Figure 11.3. A consolidation test 
performed on a sample obtained from Point B produced the following results: e e- 0.27, 
e,= 0.10, e0 = 1.09, o/= 760 lb/ff·. Compute the ultimate consolidation settlement dueto the 
weight of this fill and determine the ground surlace elevation after the consolidation is 
complete. Check your answers using program FILLSETI'. 

Note: The first !ayer in your analysis should extend from the original ground surface to the 
groundwater table. 

11.11 A4.0 m thickfill is to be made ofasoil with aProctormaxi.mumdry unit weightof 19.4 kN/m3 

and an optimum moisture content of 13.0%. This fill will be compacted at optimum moisture 
content to,an average relative compaction of 92%. The underlying soils are as shown in Figure 
11.24. tonsolidation tests were performed at Points A and B, with the following results: 

A 0.59 

B 0.37 

e, 
0.19 

0.14 

1.90 75 

1.21 100 

The silty sand is normally consolidated. Using hand computations, determine the ultimate 
consolidation settlement due to the weight of this fill. Then, check your answer using program 
FILLSETI. 
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. 3.0m 
·. · .. · .. . · . . . ·. . . . 3 . .. 
:. . . . . . . . 'Y = 14.0 kN/m . . 

. . . : Silty sand (SM). 

·. ·. ,: .·.:.· . ·. · · . =_ : _ :· -, :-:-_..p,~~so;~ =_ :_=··,>· 
·. ·. · . 'Y= 17.5 kN/m3 ·. ·.·· · 

Figure 11.24 Soil profile for Problem 11.11. 
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11.12 The owner of the land shown in the profile in Example 11.5 has decided not to build the 
proposed fill. Instead, the land will be used for farming. To provide irrigation water, a series 
of shallow wells will be drilled into the sand, and these wells will cause the groundwater table 
to drop to the bottom of the sand !ayer (i.e., 2.0 m below its current position). Compute the 
ultimate consolidation settlement due to this drop in groundwater. Do you think such a 
settlement will adversely affect the farming? 

11.13 A certain si te is underlain by the soil profile shown in Figure 11.21 with the groundwater table 
at the location labeled "initial." The groundwater table will remain at this location, but a 20.0 
ft deep fill with a unit weight of 119 lb/ff is to be placed. The only consolidation data available 
is from a test conducted on a sample from Point B. The test results are as follows: e 0= 1.22, 
Ce = 0.31, C, = 0.09, O/ = 3800 lb/ft 2

• Using hand computations, determine the ultimate 
consolidation settlement due to the weight of this proposed fill. As sume the sands are normally 
consolidated. Then, check your answer using program FILLSETT. 

11.14 Using the data in Example 11.8, compute the consolidation settlement at the edge of the tank. 
Then compute the differential settlement, which is the difference between the settlement at the 
center and the edge. 

Hint: Compute (o;> induu d using Figure 10.10 or program STRESSC. 

11.8 CRUSTS 

Soft fine-grained soil deposits, such as those often found in wetlands, frequently have a thin 
crust near the ground surface, as shown in Figure 11.25. These crusts are typically less than 
2 m (7 ft) thick, and are formed when the upper soils temporarily dry out. This drying 
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process is caBed dessication and causes these soils to becorne overconsolidated. Thus, 
pro files that contain crusts bave less settlernent than identical profiles without crusts. 

The presence of crusts has a significant impact on settlement cornputations, even if 
they are rnuch thinner than the underlying compressible soils. In addition, variations in the 
crust thickness across a site can be a significant source of differential settlement. Thus, si te 
cbaracterization studies need to carefully evaluate the thickness and cornpressibility of 
crusts. 

el. 2.0 m-:----:---:-------:--:---....-:-------.... . . . . . . . . 
.... ·":_: : : Propos~dfiu ·.··:. : .. :. :_: '.·>: 

.' ·. ·: : 'Y = 18.5 kN/m3 ·: : . · · · : 
el.O.Om 

el.-0.8 m 

el.-5.0m 

Figure 11.25 Typical crust near the ground surface in an otherwise nonnally 
consolidated clay. 

11.9 SETrLEMENT OF UNSATURATED SOILS 

Thus far we have treated unsaturated soils using the techniques developed for saturated 
soils, except we have set u= O (e.g., Exarnple 11.5). However, sorne unsaturated soils are 
prone to other kinds of settlement problems, especially if they becorne wetted sornetime 
after construction. 

One of these problerns occurs in certain kínds of clay that are known as expansive 
soi/s. These clays expand when they becorne wetted, and contract when dried. Another 
kind of problernatic soil is caBed a collapsible soi/, which compresses when it is wetted. 
Both types are discussed in Chapter 18. 

Although the soft saturated soils generally ha ve the worst problerns with settlernent, 
expansive and coBapsible soils also can be problernatic, especially in arid and serni-arid 
climates. 

11.10 SECONDARY COMPRESSION SETTLEMENT 

Once the excess pore water pressures have dissipated, consolidation settlernent ceases. 
However, sorne soils continue to settle anyway. This additional settlement is due to 
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secondary compression and occurs under a constant effective stress. We don't fully 
understand the physical basis for secondary compression, but it appears to be dueto particle 
rearrangement, creep, and the decomposition of organics. Highly plastic clays, organic 
soils, and sanitary landfills are most likely to have significant secondary compression. 
However, secondary compression is negligible in sands and gravels. 

The secondary compression index, Ca , defines the rate of secondary compression. lt 
can be defined either in terrns of either void ratio or strain: 

e !X 

where: 
ca. ;;:: secondary compression index 
e ;;:: void ratio 

de 
dlogt 

eP = void ratio at end of consolidation settlement (can use eP ;;:: Ei> without 
introducing much error) 

E, = vertical strain 
t;;:: time 

(11.26) 

(11.27) 

Design values are norrnally deterrnined while conducting a laboratory consolidation test. 
The consolidation settlement occurs very rapidly in the lab (because of the short drainage 
distance), so it is not difficult to maintain one or more of the load increments beyond the 
completion of consolidation settlement. The change in void ratio after this point can be 
plotted against log time to determine e a. 

Another way of developing design values of Ca is to rely on empirical data that relates 
it to the compression index, Ce This data is summarized in Table 11.4. 

TABLE 11 .4 EMPIRICAL CORRELA TI ON BETWEEN Ca 
ANO C6 (Terzaghi, Peck, and Mesrí, 1996) 

Material 

Granular soils, including rockfill 

Shale and mudstone 

Inorganic da ys and silts 

Organic days and silts 

Peat and muskeg 

0.02 ± 0.01 

0.03 ± 0.01 

0.04 ± 0.01 

0.05 ± 0.01 

0.06 ±0.01 
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The settlement due to secondary compression is: 

(3 = --Hiog -crt [ t) 
' 1 + eP tP 

where: 
(3, "' secondary compression settlement 
H;; thickness of compressible strata 

t ;; time after application of load 

(11.28) 

tP "' time required to complete consolidation settlement (in theory this is infinite, 
but for practica] problems we can as sume it occurs when 95 percent of the 
consolidation in the field is complete. 

We assume the secondary compression settlement begins at time tP. 

Usually secondary compression settlement is much smaller than consolidation 
settlement, and thus is nota major consideration. However, in sorne situations, it can be 
very important. For example, the consolidation settlement in sanitary landfills is typically 
complete within a few years, while the secondary compression settlement continues for 
many decades. Secondary compression settlements on the order of 1 percent of the refuse 
thickness per year have been measured in a 10-year-old landfill (Coduto and Huitric, 1990). 

Significant structures are rarely built on soils that have the potential for significant 
secondary compression. However, highways and other transportation facilities are 
sometimes built on such soils. 

Example 11.10 

The soft el ay described in Example 11.5 has e i( 1 +e P) = 0.0 18. Assuming the consolidation 
settlement will be 95 percent complete 40 years after the fill is placed, compute the secondary 
compression settlement that will occur over the next 30 years. 

Solution 

e,. ( r) fl, = --H!og -
1 +e t 

p p 

= (O.Ol8)(10,000mm)log( 40 yr + 
30 Yr) 

40yr 
= 40mm 

This is approximately one-tenth of the consolidation settlement of 480 mm, as computed in 
Example 11.5. 

A complete example including both consolidation and secondary compression 
settlements is included in Chapter 12. 
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11.11 DISTORTION SETTLEMENT 

When heavy loads are applied over a small area, the soil can deform laterally, as shown in 
Figure 11.26. Similar lateral deformations also can occur near the perimeter of larger loaded 
areas. These deformations produce additional settlement at the ground surface, which we 
call distortion settlement 

Distortion settlement is generally much smaller than consolidation settlement, and can 
usually be ignored. However, it is sometimes considered in the design of spread footing 
foundations, as discussed in Foundation Design: Principies and Practices (Coduto, 1999). 

Figure 11.26 Distortion settlement 
beneath a smallloaded area. 

11.12 HEAVE DUETO UNLOADING 

p 

~ 

Our discussions thus far ha ve considered only settlement of soils in response to an increased 
load. Another possibility is heave (negative settlement) due to a decreased load, such as an 
excavation. In this case, o,¡ <o ¡J), . The soil will heave according to the rebound curve in 
Figure 11.9, which has a slope of C,, so we compute the heave using Equation 11.24. 
Because the soil is expanding, the excess pore water pressure is negative, causing pore water 
to be drawn into the voids. This is the opposite of the process described in Figure 11.7. 

There are other processes that also can cause heave in soils. The most notable one is 
the swelling of expansive clays, which is discussed in Chapter 18. 

11.13 ACCURACY OF SETTLEMENT PREDICTIONS 

As with all other geotechnical analyses, settlement predictions are subject to many errors. 
These include: 

• Differences between the soil profile used in the analysis and the real soil profile, 
especial! y the proper identification of crusts 

• Differences between the engineering properties of the soil samples and the average 
properties of the strata they represent (i.e., are they truly representative?) 

• Sample disturbance 
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• Errors introduced due to testing techniques in the laboratory 
• Errors in assessing a/ 
• The assumption that consolidation in the field is one-dimensional (i.e., there is no 

horizontal strain) 
• Differences between Terzaghi's theory of consolidation and the real behavior of soils 

in the field 

The compression index, Ce, and the recompression index, C,, vary widely within soil 
deposits, even those that appear to be fairly uniform. Kulhawy, Roth, and Grigoriu (1991) 
reported coefficients of variation in Ce values of 26 to 52 percent. This means Ce values 
from a single randomly obtained soil sample would have only a 30 to 56 percent probability 
of being within 20 percent of the true C,. of the stratum. This uncertainty can be 
significantly reduced by testing more than one sample from each stratum, but it still 
represents an important source of error in our analyses. 

Fortunately, settlement anal y ses consist of a sumrnation for multiple strata, which 
introduces an averaging effect on test uncertainties. Even so, the error in consolidation 
settlement predictions is typically on the order of ±25 to 50 percent, even with careful 
sampling and testing. Analyses of secondary compression settlement are even Iess accurate, 
having errors on the order of about ±75 percent (Fox, 1995). We need to consider these 
potential errors when setting allowable settlement values, and incorporate an appropriate 
factor of safety in these allowable values. These margins of error also underscore the 
usefulness of monitoring the actual settlements in the field, comparing them to the predicted 
settlements, and, if necessary, modifying the designs accordingly. 

QUESTIONS ANO PRACTICE PROBLEMS 

11.15 Using the data from Example 11.10, develop a plot of secondary compression settlement vs. 
time for the period 40 to 100 years after completion of the fill. Is the rate of secondary 
compression settlement increasing or decreasing with time? 

11.16 Point C in Figure 11.1 9 was originally at elevation 12.00 m, but it dropped to elevatíon 11.52 m 
as a result of the consolidation settlement described in Example 11.5. Now that the 
consolidation is complete, the fill is to be removed. Compute the new elevation ofPoint C after 
the natural soils rebound in response to the fill removal. Ignore any secondary compression 
settlement. 

11.17 A cross-section through a tidal mud flat area is shown in Figure 11.25. This site is adjacent to 
a hay, is subject to varying water levels according to tides, and is occasionally submerged when 
heavy runoff from nearby rivers raises the elevation of the water in the bay. For analysis 
purposes, use a groundwater table at the ground surface, as shown. A crust has formed in the 
upper 0.8 m of soil dueto dessication (drying) and is stiffer than the underlying soil. This crust 
is overconsolidated case I, and the soils below are normally consolidated. The proposed fill is 
required to protect the si te from future flooding, and thus permit construction of a commercial 
development. Using program FILLSETT, determine the ultimate consolidation settlement due 
to the weight of this proposed fill. Then, consider the possibility that the crust was not 
recognized in the site characterization program, and perform another FILLSETT analysis using 
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SUMMARY 

C, /(1 + e0 ) "'0.20 and y"' 14.0 kN/m' for the entire 5.0 m of clay. Compare the resu\ts ofthese 
two analyses and comment on the importance of recognizing the presence of crusts. 

Major Points 

l. Settlement can be caused by several different physical proéesses. We have considered 
three: consolidation settlement, o,, secondary compression settlement, ó,, and 
distortion settlement, od. 

2. Consolidation is usually the most important type of settlement. It occurs when the 
vertical effective stress increases from an initial value of a ,0' to a final value of a,;. 
This change causes the salid particles to move into a tighter packing, which results in 
a vertical strain and a corresponding settlement. 

3. If the soil is saturated, which is the case in most consolidation analyses, the applied 
load is first carried by the pore water. This causes a temporary increase in the pore 
water pressure. This increase is called an excess pore water pressure, u~ The 
presence of this pressure induces a hydraulic gradient in the soil, forcing sorne pore 
water to flow out of the voids, thus relieving the excess pore water pressures. After 
sorne period, which may be years or decades, u, ~o, the applied load is transferred to 
the solid particles, and a,0' ~ a,_¡' . 

4. We measure the stress-strain properties of a soil by conducting consolidation tests in 
the laboratory on undisturbed samples. The test results are expressed in the following 
parameters: 

a e "' preconsolidation stress 
e0 "" initial void ratio 
e,. "" compression index 
e, = recompression index 

The preconsolidation stress is the greatest vertical effective stress the soil has ever 
experienced at the point where the sample was obtained. The parameters e ,and C, 
define the slope of the consolidation curve at stresses Jess than and greater than a;, 
respecti vel y. 

5. Using the parameters from the consolidation test, the changes in effective stress in the 
field, and other data, we can compute the consolidation settlement. 

6. The greatest consolidation settlements occur in soft clays. Sandy and gravelly soils 
are usually much Jess compressible. In addition, it is nearly impossible to obtain 
sufficiently undisturbed samples to conduct reliable consolidation tests on sands and 
gravels, so the compressiblity of these soils is determined by empirical correlations 
or by in-situ tests. 

7. Normally consolidated soils are those that have never experienced a vertical effective 
stress significantly greater than the present value of a,'. Conversely, overconsolidated 
soils are those that have experienced higher stresses. 
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8. Normally consolidated soils often have an overconsolidated crust near the ground 
surface. It is important to recognize the presence of these crusts in the site 
characterization program. 

9. Secondary compression settlement is the result of particle rearrangement, creep, 
decomposition of organic materials, and other processes. It produces settlement even 
though o/ remains constant, and this settlement continues atan ever-decreasing rate 
with time. 

lO. Distortion settlement is dueto the horizontal movements of soil, and occurs primarily 
when the loaded area is small and the bearing pressure is high, such as structural 
foundations. 

ll. If the soil is unloaded, oz' decreases and aJ < oz0'• so the soil heaves instead of 
settles. 

12. Settlement predictions are subject to several sources of error. Even careful predictions 
of consolidation settlement typically have a precision on the order of ±25 to 50 
percent. Predictions of secondary compression settlement typically are even less 
accurate, with errors on the order of ± 75 percent. 

Vocabulary 

collapsible soil 
compressibility 
compression index 
compression ratio 
consolidation 
consolidation settlement 
consolidation test 
consolidometer 
crust 
desiccation 
differential settlement 
distortion settlement 
elastic deformation 
excess pore water pressure 

expansive soil 
heave 
normally consolidated 
oedometer 
one-dimensional 

consolidation 
overconsolidated 
overconsolidation margin 
overconsolidation ratio 
plastic deformation 
porous stones 
preconsolidated 
preconsolidation stress 
rebound curve 

recompression curve 
recompression index 
recompression ratio 
secondary compression 

index 
secondary compression 

settlement 
settlement 
subsidence 
theory of consolidation 
ultimate consolidation 

settlement 
virgin curve 

COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

11.18 Explain the difference between normally consolidated soil and overconsolidated soils, and give 
examples of geologic conditions that would form each type. 

11.19 What types of natural soils are best suited for testing in a consolidometer? Why? Which are 
not well suited? Why? 

11.20 According to the results from a conso\idation test. the preconsolidation stress for a certain soil 
sample is 850 lbtfe. The in-situ vertical effective stress at the sample location is 797 lb/ff, and 
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the proposed load will cause a, to increase by 500 lb/ft 2• Which equation should be used to 
compute the consolidation settlement, 11.23, 11.24, or 11.25? Why? 

11.21 A 3.0 m thick fill with a unit weight of 18.1 kN/m) is to be placed on the soil profile shown in 
Figure 11.24. Consolidation test results at Points A and B are as stated in Prob1em 11.11, 
except that a/ at point B is now 200 kPa. Using Equation 11.21 with Ce or C, as appropriate, 
develop a plot of vertical strain, E, vs. depth from the original ground surface to lhe top of the 
glacial till. How does this curve vary within a given soil stratum? Why? Does it suddenl)· 
change al the strala interfaces? Why? 

11.22 Considering the variation of strain wilh depth, as found in Problem 11.21, does a 1 m thick 
!ayer near lhe top of a stratum contribute more or less to the consolidation settlement than a 1 m 
lhick stratum nearlhe bottom? Explaín. Does lhis finding support the statement in Section 11.8 
that "The presence of crusts has a significan! impact on settlement computations, even if they 
are much thinner than the underlying compressible soi1s?" Exp1ain. 

ll.23 A shopping center is to be built on a site adjacent to a tidal mud flat. The ground surface 
elevation is +0.2 m, and the groundwater table is at the ground surface. The underlying soils 
consist of 7.3 m of medium clay with C)(l+e0 ) :o 0.18, C /(l+e dJ :o 0.06, a,:,= O, and 
y = 15.1 kN/m1

. The clay stratum is underlain by relatively incompressible stiff soils. 
In arder to provide sufficient flood control protection, a fill must be placed on this site 

befare lhe shopping center is built, lhus maintaining the entire si te above lhe highest flood leve!. 
This fill will have a unit weight of 19.0kN/m3.According to a hydrologic study, the fill must 
be thick enough so that the ground surface elevation is at least + 1.8 m after all of the 
consolidation settlement is complete. Using program FILLSETI, determine the required ground 
surface elevation at the end of construction. Assume all of the settlement occurs after 
construction. 

11.24 A consolidation test has been performed on a sample of lodgement till from a region that was 
once covered with a glacier. The current vertical effective stress at the sample Iocation is 
1800 lb/ft2 and the measured preconsolidation stress is 32,500 lb/fr. 

a. Assuming lhe glacier was in place long enough for complete consolidation to occur, and 
assuming the ground surface and groundwater table elevations have remaíned unchanged, 
compute the maximum thickness of the glacier. The specific gravity of glacial ice is 
about 0.87. 

b. Although glacial ice was present for a very long time, it also extended over very large 
areas, so the required drainage distance for the excess pare water was very long. As a 
result, all of the excess pare water pressures may not have dissipated (Chung and Finno, 
1992). Therefore, our assumption that complete consolidation occurred may not be 
accurate. If so, would our computed thickness be too large or too small? Explain. 

11.25 A highway is to be built across a wetlands with the soil profile shown in Figure 11.27 below. 
These wetlands are subject to flooding, so a fill must be placed to keep the pavement above the 
highest flood level. According toa hydrologic analysis, lhe roadway must be at elevation 7.0 ft 
or higher to satisfy this requirement. Sandy fill material that has a compacted unit weight of 
122 lbtfe is available from a nearby borrow site. 

A subsurface exploration program has been completed at this si te, and laboratory tests 
have been performed. The results of this program are tabulated be1ow: 
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Depth 
Dryunit Moisture 
weight content CJ(1+e,) C,l(l+e0) crc' (lb/ft2) (ft) 
Clbtfe) (%) 

2.0 95 28.6 0.13 0.06 3000 

7.5 89 33.0 0.16 0.06 550 

13.0 92 30.5 0.12 0.05 850 

24.0 93 29.9 0.14 0.07 4800 

All depths are measured from the original ground surface. 

The natural soils will settle under the weight 
of the proposed fill. Approxirnately 25 years will 
pass before this settlement is complete. Therefore, 
the road must be built at an elevation higher than 
7.0 ft so that after the settlement is complete it is at 
7 .O ft. The pavement thickness is 0.5 ft, so the top 
of the fill must remain at or abo ve elevation 6.5 ft. 

a. U sing program FILLSETT, detennine the 
required elevation of the roadway 
immediately after construction. Assume 
that no settlement occurs during 
construction, and the pavement has the same 
unit weight as the fill. 

Hint: As the fill thickness becomes 
greater, the settlement increases. Thus, this 
problem requires a trial-and-error solution. 
Y ou will need to estímate the required f.tll 
thickness, then compute the settlement and 
final roadway elevation. Try to have one 
trial that produces a road elevation that is 
too high, and another that produces one too 
low. Then interpolate to find the required 
fill thickness. 

Note 1: As the fill settles, the lower 
portion will become submerged below the 

· · . ·. · el.l .O ft 

Soft clay 

el. -22.0 ft 

·: :· ·. ·. Dense sand an'ci .ir~v~l .. · .: . ·. : ..... ·. . . . ... ·. ', 

groundwater table, so a ,í will be less than Figure 11.27 Cross-section for Problem 

predicted by Equation 11.2. However, we 11.25 . 

.. w111 ignore this effecl 
Note 2: Laboratory tests have been 

performed on two samples of the soft clay. Combine these two sets of test results, then 
assign y, CJ(l+e0) , C/(l+e0), anda"'' values that apply to the entire stratum. 

Note 3: We do not ha ve any unit weight data for the portion of the crust abo ve the 
groundwater table. Therefore, assume it is the same as that below the groundwater table. 
In this case, this assumption should introduce very little error. 

b. Is our assumption regarding the submergence of the fill (per note 1 in part a) 
conservative or unconservative? Is this a reasonable assumption? Explain. 
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11.26 An engineer has suggested an altemative design for the proposed highway in Problem 11.25. 
This design consists of using geofoam for the lower part of the fill, as sbown in Figure 6.39. 
It will be covered with at least l. O ft of soil to provide a buffer between the pavement and the 
geofoam. Compute the mínimum required geofoam thickness so that the roadway will always 
be at elevation 7.0 or higher. 

Hint: The geofoam is an extra "hidden" Iayer between the fill andJhe natural ground surface. 
If we assume the geofoarn has y = O, then it can be ignored when u~jng prograrn FU..LSirrl'. 

,i 
11.27 A series of prefabricated dual-bore steel tubes similar to the one in Figure 11 .28 are to be 

installed in an underwater trench to form a tunnel. The trench will be in seawater, which has 
a unit weight of 64.0 lb/ft3

• The tubes will be floated into position, and sunk into place by 
temporarily flooding the interior. Then, non-structural concrete will be placed into chambers 
along the tube to actas ballast, and the inside will be pumped dry. The completed tube will be 
80 ft wide, 300 ft long, and 40 ft tall, and weigh 32,000 tons exclusive of buoyant forces. 
Finally, the tube will be covered with soil, producing the cross-section shown in Figure 11.29. 

a. The interior of the tube will be dewatered after the concrete is placed, but befare the 
trench is backfilled. Once this is done, will the tube remain at the bottom of the trench, 
or will it float up to the water 
surface? 

b. After the trench is backfilled, 
what will be the net .ó.o z in the 
soft clay? Assume .ó.a, is constant 
with depth. 

c. Using the final cross-section, 
compute the ultimate 
consolidation settlement or heave 
ofthe tube due ~o t:.o,' in the soft 
clay. Assume no heave occurs 
during construction. 

d. The weakest parts of the completed 
tunnel will be the connections between 
the tube sections. In order to avoid 
excessi ve flexura! stresses at these 
connections, the structural engineer has 
specified a maximum allowable 
differential settlement or differential 
heave of 5 in along the length of the tube 
(the term "allowable" indicates this 
value already includes a factor of 
safety). An evaluation of the soil profile 
suggests the differential settlement or 
heave will be no more than 50 percent of 
the total Has the structural engineer' s 
criteria been met? Figure 11.28 This prefabricated tunnel section is part 

of the Central Artery Project in Boston. It was floated 
into position, then sunk to tbe bottom of the bay 
(Photograph by Peter Vanderwarlcer, courtesy ofthe 
Central Arteryffunnel Project). 
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35ft Sea water 

Figure 11.29 Final cross-section for underwater tunnel as described in Problem 11.27. 

11.28 A proposed building is to ha ve three levels of underground parking, as shown in Figure 11.30. 
To construct this building, it will be necessary to make a 10.0 m excavation, which will need 
to be temporarily dewatered. The natural and dewatered groundwater tables are as shown, and 
the medium clay is norrnally consolidated. The chief geotechnical engineer is concerned that 
this dewatering operation may cause excessive differential settlements in the adjacent building 
and has asked you to compute the anticipated differential settlement across the width of this 
building. Assume the wall is perfectly rigid, and thus does not contribute to any settlement 
problems, and that the maximum allowable differential settlement from one side of the building 
to the opposite side is 50 mm. Neglect any loss in o; below the existing building due to the 
removal of soil from the excavation. Discuss the implications of your answer. 

1-l .... --- 28 m ----~o.., 

Existing building 

f.-2m 

Proposed 
building 

Figure 11.30 Cross-section for Prob1em 11.28. 

11.29 The Palacio de las Bellas Artes in Mexico City, shown in Figure 11.1, is an interesting exarnple 
of large consolidation settlement. lt is supported on a 1.8 to 3.0 m thick mat foundation which 
is approximately 65 m wide and 115 m long. The average bearing pressure between the bottom 
of this mat and the supporting soil is 115 lePa (Ledesma, 1936). 

The soil conditions beneath the palace are too complex to describe in detail here. 
However, we can conduct an approximate analysis using the following simplified profile: 
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Depth 
Description 

(m) 

0-5 Sandy fill 

5-45 Normal! y consolidated soft clays 

>45 Stiff soils 

y 
(kN/m3

) 

17.5 

11.5 

o 
0.53 

o 
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For our simplified analysis, use a groundwater table at a depth of 5 m, and assume the bottom 
of the mat is at the original ground surface. In addítion, assume the fill has been in pace for a 
very long time, so the consolidation settlement dueto the weight of the fill is complete. 

Divide the soft clay zone beneath the center of the building into five layers of equal 
thickness. Then, compute ( a);nduc•d at the midpoint of each !ayer using the methods described 
in Chapter 10. Final! y, compute the ultimate consolidation settlement beneath the center of the 
palace due to its own weight. 

11.30 Develop a spreadsheet that can compute one-dimensional consolidation settlement dueto the 
weight of a fill. This spreadsheet should be able to accommodate a fill of any unit weight and 
thickness, underlain by multiple compressible soil strata. It also should be able to accommodate 
both nonnally consolidated and overconsolidated soils. Since the computer does all of the 
computations, the spreadsheet should use at least 50 layers. Once the spreadsheet is completed, 
use it to sol ve Examples 11.5 and 11 .6. Submit printouts of both analyses. 

ll.31 A fill is to be placed at a proposed construction site, and you need to detennine the ultimate 
consolidation settlement dueto its weight. Write a 200-300 word essay describing the kinds 
of field exploratíon, soil sampling, and laboratory testing yo u will need to perfonn to genera te 
the information needed for this analysis. Y our essay should describe specific things that need 
to be done, and what informatíon will be gained from each activity. 
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Rate of Consolidation 

Ut tensio sic vis 
(asto stretch, so theforce) 

Robert Hooke' s 1678 description of the relationship 
between stress and strain, now known as Hooke's Law 

When static loads are applied to structural members, such as beams or columns, the resulting 
deformations occur virtually as fast as the loads are applied. For example, when floor loads 
are applied toa steel beam, we assume all of the resulting deflection occurs immediately. 
However, deformations in soil sometimes occur much more slowly, especially in saturated 
clays. Many years, or even decades, may be required for the full settlement to occur in a 
soil, so geotechnical engineers often need to evaluate both the magnitude and the rate of 
consolidation settlement. Therefore, this chapter extends the analyses performed in 
Chapter 11 and develops the ability to produce settlement vs. time plots. 

12.1 TERZAGHI'S THEORY OF CONSOLIDATION 

Karl Terzaghi's most significant contribution to geotechnical engineering was bis theory of 
consolidation, which he developed in Istanbul between 1919 and 1923 (Terzaghi, 1921, 
1923a, 1923b, 1924, 1925a, and 1925b ). Although others had studied the consolidation 
problem and made useful contributions, it was Terzaghi's work that properly identified and 
quantified the underlying physical processes. During this time he identified the principie 
of effective stress, which became the key to understanding the consolidation process. 
Terzaghi' s academic training as a mechanical engineer was very useful, because the 

422 
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processes that control consolidation are very sinúlar to certain thermodynarnic processes. 
[n fact, he was teaching thermodynamics while conducting his consolidation experiments, 
which probably helped inspire the new theory. 

Review of the Consolidation Process 

The consolidation process, as discussed in Chapter 11, begins whyn the placement of a fill 
or sorne other load produces an increase in the vertical total stress, ~o t Initially, this 
increase is carried entirely by the pore water, thus producing an excess pore water pressure, 
u,. In one-dimensional consolidation anal y ses, the initial value of u. equals ~o, . Thus, the 
vertical effective stress, oz', immediately after loading is unchanged from its original value, 
o,o'· 

The excess pore water pressure produces a Jocalized increase in the total head, and 
thus induces a hydraulic gradient. Therefore, sorne of the pore water begins to flow away 
from the zone that is being Ioaded. This flow causes the excess pore water pressure to 
slowly dissipate, the vertical effective stress to increase, and the soil to consolidate. After 
sufficient time has elapsed, u,-0, o/-oj, and the consolidation settlement, 6c-(O,\". 
Terzaghi's theory of consolidation quantifies this process. 

It is important to recognize this theory is not simply an empirical description of 
settlement data obtained in the field; it is a rational method based on a physical model of the 
consolidation process. This is an important distinction, because it illustrates the difference 
between organized empiricism and the development of more fundamental understandings 
of soil behavior. 

The various soil pararneters needed to implement the theory of consolidation are 
normally obtained from a site characterization program, including laboratory consolidation 
tests, and thus are subject to many sources of error (i.e., are the samples truly 
representative?, what are the effects of soil disturbance?, and so on). Therefore, it does not 
give exact answers. However, the validity of this theory has been confirmed, and it is the 
basis for nearly all time-settlement computations. 

A ssumptions 

To keep the computational process from beconúng too complex, the theory of consolidation 
is based on certain simplifying assumptions regarding the compressible stratum: 

l. The soil is homogeneous (CJ(l+e0), CJ(l+e0) and k are constant throughout). 
2. The soil is saturated (S"' 100% ). 
3. The settlement is due entirely to changes in the void ratio, and these changes occur 

only as sorne of the pore water is squeezed out of the voids (i.e., the individual so lid 
particles and the water are incompressible). 

4. Darcy's Law (Equation 7.8) is valid. 
5. The applied load causes an instantaneous increase in vertical total stress, ~o t 

Afterwards, the vertical total stress, ozo at all points remains constant with time. 
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6. Immediately after Ioading, the excess pore water pressure, u,, is constant with depth, 
and equal to ~a, . This is generally true when the load is due to an extensive fill, but 
not when it is from a smaller loaded area, such as a foundation. 

7. The coefficient of consolidation, e, .• as defined below, is constant throughout the soil, 
and remains constant with time. In normally consolidated soils, e ,. is: 

cv ~ ( 2.30 a~ k] ( J ~e) 
Yw e 

where: 
c. = coefficient of consolidation 
k= hydraulic conductivity 
e = void ratio 

ce= compression index 
y w = unit weight of water 
o/ = vertical effecti ve stress 

For overconsolidated soils, substitute CJor C,. in Equation 12.1. 
8. The consolidation process is one-dimensiona1, as discussed below. 

( 12.1) 

Sorne of these assumptions, such as number 4, are very realistic. Others, such as 
number 7, are only approximately correct, and are intended to simplify the analysis. Sorne 
of these assumptions may be modified, with corresponding changes in the solution to 
Terzaghi's theory, but these enhancements are beyond the scope of this book. For most 
practica! problems, the error introduced by these assumptions is acceptable. Section 12.5, 
later in this chapter, discusses the sources and probable magnitudes of error in consolidation 
analyses. 

One-Dimensional Consolidation 

Terzaghi ' s theory assumes the excess pore water flows only vertically, either up or down, 
and consolidation occurs only in the vertical direction. In other words, there is no horizontal 
drainage and no horizontal strain. This condition is called one-dimensional consolidation, 
and is shown in Figure 12.1. 

One of the important pararneters in ene-dimensional consolidation analyses is the 
length of the longest drainage path, Hdr· This is the longest distance any molecule of excess 
pore water must travel to move out of the consolidating soil. There are two possibilities, as 
shown in Figure 12.2: 

• lf the strata above and below are much more permeable than the consolidating soil 
(i.e., they have a much greater hydraulic conductivity, k), then the excess pore water 
will drain both up and down. This condition is known as double drainage and Hdr is 
equal to half the thickness of the consolidating strata. 
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• If the stratum below is less permeable, such as bedrock, then all of the excess pore 
water must travel up, a condition known as single drainage. In this case, Hd, equals 
the thickness of the consolidating strata. 

In both cases, Hdr is measured in a straight line, even though the actual flow path is a 
circuitous one that winds around the individual soil particles. We do it this way to be 
consistent with the definition of Darcy' s Law. 

Fill ... · 

(a) Consolidation (b) Drainage 

Figure 12.1 One-dimensional consolidation has the following chatacteristics: 
a) the consolidation settlement is assumed to occur only in the vertical direction; 
and b) the excess pore water is assumed to escape only by flowing vertically. 

T 
}{ 

1 
Double drainage Single drainage 

Figure 12.2 Computation of the length of the longest drainage path, H _, for one
dímensional consolidation problems. 

The value of Hd, has a significant effect on the time required to complete the 
consolidation process. All else being equal, this time is proportional to Hd}. Thus, if a 6 m 
thick stratum requires 10 years to fully consolidate, a 12m stratum of the same soil (double 
the thickness) would require 40 years (four times as long). 
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Derivation of the One-Dimensional Consolidation Equation 

Volume= V 

In Section 1 1.3 we discussed how the application of 
the additional total stress !1a, onto the ground 
induces an excess pore water pressure, u,. 
Immediately after the application of this load, which 
is assumed to occur instantaneously, u, is constant 
with depth (according to Assumption 6). The rate 
of consolidation depends on the dissipation of these 
excess pore water pressures and the corresponding 
transfer of stress to the solid particles. Therefore, 
we can derive the goveming equation by first 
examining the dissipation of excess pore water 
pressure in a typical soil element as shown in 
Figure 12.3. Then we will examine the 
consolidation that occurs in this element as the Figure 12.3 Soil element used to derive 

stresses are transferred. Finally we will combine Terzaghi' s theory ofconsolídation. 

these two processes into one equation. 
We will assume the excess pore water flows upward through the element. At the top 

of the element, the hydraulic gradient is: 

dh 

dz 
(12.2) 

where z is the depth to the top of the element. Unlike Equation 7.4, this equation does not 
have a negative sign because the water is flowing in the -z direction (upward). 

The elevation head at the top of the element remains constant with time. Only the 
pressure head, hr, changes, and this change is due only to changes in the excess pore water 
pressure, u,. Therefore, using Equation 7.6 we obtain: 

l -
dhp 

dz 
1 due 
---
Y,. dz 

The hydraulic gradient varies with depth, as defined by: 

di 

dz 

Therefore, the hydraulic gradient at the bottom of the element is: 

. di d '-' z_+- z 
' dz 

= _1 ( du , + d2ue dz) 

Yw l dz dz2 

(12.3) 

(12.4) 

(12.5) 
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Using Darcy's Law (per Assumption 4): 

Q dV = k i A 
dt 

dV = k iA dt 

1 ( du, d
2
u, l . dV. = k- -- + -- dz dx dy dt 

m Yw dz dz2 

1 due 
dVout = k - ~ dx dy dt 

Yw dz 

dV = dVin - dVou/ 

k d 2u 
- __ e dxdydzdt 
Yw dz 2 
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(12.6) 

( 12.7) 

(l2.8) 

(12.9) 

Next, we will consider the relationship between volume changes and excess pore 
water pressures inside the sample. According to Equation 11.10: 

de 
(12.10) 

which may be rewritten as: 

de 
ce 1 

-~~da 
1 z 

2.30 az 
(12.11) 

Changes in effective stress are due solely to changes in excess pore water pressure, so: 

(12.12) 

ce 
de= ---du 

1 e 
2.30 az 

(12.13) 
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An extension of Equation 11.8 gives the following formula for the vertical strain, E z: 

de 

1 +e 

The change in volume is then: 

dV = - dEzA dz 

de --dxdydz 
1 +e 

ce 
----~- dx dy dz du 

1 e 
(2.30oJ(l + e) 

(12.14) 

(12.15) 

Finally, we combine Equations 12.1, 12.9, and 12.15. The excess pore water pressure, u,, 
now varies with both depth z and time t, so we have a partial differential equation: 

where: 
u, = excess pore water pressure 
t = time 

cv = coefficient of consolidation (a constant, per Assumption 7) 
z = vertical distance below the ground surface 

(12.16) 

Equation 12.16 is called the one-dimensional consolidation equation. It is similar to Fick' s 
Law of Thermal Diffusion, which mechanical engineers use to analyze the flow of heat 
through a material and the resulting temperature changes. 

Solution of the One-Dimensional Consolidation Equation 

The solution of Equation 12.16 requires the establishment of two boundary conditions for 
z and one initial condition for u,.. For the single drainage condítion with z, = depth to the 
top of the compressible stratum, and H = the thickness of the compressible stratum, they are 
as follows: 

l. At z = z,, u, = O at t = O (the excess pore water pressure is zero at the top of the 
compressible stratum). This appears to be in violation of Assumption 6, and more 
correctly describes the conditions immediately after t = O. This inítial dissipation of 
excess pore water pressures sets up a hydraulic gradient that permits the process to 
continue. 
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2. At z = z, + H, i = du.fdz = O (the hydraulic gradient is zero at the bottom of the 
compressible stratum). This is because we are considering the single drainage 
condition. 

3. At t = O, u,= do, (immediately after placement of the load, the applied vertical stress 
is carried entirely by the excess pore water pressure, is equal to the change in total 
stress, do,, and is constant with depth). This is a restatement of Assumption 6. 

For the double drainage case, simply add a mirror image of the drainage model to the 
bottom half of the compressible stratum. 

An analytic solution based on these boundary conditions produces the following 
infinite series formula for u. at any point in the compressible strata (Means and Parcher, 
1963): 

( [ l [
(2N • 1 )2 1t2 ] l 

- A i-- 4 o (2N + 1) 1t zdr - 4 T,. 
u - LlO L sm - e 

e z N =O (2N + 1) 1t 2 Hdr 

The pararneter Tv is known as the time factor: 

where: 
u, = excess pore water pressure 

da, = change in vertical total stress due to applied load = Y¡w H1w 
zd, = vertical distance from point to nearest drainage boundary 

(12.17) 

(12.18) 

Hd, = length of longest drainage path (for single drainage, Hd, = thickness of the 
compressible stratum; for double drainage, Hd,= half the thickness of the 
compressible stratum) 

e= base of naturallogarithms = 2.7183 
c.= coefficient of consolidation 
t = time since application of load 

T,. = time factor 

The sin term in Equation 12.17 must be in radians. The summation has a value of l at t = O, 
and a value of O at t = oo, which means u, has an initial value equal to do, and a final value 
ofO. 

Each increment of N in Equation 12.17 produces a progressively smaller change in the 
summation. Thus, the summation needs to continue only until this incremental change 
becomes negligible. Frequently this occurs at an N less than 1 O, although sometimes many 
more increments are needed. 
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Application of the One-Dimensional Consolidation Equation 

Equation 12.17 describes the excess pore water pressure, u,, produced in a soil subjected to 
an instantaneous increase in total stress ..:lo :e lmmediately after this load is applied, u,= aa,, 
then it gradually diminishes with time, eventually becoming equal to zero. At the end of 
this process, the groundwater will have retumed to the hydrostatic condition. The time 
required far this process and the applicability of this equation to practica! problems depend 
on many factors, including the soil type. 

Clays and Silts 

The excess pore water pressures dissipate only as sorne of the pore water flows away from 
the zone of soil that is being loaded. Clays and silts have a low hydraulic conductivity, k, 
so water flows very slowly through these soils, and a long time is required to retum to the 
hydrostatic condition. The theory of consolidation reflects this through the use of a low 
coefficient of consolidation, e, (per Equation 12.1). Using these Jow cv values in 
Equations 12.17 and 12.18 demonstrates that years or even decades will be required to fully 
dissipate the excess pare water pressures and retum to the hydrostatic condition. 

Our assumption that the load is applied instantaneously is not too far from the truth, 
because the duration of construction is probably very short compared to the time required 
to dissipate the excess pare water pressures. Therefare, the analyses described in this 
chapter are applicable to these soils. We will use these methods to compute the dissipation 
of excess pore water pressures and thus develop p1ots of consolidation settlement vs. time. 

Sands and Gravels 

The hydraulic conductivity, k , of sands and gravels is much greater than that of clays and 
silts, so their time-settlement behavior is correspondingly different. According to Tab1e 7.1, 
k in sands is typica11y about 1,000,000 times greater than that in clays, and according to 
Equation 12.1, c)s proportional to k. If we place these high cv values in Equations 12.17 
and 12.18 it becomes clear that the excess pare water pressures dissipate very quickly, 
perhaps in a few minutes or less. This is much faster than the rate of construction, so the 
consolidation settlement occurs virtually as fast as the load is applied. 

Therefore, it is not necessary to conduct rate of consolidation analyses in sandy and 
gravelly soils. We simply compute the ultimate consolidation settlement, (Oc)uJr, using the 
methods described in Chapter 11 and assume it occurs as quickly as the load is applied. 

Example 12.1 

Consider the soft clay strata in Example 11.5. According toa laboratory consolidation test, 
e,.= 0.0021 m¿/day. Compute the hydrostatic, excess, and total pore water pressures at Point B, 
2000 days after placement ofthe fill. 
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Solution 

uh = y,. zw = (9.8 kPa)(5.0 m) = 49.0 kPa 

The soils above and below the clay are much more permeable than the clay. Therefore. use 
double drainage. 

Hdr = lO.Om = 5.0m 
2 

zJ,= 3.0 m 

U sing Equations 12.17 and 12.18: 

N u, (kPa) 

o 39.2 

0.2 

2 o.o 
Su m 39.4 

This time, only three increments of N are required. 

u = uh +u, = 49.0 kPa + 39.4 kPa = 88.4 kPa 

uh = 49.0kPa 
u. = 39.4 kPa 
u = 88.4kPa 

- Answer 
._ Answer 

- Answer 

To develop a complete plot of pore pressure vs. depth, the computations in 
Example 12.1 would need to be repeated at many different depths. This would be tedious 
todo by hand, but easy todo with a computer. 

When a computer is not available, the excess pore water pressures also may be 
computed using Figure 12.4, which presents plots of u/ !J. o, for various val u es of T,. It was 
developed from Equation 12.17. N o ti ce how the consolidation process (i.e., the dissipation 
of excess pore water pressures) occurs very quickly at the top and bottom because the excess 
pore water pressures drain most easily there. However, the process is much slower in the 
center because it is farther from the drainage boundaries. 
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Figure 12.4 u)l:io, for various values of T, with double drainage. For the single drainage case, use only the 
upper half of this diagram. 

Example 12.2 

l. O 

A fill is to be placed on the soil profile shown in Figure 12.5. Using the curves in Figure 12.4, 
develop a plot of uh , u , , and u vs. depth at t = 1 O yr after placement of the fill. 

Solution 

The hydraulic conductivities of the SM and ML strata are much greater than that of the CH strata, so 
the double drainage condition exists. 

H ~ 10.0 m = 5.0 m 
d' 2 

(3 X 10-3 m 2/d)(10yr)(365 d/yr) = 0.43S 

(5.0 m)2 
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U, U e, Uh (kPa) 

50 100 150 

5 

15 u 

Figure 12.5 Soil profile and results for Example 12.2. 

Depth from 
u.ftla, u = 

original U¡, =y..z.., Zd, • U= U¡, + u, 
ground surface 

Soil 
(kPa) (m) zd/Hd, from 68.9 u,/ !la, 

(kPa) 
(m) 

Fig. 12.4 (kPa) 

o o o 
o o 

2 SM o o 
3 o o 
4 9.8 9.8 

5 19.6 o o o o 19.6 

6 29.4 l. O 0.20 0.13 9.0 38.4 

7 39.2 2.0 0.40 0.25 17.2 56.4 

8 49.0 3.0 0.60 0.35 24.1 73.1 

9 58.8 4.0 0.80 0.41 28.2 87.0 

10 CH 68.6 5.0 1.00 0.44 30.3 98.9 

11 78.4 4.0 0.80 0.41 28.2 106.6 

12 88.2 3.0 0.60 0.35 24.1 112.3 

13 98.0 2.0 0.40 0.25 17.2 115.2 

14 107.8 1.0 0.20 0.13 9.0 116.8 

15 117.6 o o o o 117.6 

16 127.4 127.4 

17 
ML 

137.2 137.2 
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The results are plotted in Figure 12.5. 

Commentary 

l. Dueto the high hydraulic conductivity (or high e,.) in the SM stratum, the potential rate 
of drainage is probably greater than the rate of loading, so there will not be any 
significant excess pore water pressures. Sorne excess pore water pressures might be 
present in the ML stratum during the early stages of consolidation, but they will have 
di ssipated long befare t = 10 years. Therefore, excess pore water pressures are present 
only in the CH stratum. 

2. lf single drainage conditions had been present in the CH strata, then the z d,IH d' 

values would range from O at the top of the stratum to 1 at the bottom, and the u, values 
would be correspondingly higher. 

OUESTIONS ANO PRACTICE PROBLEMS 

12.1 A 12.0 m thick saturatedclay stratum with double drainage is to be subjected toa .ó.cr< of75 kPa. 
The coefficient of consolidation in this soil is 3.5 X 10-3 m2/day. Using Equation 12.17, com
pute the excess pore water pressure ata point 2.7 m above the bottom of this stratum 10 years 
after placement of the load. 

12.2 Sol ve Question 12.1 using Figure 12.4. 

12.3 A 20 ft thick fill with a unit weight of 120 lb/ft 3 is to be placed on the soil profile shown in 
Figure 12.6. Assuming the fill is placed instantaneously, use the curves in Figure 12.4 to 
develop a plot of u, vs. depth at t = 1.5 yr. Plot depth on the vertical axis, increasing downward. 
and consider depths from the original ground surface to the bottom of the CL stratum. 

12.4 Use Equation 12. 17 to compute the hydrostatic, excess, and total pore water pressures at Point F 
in Figure 12.6 at t = J, 2, 4, 8, and 16 years after placement of the fill. Then use this data to 
develop a plot of U0, u, , and u at this point vs. time. AII three curves should be on the same 
diagram, with time on the horizontal axis. 

12.5 U sing the soil profile in Figure 12.6, develop a spreadsheet (Ex ce 1, Lo tus 1-2-3, etc.) that 
solves Equation 12.17 at 1.0 ft depth intervals through the entire soft clay stratum. Use 
summations for N= O to 8. Then use this spreadsheet to develop a curve of excess pore water 
pressure vs. depth at t = 6 yr after construction. Submit a printout of the spreadsheet, anda plot 
of the excess pore water pressure curve. 

Note for those who may wish to develop spreadsheets or other software for more general 
solutions: The natural exponent term in Equation 12. 17 may cause difficulties for sorne 
programming languages when they attempt to take e toa large negative power. However, these 
difficulties appear to occur only when N has risen to values beyond those necessary for the 
summation. Therefore, avoid such difficulties by terminating the summation whenever the 
exponen! term generates an error, or when the íncrement of N produces a negligible change in 
the summation. 
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Figure 12.6 Soil profile for Problems 
12.3-12.5. 

12.2 CONSOLIDATION SETTLEMENT VS. TIME COMPUTATIONS 

435 

Now that we have Equation 12.17 and are able to compute excess pore water pressures as 
a function of depth and time, we also can compute consolidation settlement, o,. as a function 
of the time since loading, t. Plots of anticipated settlement vs. time are very valuable to 
geotechnical engineers because they help us plan appropriate mitigative measures. For 
example, if the weight of a proposed fill will produce a certain amount of settlement, but 
this settlement will be virtually complete before construction of any buildings begins, then 
its impact on the buildings will be minimal. However, if the settlement will continue for 
many years after construction of the buildings, then it may be necessary to provide sorne 
different type of foundation or sorne other measures to avoid damaging the buildings. 

To compute the consolidation settlement, ~e• at a particular time, we need to know the 
vertical effective stress, o,'. At the beginning of consolidation (t = O, 0., "' 0), o, ' = ozO '; at 
the end of consolidation (t = oo, o e= (o ) "1), o ,' "' o J. Between these times, o z' may be 
computed using the following equation: 

where: 
o,' =vertical effective stress at any time in the consolidation process 
o.¡' "' vertical effective stress at the end of consolidation 
u~ = excess pore water pressure 

(12.19) 
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The vertical effective stress, o,' , varíes with depth, so we must compute the consolidation 
settlement at time t using the following revised versions of Equations 11.23, 11.24, and 
11.25: 

For normally consolidated soils (a ,0' "' o,'): 

For overconsolidated soils- case 1 (o,0' <o/ so,'): 

For overconsolidated soils- case U (o ,0' < o.' < a ,'): 

where: 
6, = consolidation settlement at time t 
e, = compression index 
cr = recompression index 
e0 = initial void ratio 

0 10 ' = initial vertical effective stress 
o/ =vertical effective stress at time t 
o/ = preconsolidation stress 
H = thickness of soil strata 

(12.20) 

(12.21) 

(12.22) 

Equations 12.20--12.22 need to be selected carefully, because the appropriate choice 
may vary with both depth and time. For example, a given point in the soil may be 
overconsolidated case 1 during the early stages of consolidation, then change to 
overconsolidated case 11 when o/ reaches a,.'. 

lt also is helpful to define a new parameter, the degree of consolidation, U, which is 
the percentage of the ultimate consolidation settlement that has occurred at a certain time 
after loading: 
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u 

where: 
U= degree of consolidation (percent) 
o, = consolidation settlement 

(o)"'' = ultimate consolidation settlement 

437 

(12.23) 

We will consider two ways to develop time-settlement curves: one that explicitly 
considers the dissipation of pore water pressures but requires a computer, and another 
simp!ified method that may be solved by hand. 

Computer-Based Solution 

The analysis described thus far may be implemented using a computer as follows: 

l. Divide the compressible stratum into horizontallayers. 
2. Using Equation 7.7, compute the hydrostatic pore water pressure, uh, at the midpoint 

of each !ayer. 
3. Using the pore water pressure from Step 2, compute the initial vertical effective stress, 

o 10 ', at the midpoint of each !ayer. 
4. Select an appropriate time, t, after placement of the load. 
5. Using Equation 12.17, compute the excess pore water pressure, u,, at the midpoint of 

each !ayer. 
6. Add the values obtained from Steps 2 and 5 to find the pare water pressure, u, at the 

midpoint of each !ayer (u = uh + u,). 
7. U sing the pare water pressure from Step 6, compute the vertical effecti ve stress, oz ', 

a t the midpoint of each !ayer. This is the oz' at time t. 
8. Using Equation 12.20, 12.21, or 12.22, as appropriate, compute the consolidation 

settlement for each !ayer and sum. This is o e at time t. lf Equation 12.22 is to be 
used, it will be necessary to compute a e' at the midpoint of each !ayer using Equation 
11.17. 

9. Repeat Steps 4 through 8 using new values of t until an acceptable o e vs. t plot has 
been obtained. 

This is a type of numerical solution, and its precision depends on the number of layers 
used in the computations. At least fifty Iayers are typically necessary to develop reasonable 
plots. 

Program SETIRATE 

Program SETTRATE, which is part of the geotechnical analysis package that accompanies 
this book, uses this method to compute the consolidation settlement as a function of time. 
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It considers only consolidation settlements due to the weight of a wide fill . The program 
also is limited to soil profiles where the groundwater table is located above the top of the 
compressible stratum. To use this program, you must frrst install the geotechnical analysis 
software package onto a computer. See Appendix C for computer system requirements and 
installation instructions. 

To run the program, select SETIRATE from the main menu, then type in tbe requested 
information. Once all of the information is entered, click on the CAL CULA TE button to 
begin a short animation. The time- settlement curve progresses from t = O to the time 
specified by the u ser. Simultaneously, plots of u e' o,'. and e , vs. depth show how these 
functions vary with time. The animation speed may be adjusted by selecting slow, medium, 
or fast in the upper left portion of the screen. At the end of the animation, <'>e• T.,, and U are 
displayed in the upper right portion of the screen. 

This program has two purposes. The first is to permit faster solution of 
time-settlement problems. The second and perhaps more important purpose is to help the 
reader visualize how the various parameters change with time and deptb. This is the 
purpose of the animation. The plots also show the maximum value of each parameter. 

To obtain a time-settlement plot, enter a series of values for the time since loading and 
record the corresponding calculated values of <'>c. If sandy strata also are present, compute 
their ultima te consolidation settlement by hand, and add it to the <'> e values from SE TIRA TE. 

When finished, a printout may be obtained by clicking on the PRINT button. Then, 
exit by clicking on the EXIT TO MAIN MENU button. 

Example 12.3 

A fill is to be placed o ver the soil pro file shown in Figure 12.7. U sing program SETTRA TE, 

develop a plot of consolidation settlement vs. time. Both the SP and CUML strata are normally 
consolidated. 

: : : . ,<_. :: _ _. .. _:._::_.-_ :"<·: :. ; ·<: ·.v~~-d~~~~:gr~~~-Íly, ~a~d : .. · .. · .·· · .: .· : ·;·.._"< 
. . . .... :. . . . : . . ·. . . . · .... : . . ·• . . . · ..... : . . .. .. . . . . ·.· . .. .. ·· ... :. .. . . . . . . . . .. ·· .. 

. . . . . . . . . . '·. · ...... : . . . . : .··:: .· _: : : ... . . . . :. ·.·· . ... _: 
. . . . . . . . ..... 

Figure 12.7 Soil profile for Examples 12.3 and 12.4. 
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Solution 

Silty clay/clayey silt stratum: 

Compute using program SETTRATE. See Figure 12.8 for typical screen. Theresults are 
plotted in the table on the next page. 

SETTRATE - Rate of Consolidation settl eme nt 

computed $e:t.tlemel1t.- _at t.i~e t 

Anitriati?ri 
Spt;!ed: 

Soi1 ProCUe 

to ·cqroundwat.er tabl.E!' :Ow_ p.z--m 

S7 

Figure 12.8 Typical SETI'RATE screen for Example 12.3. 

Sand stratum: 

¡¡ = 0>434 m 'l'V = Q, ¡¡~ 
e 

65 Yea.::s 

\ePa 
C5 " 

0 .1 

fl.etúrrt to Maln Menu 

The consolidation settlement in the sand stratum will occur as quickly as the load is 
applied. Therefore, we only need to compute the ultimate consolidation settlement. 

At midheight in the sand stratum: 

a~= LYH-u 

(17.8k.N/m 3)(1.2m) + (18.lkN/m 3)(0.95m)- (9.8k.N/m 3)(0.95m) 
= 29.2kPa 

1 1 
aif = azO + Yfiu Hfill 

= 29.2 kPa + (18.0 k.N/m 3)(3.2 m) 
= 86.8 kPa 
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Per Table 11.4, CJ(l+e0) = 0.007 

Gravelly sand stratum: 

[ 

1 ) 
ce a,¡ 

= L--H!og -
1 + eo a l 

zO 

= (0.007) (4.3 m) log ( 86·8 kPa) 
29.2 kPa 

= 14mm 

Chap. 12 

This soil ís classified as very dense, so we can assume its compressibility is negligíble 
compared to that of the other strata. 

The results of these computations are shown in the following table, and the time-settlement 
curve is plotted in Figure 12.9. 

Time 

(days) (years) 

2 

5 

10 

20 

50 

100 

200 

500 

1000 

1400 

2000 

3200 

5000 

7100 

10000 

14000 

20000 

1.4 

2.7 

3.8 

5.5 

8.8 

13.7 

19.5 

27.4 

38.4 

54.8 

. .. Settten;\~~t (mm) 

Sand Strata Clay ~~ta 
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Commentary 

Although most of the settlement occurs in the first 25 years, the consolidation process continues 
for at least another 25 years. 

o 

E' 100 5 
~ 

(,() 

i 
a.J 200 E .g 
~ 
"' e: 

300 o 
-~ 

] 
o 
"' e: 400 o 
u 

10 20 30 40 50 

Time (years) 

Figure 12.9 Time-settlement plot for Examples 12.3 and 12.4. 

Simplified Solution 

70 80 90 

The second method of computing the consolidation settlement introduces an additional 
simplifying assumption: For the purpose of computing the dissipation of u,, we will assume 
the vertical strain, E ,, dueto consolidation in the compressible strata is proportional to the 
vertical effective stress, a/. In other words, the stress-strain curve is linear. This is clearly 
not true - it is a logarithmic relationship, as discussed in Chapter 11. However, this 
assumption simplifies the computations in a significant way because the vertical strain 
becomes proportional to the drop in excess pore water pressure (E,"" -ue). Thus, a certain 
drop in u, at one depth in the compressible stratum produces the same strain as an equal 
drop in u, at another depth. 

This assumption can be confusing in that it applies only to the settlement rate 
computation. The value of (óJ"1' remains unchanged, and is still based on the non-linear 
Equations 11.23-11.25. The only difference in the results obtained from this simplified 
method and the more precise computer-based solution is the shape of the time-settlement 
curve. 

With this new simplifying assumption, U becomes equal to half the area to the right 
of each T, curve in Figure 12.4. Therefore, we can develop a unique relationship between 
U and T,, as shown in Figure 12.10. This relationship also may be represented by the 
following fitted equations (adapted from Terzaghi, 1943): 
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For T,. ~ 0.217 (U~ 52.6%): 

u ~ ~---;-X 100% 

For T,. > 0.217 (U> 52.6%): 

[ (
0.085 • T )~ 

U = 1 - 10-~~X l 00% 

where: 

o 

10% 

20% 

30% 

40% 

u 50% 

60% 

70% 

80% 

90% 

100% 
o 

U = degree of consolidation (percent) 
T,. = time factor 

0.5 
T,. 

Chap. 12 

(12.24) 

(12.25) 

Figure 12.10 The solid line is the U vs. T,.function for the simplified analysis of one-dimensional 
consolidation. The shaded area represents the rangc of values obtained from the more precise computer 
solution described earlier. 

Figure 12.1 O also shows the range of U vs. T,. values obtained from the more precise 
computer solution described earlier. The difference between these two methods is often 
small, but it can be quite significan!, especially during the early stages of consolidation. 
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Example 12.4 

Solve Example 12.3 using Figure 12.10. 

Solution 

According to program FILLSETT, or from a hand analysis similar to the ones in Chapter 11. the 
ultimate consolidation settlement, (o,.).1,, ofthe clay stratum is 471 mm. 

Using Equation 12.18 to compute Tvand Figure 12.10 (or Equations 12.24 and 12.25) to find 
U, we obtain the following results: 

Time :·::::::::y::·::.:::::::::-:::}:::Y:::<· Settlement (mm) 

T u 
(days) (years) .. (%) Sand Clay 

Total 
S trata S trata 

................ 

2 o.<>(}() rf .... · · · 14 5 19 

5 0~001)42 14 9 23 
.. 

10 0.()(}()84 14 14 30 

20 0.0017 14 24 38 

50 0.0042 14 33 47 

100 o;ooM 14 47 61 

200 o.oú 14 71 85 

500 1.4 0.042•···· .. 23 14 108 122 

1000 2.7 14 155 169 

1400 3.8 14 184 198 

2000 5.5 14 221 235 

3200 8.8 14 273 287 

5000 13.7 14 334 348 

7100 19.5 14 386 400 

10000 27.4 ·.·.0.8:4 .. 90 ..... 14 424 438 

14000 38.4 ·l.i : .. 96 14 452 466 
••••• lJ-t·'·. ¡ 

. 
20000 54.8 

<: ''' . ." 9<) 14 466 480 
... 

32000 
.. . ... loo 87.7 2.7 ...... 14 471 485 

These results are plotted in Figure 12.9, along with the computer-generated results from 
Example 12.3. The greatest difference between these results is about 12 percent. 

Correction for Construction Period 

In reality, most loads applied to soils do not occur instantaneously. They usual! y are applied 
during sorne construction process that may last for weeks or months. For example, loads 
due to the weight of new fills are imparted only as fast as the fill is constructed. 
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A simple method of computing settlements during and aftcr the construction period 
is to assume the load is applied ata uniform rate, then adjust the time t in the settlement 
computations as follows: 

For t :S te: 

where: 
t = time since beginning of construction 
t, = duration of construction period (i.e. time at end of construction) 

tadJ = adjusted time 

(12.26) 

(12.27) 

Then, perform the settlement rate computation using t ad¡ and the value of Hfi11 present at 
time t. For example, if a 6 m thick fill is to be placed at a uniform rate over a period of 30 
days, we would compute the settlement at t = 20 days using t adJ = 20/2 = 10 days and 
H¡w = 6 m (20/30) = 4 m (i.e., the amount of fill present at t = 20 days). 

Example 12.5 

A proposed fill is to be placed on the soil profile shown in Figure 12.11. The fill will be p1aced 
at a uniform rate over a períod of six months. Develop a time-settlement curve considering this 
constructíon períod. 

Solutíon 

H1w increases linear\ y from O at t =Oto 12ft at r = 180 days. 

SM/ML stratum: 

Assume the consolidation settlement occurs as quickly as the fill is placed {i.e., no 
significant excess pore water pressures). 

Divide into two layers: Layer 1 is the upper 4 ft and !ayer 2 is the lower 6 ft. 

For Layer 1: 

a~0 ~ L,yH- u= (ll8lb/ft 3 )(2ft)- O= 2361b/ft 2 
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[ 
1 l ce 07,{ 

(&) = ~--Hlog -cult ~ 1 1 
+ eo a,o 

( 
236 +y H ) 

(0.02)(4)log 23~
11 

fill 

ForLayer 2: 

a~0 = L y H - u = (118lb/ft 3 )(4 ft) + (119lb/ft 3 )(3ft) - (62.4lb/ft 3)(3 ft) = 642 lb/ft 2 

[ 
1 l ce 07,{ 

(& ) = ~ --Hlog - = 
cult ~ 1 1 

+ eo a,o 
( 

642 + y H ) 
(0.02)(4)log . 64~

11 
fill 

Compute &e for each time using the corresponding ~11• The results of this computation 
are shown in the table on the next page . 

. Silty. ~a,nd with gravei (SM) . · 

Figure 12.11 Soil profile forExample 12.5. 

CLStratum: 

The consolidation in this stratum will continue well beyond the construction period, and 
needs to be computed using program SETIRATE. For t =Oto 180 days, use Equation 
12.26 to find tadp and use Hfi11 linearly increasing with time. For t > 180 days, use 
Equation 12.27 and H1w = 12 ft. 
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Time Since Adjusted time Consolidation settlement, o, 
Beginning of H fi ll for settlement (ft) 

Construction (ft) computations 
t (days) tadJ (days) SM/ML CL Total 

o o o o o o 
30 2 15 0.04 0.1 4 0. 18 

60 4 30 0.07 0.20 0.27 

90 6 45 0.09 0.24 0.33 

120 8 60 0. 11 0.28 0.39 

180 12 90 0.13 0.34 0.47 

240 12 150 0.13 0.44 0.57 

300 12 210 0.13 0.51 0.64 

360 12 270 0.13 0.57 0.70 

480 12 390 0.13 0.66 0.79 

600 12 510 0.1 3 0.73 0.86 

900 12 810 0.13 0.83 0.96 

1200 12 1110 0.13 0.88 1.01 

1800 12 1710 0.13 0.92 1.05 

2400 12 2310 0. 13 0.93 1.06 

These results are plotted in Figure 12.12. 

0.0 ~----------------~------~----------------~ 

~ " ' \ 
r-\\·--------------------------+------- -----------------------------+------------------

i o•~,-\_ 
~ 0.8 ~~~---··················"~·-········· · ·······························i····· ······································',· ····· · ····················· ·········· ···+·········--······························1 

eS 180day J ~ 
l. O - construction ·:· ·· ·· ···· ·· ············ ··· ··· ···· ·: .... 

period 

1.2 1 i i i 
o 500 1000 1500 2000 2500 

Time (days) 

Figure 12.12 Results of settlement computations for Example 12.5. 
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QUESnONS AND PRACTICE PROBLEMS 

12.6 Consider the proposed fill and soil profile shown in Figure 12.5, except replace the sandy silt 
strata with an irnpe!Vious bedrock. Using the simplified solution, compute the consolidation 
settlement at t = 15 years after placement of the fill. The ultimate consolidation settlement is 
0.50 m. Do not apply any correction for the construction period. 

12.7 Solve Problem 12.6 using programsETTRATF. 

12.8 A fill is to be placed on the soil profile shown in Figure 12.13. The groundwater table is leve! 
with the original ground surface. Use prograrn SETTRATE, develop a plot of consolidation 
settlement vs. time. Continue the plot until U> 99%. Do not apply any correction for the 
construction period. 

Note: As consolidation settlement occurs, sorne of the fill will become submerged beneath the 
groundwater table. The resulting buoyant force will reduce o J and thus reduce the 
consolidation settlement. However, this effect is small for this problem and may be ignored. 

Figure 12.13 Soil profile for 
Prob1ems 12.8-12.10. 

12.9 A shopping center is to be built on the fill described in Problem 12.8. The proposed buildings 
and other facilities can tolerate a settlement due to the weight of the fill of no more than 2 in. 
Therefore, once the fill has been placed, it will be necessary to wait until enough settlement has 
occurred that the remaining settlement will be less than 2 in. Only then may the building 
construction begin. 

Assuming the fill will be placed ata uniform rate from May 1 to June 1, determine the 
earliest start date for the building construction. Apply a correction for the construction period 
and use program SETTRA TE 

For this problem, consider only settlement dueto the weight of the fill. Do not consider 
settlement due to the weight of the buildings. 

12.10 Solve Problem 12.9 using the simplified solution. 
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12.3 THE COEFFICIENT OF CONSOLIDATION, cv 

Terzaghi's theory lumps a11 ofthe soil properties (other than the drainage distance) into one 
parameter, the coefficient of consolidation, e", as defined in Equation 12.1. Of the various 
parameters in this equation, the hydraulic conductivity, k, varies most widely, and thus is 
the most important factor. Therefore, e" is very small in clays and very large in sands. 

We need to have sorne means of measuring e" before we can perform time-settlement 
analyses. One method of doing so might be to assess each of the parameters in 
Equation 12.1 and calculate e, , but this is rarely done. lnstead, engineers usually measure 
the rate of consolidation in a laboratory consolidation test and back-calculate e" by 
performing a time-settlement analysis in reverse. Because ~r in the lab is very small, the 
rate of consolidation is much faster than that in the field, but e" should, in theory, be equal 
to the field va1ue. 

In principie, it should be a simple matter to obtain cJrom laboratory time-settlement 
data. The stress conditions in the laboratory sample are such that the U vs. T" relationship 
is exactly as shown by the solid line in Figure 12.10 and Equations 12.24 and 12.25. Thus, 
we might expect to simply select an appropriate point on the laboratory time-settlement plot, 
identify the corresponding values of U, t, and T", and use Equation 12.18 to compute e". 

In practice, this task is slightly more complicated because the time-settlement behavior 
in the lab is slightly different than that in the field. Therefore, it has been necessary to 
develop special curve-fitting methods to interpret the laboratory data. One of these is the 
square root oftimefitting methoddeveloped by Taylor (1948), as follows: 

l. Plot the soil compression against the square root oftime, as shown in Figure 12.14. 
2. The initial portion of the curve should be fairly straight. Extrapo1ate it back to {t = O. 

This locales Point A. 
3. Beginning at Point A, draw a line that has a slope of 1.15 times that of the initial 

portien of the laboratory curve. 
4. Note the point where the line in Step 3 crosses the laboratory curve. This is Point B, 

which represents U::;; 90%. Read the corresponding time, .Jt;o. 
5. Using Equation 12.18, T,, ::;; 0.848 (the theoretical value at U::;; 90%), t = t90 , and 

Hdr = one half the sample height (laboratory samples have double drainage), compute 

Casagrande presented another commonly used method of finding e" from laboratory 
test data (Holtz and Kovacs, 1981 ). It is called the logarithm of time fitting method. This 
method plots the data on a settlement vs. log time diagram and Iocates the point where 
U"" 100%. The procedure then locates U= 50% and the corresponding time, t.,0 , is placed 
into Equation 12.18 along with T" = 0.197 (per Equation 12.24) to compute e,. 

Most geotechnical engineers prefer the square root of time method because it permits 
the next load to be placed as soon as t 90 has been reached, whereas the Iogarithm of time 
method requires the load be Jeft on long enough to identify t JU() Since consolidation tests 
are very slow anyway, typically requiring days to complete, this difference can ha ve a 
significant impact on the cost of performing the test. 
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• ~ Laboratory data point 

o fi9o 
/i (minn·5) 

449 

Figure 12.14 Taylor's square root of time 
method for computing e ,from laboratory 
consolidatíon test data. 

Figure 12.15 presents an approximate correlation between e,. and the liquid limit. 
Although this diagram is not a substitute for performing laboratory tests, it may be u sed to 
check test results for reasonableness and for preliminary estimates. Table 12.1 lists sorne 
measured values. Notice there is sorne disagreement between these two references. 

Terzaghi's one-dimensional consolidation equation (Equation 12.16) is based on e,. 
being a constant. However, in reality it varíes with effective stress as described in 
Equation 12.1. This effect can be seen by computing e" for each of the severa! load 
increments in the consolidation test. Figure 12.16 shows measured values at different 
effective stresses for severa! soils. Note the sudden change in e,. at the preconsolidation 
stress, which is explained by the C factor in Equation 12.1 (this factor is equal to e;. on one 
side ofthe preconsolidation stress, and Ccon the other side). Therefore, overconsolidated 
soi1s typically have cv values five to ten times greater than the same soils in a nonnally 
consolidated condition. 

1t ís possíble to write a new version of Equation 12.16 where cv is a variable, but this 
equation appears to require a numerica1 so1ution to compute u, (i.e. , we would not have a 
direct solution 1ike Equation 12.17). Although computer software cou1d be developed todo 
this, such ana1yses are rarely, if ever, performed in practice. Instead, we simp1y evaluate ~· 
atan effective stress equal to the a; in the field, and consider it to be a constant. 
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Figure 12.15 Approximate correlation between coefficient of consolidation, 
c., and liquid limit, wL. U ndisturbed norrnally consolidated soils typically 
plot near the center of the shaded zone, undisturbed overconsolidated soils in 
the upper portian, and remolded soi1s in the 1ower portian. (U.S. Navy, 1982) 

Chap. 12 

TABLE 12.1 MEAS U RED VAL UES OF cv (Adapted from Holtz and Kovacs, 1981) 

Organic silt (OH) 
(Lowe, Zaccheo, and Fe1dman 

(1964) 

Chicago silty clay (CL) 
(Terzaghi and Peck, 1967) 

San Francisco bay mud (CL) 

0.00016- 0.00082 

0.00074 

0.0016-0.0033 

0.0016- 0.0082 

0.0074 

0.016- 0.033 
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12.4 ACCURACY OF SETTLEMENT RATE PREDICTIONS 

As with all other geotechnical 
analyses, settlement rate 
predictions are subject to many 
errors. These include the sources 
of error for consolidation 
analyses in general, as described 
in Section 11.14, plus additional 
errors unique to rate 
computations. 

An especially important 
source of error in settlement rate 
computations is our assessment 
of the length of the longest 
drainage path, Hd,.. The time 
required to reach full 
consolidation is proportional to 
Hd}, as discussed earlier, so even 
small errors in this value can 
produce significan! changes in 
the computed settlement rate. 
This problem can be quite 
insidious, because compressible 
clay strata that appear to be 
homogeneous often contain thin 
horizontal sandy seams. If these 
layers are continuous, or nearly 
so, the horizontal hydraulic 
conductivity can be much greater 
than the vertical hydraulic 
conductivity as discussed in 

1 ..- San Francisco 
;:: WL=89% 

0.1 ,,¡ 

~~---------. 1oo~E------------, 

101f~ 

1 ¡;,-- Boston 
!: w¿=33% 

0.1 1111 

10 0.1 1 

' cr, 

Figure 12.16 Coefficient of consolidation for various soils as a 
function of effective stress (Terzaghi, Peck, and Mesri , 1996). 

10 

Chapter 7 (kx >> k). Therefore, the excess pore water generated in the el ay will move up 
or down to the nearest sand seam, then escape horizontally through the seam as shown in 
Figure 12.17. 

For example, considera 8 m thick clay strata with double drainage. If it contains thin 
continuous sand seams every 2 m, then Hdr is real! y 114 of the apparent value, and the time 
required for consolidation will be ( 114 )2 = l/16 of the computed val u e. This iHustrates the 
importance of identifying small details when logging exploratory borings. 

The analysis method presented in this chapter was also based on drainage occurring 
only vertically. This assumption loses its validity when the Joaded area is small, such as a 
structural foundation. In such cases, much of the drainage is horizontal, evcn if no sandy 
seams exist, and the consolidation settlement is correspondingly faster. 

Another potential source of error occurs in soils that are not fully saturated. For 
example, sorne organic soils have S< 100%, even though they may be located below the 
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groundwater table. The air bubbles in such soils compress quickly, thus accelerating the 
consolidation process. 

. . .... 

. . . . 
·. : 

Without horizontal sand seams With horizontal sand seams 

Figure 12.17 Effect of thin horizontal sand seams on the rate of consolidation. 

Fairly accurate predictions of settlement rates are sometimes possible when wide loads 
are placed at very uniform sites with extensive exploration and testing programs. However, 
non-uniformities in the subsurface conditions at most sites, combined with econornic 
lirnitations on exploration and testing introduce substantially more error. Thus, it is not 
unusual for the actual rate of settlement to be half of the predicted rate, or twice the 
predicted rate. 

12.5 CONSOLIDATION MONITORING 

Predictions of both the rate and magnitude of settlement can be seriously in error, so 
engineers usually use conservative estimates when assessing the impact of these settlements 
on proposed construction. Often, such conservative estimates are acceptable because they 
do not ha ve a serious impact on the final design. However, when the predicted settlements 
are large, such conservative designs can be very expensive. In such cases, geotechnical 
engineers sometimes install instruments in the ground to monitor the actual settlements, 
especially during the early stages of consolidation. We then use the data from these 
instruments to update our pre-construction settlement computations. These updated 
predictions are much more reliable because they have been calibrated based on the actual 
field performance, and thus may be used to justify less conservative designs. 

There are two approaches to monitoring consolidation in the field. The frrst monitors 
only settlements, while the second monitors both settlements and pore water pressures. 

Monitoring Settlement Only 

A basic monitoring program consists of installing survey monuments at the ground surface 
and periodically measuring their elevation using a total station or other conventionalland 
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surveying equipment. These monuments need to be finnly fastened to the ground, and must 
not be subject to surficial soil movements, vandalism, or damage from construction 
equipment. 

Another method of monitoring settlements is to install remote devices such as that 
showninFigures 12.18 and 12.19. This one consists of a water reservoirinstalled at afixed 
elevation with a tube leading to the sensing unit, which is buried in.the ground. A pressure 
transducer at the sensing unit measures the pressure in the water, whi~h pennits computation 
of the difference in elevation between the reservoir and the sensor. r1f.s the sensor settles. the 
pressure changes and the new elevation can be computed. This device is installed before 
the fill is placed, thus allowing settlements to be monitored both during and after 
construction. 

R.c$crYmr 

Figure 12.18 Installation of remate reading settlement plate. The 
reservoir is located on ground that is not settling (Slope Indicator 
Campan y). 

Figure 12.19 Remate reading . 
settlement plate (Slope Indicator 
Company). 

Settlement monitoring devices that install in bore boles also are available. These 
permit monitoring settlements as a function of depth. The Sondex device, shown in Figures 
12.20 and 12.21, is one such device. 

Although settlement data is very useful, its interpretation is not always easy. For 
example, Figure 12.22 shows the pre-construction prediction of settlement vs. time from 
Example 12.3, along with the frrst 1000 days of observed settlements obtained from a 
settlement plate installed at Point C in Figure 12.7. The observed settlement is greater than 
the original prediction, but it is not clear if this is because the ultimate settlement will be 
greater than predicted, the rate of settlement is faster than predicted, or both. Thus, there 
are many reasonable interpretations of the remaining settlement. Two such interpretations 
are shown - one that assumes all of the error is in the Ce value, and one that assumes all 
is in cv. 

Monitoring Both Settlement and Pore Water Pressure 

Fortunately, much of the ambiguity in interpreting settlement data can be overcome by also 
installing piezometers in the natural ground. It is best to install them befare the fill is 
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Figure 12.20 The Sondex device uses corrugated plastic casing with 
embedded steel wires (1) and (2). This casing is installed in a vertical boring 
and the surrounding annular void is backfilled. Then the Sondex probe (3) is 
lowered into the casing. It magnetically senses the location of each wire (5) 
and the corresponding depths are recorded, and the corresponding elevations 
are computed. This process is repeated at convenient time intervals to 
determine the time-settlement behavior at each ring. Wben not in use, the 
probe is wound onto the reel ( 4) and stored in a safe location (S Jope lndicator 
Company). 

/ 

Chap. 12 

SeMog Ring 

Coupling 

Flush-Coupled 
Access Pipe or 
Incliuometer 
Casing 

Grout 
llacldill 

Figure 12.21 Installation of a Sondex casing in a boring 
(Slope Indicator Company). 

Oroutl'lug 
~ aodWeight 
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Tune (yr) 

Figure 12.22 Observed settlement data compared to tbe pre-construction prediction. Tbe dotted 
lines show two of many possible predictions of the remaining settlement. 
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placed, perhaps by using remote reading units such as the one shown in Figure 7.8. Initially 
these piezometers record the hydrostatic pore water pressure. Then, as the fill is placed, the 
pore water pressure will rise, reflecting the excess pore pressures. These excess pressures 
will eventually dissipate, and after a sufficiently long time the pore pressure will retum to 
its hydrostatic value. 

Using this pore pressure data, we can compute the field value of e,.. Then, by 
combining this value with the observed time-settlement curve, we obtain an unambiguous 
plot of the remaining time-settlement behavior. Although this analysis still contains sorne 
error, it is more precise than those made without piezometer data, and far superior to 
analyses based only on laboratory tests. Example 12.6 illustrates this technique. 

Example 12.6 

Figure 12.23 shows the first 1000 days of pore pressure readings from a piezometer installed 
at Point B in Figure 12.7. Use this data, along with the observed time-settlement p1ot in Figure 
12.22 and the information in Examp1e 12.3 to deve1op a revised prediction of the remaining 
time-settlement curve. 

13o.-.----------------------------. 

u= 99.0 kPa 
@ 1 = 1000 days 

u 

Figure 12.23 Piezometer data for Example 12.6. 



456 Rate of Consolidation Chap. 12 

Solution 

Based on Figure 12.23, thc cxcess pore water pressure at Point B, 1000 days after loading is: 

u, u - uh 

U- YwZw 

99.0 kPa - (9.8 kN/m 3) (6.1 m) 
39.2 kPa 

By trial-and-error with Equation 12.17, cv must be 0.0043 to obtain u,~ 39.2 kPa. Thís 
is about twice the laboratory value of 0.0021, and exp1aíns why the consolidation is occurring 
faster than anticipated. 

Per Figure 12.22, the observed consolidation settlement at t ~ 1000 days (2.7 years) is 
280 mm. Because 14 mm of this settlement occurred in the SP stratum (per Example 12.3), 
280 - 14 = 266 mm must have occurred in the CL/ML stratum. Using trial-and-error with 
Program SETTRATE, the value of C)(l +e1J must be 0.203 to obtain (BJ"1' = 266 mm. Thus, 
Cr = (0.426)( 1 + 1.1 O)= 0.426. This is slight1y higher than the 0.40 obtained from the laboratory 
tests. 

Using these revised values of e v and C,., and prograrn SETTRATE, we can develop the 
revised time-settlement curve shown in Figure 12.24. 
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Figure 12.24 Revised time-settlemcnt prcdiction based on 1000 days of settlement and pore water 
pressure data. 

This methodology of mak.ing pre-construction predictions, then revising them based 
on observed performance is known as the obsevational method (Peck, 1969), a term coined 
by Terzaghi. This method is very useful in geotechnical engineering, and is one ofthe ways 
we can overcome many of the accuracy problems in our anal y ses without resorting to overly 
conservative designs. 
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QUESTIONS AND PRACTICE PROBLEMS 

12.11 The data shown in the table to the right 
were obtained from a laboratory 
consolidation test on a normally 
consolidated undisturbed MH soil with 
a liquid limit of 65. The sample was 
62 mm in diameter, 25 mm tall and 
was tested under a double drainage 
condition. Compute c. using the 
square root of time fitting method. 
Then, compare your result with a 
typical value of c. for this soil and 
determine if your value seems 
reasonable. 

12.12 A proposed fill is to be placed on the soil 
profile shown in Figure 12.25. 

a. Using the laboratory test results shown 
in this figure and program SETIRA TE, 

develop a time-settlement plot. Do not 
apply any correction for the construction 
period. The medium clay is normally 
consolidated. 

b. A piezometer has been installed at Point 
A and a remote-reading settlement plate 
at Point B. Measurements from these 
instruments made 2580 days after 
placement of the fill indicated a pore 
water pressure of 1975 lb/ft? and a 
settlement of 1.20 ft. Using the 
technique described in Example 12.6, 
back-calculate the values of Cj (l +e0) 

and e, and compare them to the 
laboratory values. Then use program 
SETTRA TE to develop a revised 
time-settlement plot. 

Time Since Loading 
(HH:MM:SS) 

00:01:01 

00:03:16 

00:08:35 

00:16:39 

00:30:15 

00:59:17 

01:54:29 

457 

Dial Reading 
(mm) 

7.21 

7.74 

8.40 

9.01 

9.60 

10.11 

10.35 

Figure 12.25 Soil profile for Problem 12.12. 

12.6 OTHER SOURCES OF TIME DEPENDENCY 

The discussions in this chapter have been based on the assumption that dissipation of excess 
pore water pressures is the sole cause of time dependancy in soil settlement. Although this 
mechanism is probably the most important one, others also exist. 
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Settlements due to secondary compression, as discussed in Section 11.10, are by 
definition independent of excess pore water pressures. When secondary compression is 
significant, it may be evaluated by developing a time-settlement plot that begins when the 
consolidation settlement is complete. Example 12.7 illustrates this technique. 

This chapter also has assumed the soil is saturated (S = 100%) and remains so. 
Unsaturated soils are subject to volume changes if they become wetted, and initially 
saturated soils may change in volume if they are dried. In the case of expansive soils, 
wetting causes swelling, while drying causes shrinkage. Another type of soil, called a 
collapsible soil, shrinks when it is wetted. Any of these processes can produce significant 
settlement or heaving at the ground surface, as discussed in Chapter 18, and the timing of 
these movements depends primarily on when the soil becomes wetted or dried. 

This chapter also has considered only static loads. Vibratory loads, such as from 
heavy machinery or earthquakes, also can cause settlement, especial] y in loose sands. Static 
loads that cycle o ver longer periods, such as those due to the annualloading and unloading 
of grain silos, also can cause additional settlements (Coduto, 1999). 

Example 12.7 

The CL/ML soil in Example 12.3 has Ca= 0.015. Compute the secondary compression 
settlement, then develop a new plot of settlement vs. time that considers both consolidation and 
secondary compression. 

Solution 

Per the discussion in Section 11.1 O, we will use t P equals the time required to achieve U= 95%. 
According to an analysis using Program SETTRA TE, U= 95% occurs at t = 12,100 days (33.1 
years). 

Using Equation 11.28: 

Ce ( t) 5, = --H1og-
1 +e t p p 

= 0·015 (10,000 mm) log( _t_) 
1 + 1.10 33.1 

= 711og(-t ) 
33.1 

For example, at t = 50 years, the consolidation settlement is 464 + 14 = 478 mm (per Program 
SETTRATE), and the secondary compression settlement is 12 mm (per the above equation), for 
a total of 490 mm. Using this method, we obtain the plot shown in Figure 12.26. Comparing 
this plot with Figure 12.9 demonstrates that secondary compression is nota major issue at this 
si te. 
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Figure 12.26 Time-settlement plot for Example 12.7. 

12.7 METHODS OF ACCELERATING SETTLEMENTS 
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In theory, an infinite time is required to achieve U= 100%. Fortunately, we do not need to 
wait that long in practice! Normal! y, construction of structures and other facilities can begin 
once U reaches a value such that the remaining settlement is less than sorne maximum 
allowable settlement. It is not necessary to wait until all of the consolidation settlement is 
completed. Nevertheless, even the time required to achieve this leve! of consolidation is 
sometimes excessive, perhaps requiring many years or even decades. This is especially 
likely when the compressible stratum is soft (high CJ and thick (high Hd,). 

When the time required to achieve the desired consolidation settlement is excessive, 
geotechnical engineers begin to consider methods of accelerating the consolidation process. 
Severa! methods are available, including the placement of surcharge fills and the installation 
of vertical drains. Although these methods are expensive, their cost often can be justified 
because they permit construction to begin years or even decades earlier than would 
otherwise have been possible. Chapter 19 discusses these methods. 

SUMMARV 

Major Points 

l. As the consolidation process proceeds from t = Oto t = ""• the following changes occur 
in the soil: 

Excess pore water pressure, u.= Aoz-0 
Vertical effective stress, oz' = ozQ' -oz/ 
Time factor, Tv = 0-oo 
Degree of consolidation, U= 0-100% 
Consolidation settlement, <\ = O-(() )u11 
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2. Although in theory an infinite time is required to achieve 100% consolidation, for 
practica! purposes virtually all ofit is complete by the time T,"' 2. In sandy soils, this 
process occurs virtually as fast as the load is applied, so rate of consolidation analyses 
are unnecessary. However, in clayey soils, Tv"' 2 may correspond to many years or 
even decades. 

3. Most rate of consolidation analyses are based on Terzaghi's theory of consolidation. 
This theory computes the rate of consolidation based on an analysis of excess pore 
water pressure dissipation. 

4. Terzaghi's theory is based on severa! simplifying assumptions. These include a 
homogeneous soil, one-dimensional consolidation, and others. 

5. The length of the longest drainage path, Har• is one of the factors that controls how 
quickly the excess pore water pressures dissipate. All of the other factors are 
combined into a single parameter, e,, the coefficient of consolidation. 

6. Consolidation settlement vs. time computations may be based on assessments of 
excess pore water pressure as a function of depth and time. These pressures are 
computed using Terzaghi's theory. A rigorous solution is too tedious todo by hand, 
and requires a computer program for practica! application. 

7. An altemative method of developing time-settlement curves is to use the T,-U 
function, which was based on the rigorous analysis and an additional simplifying 
assumption. This function makes hand computations more practica!. 

8. The coefficient of consolidation, e v• is normally deterrnined from laboratory 
consolidation tests. 

9. Settlement rate predictions are not very accurate, so geotechnical engineers often 
install settlement and pore pressure monitoring equipment in the field. Data collected 
from this instrumentation may be u sed to update the laboratory values of e cande v• 

which then may be u sed to produced revised time-settlement curves. This technique 
of updating calculations based on performance data is called the observational 
method. 

10. Settlement predictions can be further refined by considering secondary compression 
settlement. 

Vocabulary 

Coefficient of consolidation 
Degree of consolidation 
Double drainage 
Observational method 
One-dimensional consolidation equation 

Single drainage 
Square root of time fitting method 
Theory of consolidation 
Time factor 

COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

12.13 The clay stratum in Figure 12.25 has C)(l+eu) = 0.16, e,= 0.022, and C" l(l+eP) = 0.017. 
Develop a time-settlement plot for t = O to 75 years considering both consolidation and 
secondary compression. Do not apply any corrections for the construction period. 
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12.14 The CUML stratum in Figure 12.7 contains thin horizontal sand seams spaced about 1m apart. 
Using this new information, reevaluate the computation in Example 12.4 and develop a revised 
time-settlement plot. Compare this plot with the ones in Figure 12.9 and explain why they are 
diff~ :11. 

12.15 Most of the intemational airport in San Francisco, California, is built on fill placed in San 
Francisco Bay. A cross-section through one portion ofthe airport is shown in Figure 12.27. 
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Figure 12.27 Cross-section at San Francisco Airport (Roberts and Darragh, 1962). The 
groundwater table is indicated by the dashed line. 

The engineering properties ofthese soils are approximately as follows: 

Fill and Bay Mud 
BayMud 

Sandsand Old Bay 
Levee Crust Clays Deposits 

Dry unit weight, y d (lb/ft?) 108 49 40 80 61 

Moisture content, w (%) 20 82 118 29 68 

Compression index,Cc o l. O 1.3 0.5 1.2 

Recompression index,C, o 0.09 0. 17 0.09 0.14 

Initial void ratio,e0 2.40 3.25 1.10 1.70 

Overconsolidation margin, 
3500 o 2800 2800 

om' (lb/W) 

Coefficient of 
130 7 300 5 

consolidation, c. (ft2/yr) 

Note: Sorne of these values are from Roberts and Darragh; others ha ve been estimated by the author. 
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a. Compute the ultimate consolidation settlement at various points along the cross-section. 
Then develop a plot of ultimate consolidation settlement vs. horizontal position. When 
performing these computations, ignore the presence of the levee and any consolidation 
that may have already occurred due to its weight (in reality, these earlier settlements 
would increase the amount of differential settlement in this area, which could be worse 
than if the levee was never there). 

b. Develop plots of settlement vs. time for the left and right ends of the cross-section. 
Assume all of the settlement in the crust and in the "sands and clays" strata will occur 
during construction, and assume both the bay mud and old bay deposits have double 
drainage. 

Hint: Perform separate time-settlement computations for the bay mud and old bay 
deposits strata, then add the ultimate settlements from the other strata. 

12.16 The information presented in Figure 12.25 has the following uncertainties: 
Depth to bottom of proposed fill ± 1 ft 
Depth to bottom of SW stratum ± 1 ft 
Depth to bottom of CH stratum ±2 ft 
Unit weights ±lO% 
Relative density ±15% (í.e. , D, = 68-92%) 
CJ(l +eu) ±20% 
e, ±35% 

Considering these tolerances, compute the lower bound solution and upper bound solutíon for 
óc at t = 10 yr and (Óc).11• The lower bound solution is that which uses the worst possible 
combination of factors, while the upper bound uses the best possible combination. 

12.17 The soil profile at a certain si te includes an 8.5 m thick strata of saturated normally consolidated 
medium silty clay. This soil has a unit weight of 16.4 kN/m ~ A remote readíng settlement 
plate has been installed a short distance below the natural ground surface and a remote readíng 
piezometer has been ínstalled at the midpoint of the silty clay. The initíal readings from these 
instruments in die ate a ground surface elevation of 7.32 m and a pore water pressure of 52 kPa. 
The initial vertical effective stress at the top of the silty clay stratum was 50 kPa. 

Then a 2.1 m deep fill with a unit weight of 18.7 kN/m 3 was placed on this site. A 
second set of readings made 220 days after placement of this fill indicate an elevation of 6.78 m 
and a pore water pressure of 77 kPa. Assuming all of the other soil strata are incompressible, 
and single drainage conditions exist in the silty el ay, compute the val u es of C )( 1 +e 0) and 
cv, then develop a plot of consolidation settlement vs. time. This plot should extend from 
U= 0% to U= 95%. Finally, mark the point on this plot that represents the conditions present 
when the second set of readings were made. 

12.18 The analysis in Example 12.6 did not explicitly consider the possibility that the drainage 
dístance Hd, used in the original analysis was not correct. Does the adjustment of cv based on 
piezometer data, as described in this example, implicitly consíder H d,? Exp!ain. 

12.19 An engineer in your office is planning a drilling and sampling program ata si te that has a thick 
stratum of soft to medium clay. The informatíon gathered from this program, along with the 
associated laboratory test results, will be used in various geotechnical analyses, including 
evaluations of consolidation rates. This engineer has submitted the plan to you for your review 
and approval. 
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The engineer expects the el ay stratum will be very uniform, and therefore is planning to 
obtain only a few samples. These samples will then be used to conduct laboratory consolidation 
tesl~. Although this plan will probably be sufficient to characterize the consolidation properties 
of the el ay, you are concerned that thin sandy layers might be present in the el ay, and that they 
might not be detected unless more samples are obtained. Write a 200-300 word memo to this 
engineer explaining the need to search for possible sandy layers, and the importance of these 
layers in consolidation rate analyses. 

12.20 A piezometer has been installed near the center of a 20m thick stratum of saturated clay. A fill 
was then placed over the clay and the measured pore water pressure in the piezometer increased 
accordingly. However, six months after the fill was placed, the piezometer reading has not 
changed. Does this behavior make sense? Use program SETTRATE to justify your answer. 
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Strength 

Most ofthe properties of clays, as well as the physical 
causes of those few properties that have been 
investigated, are unknown. We know nothing about 
the elasticity of clays, or the conditions that determine 
their water capacity, or the relations between their 
water content and their viscosity, or the earth 
pressure that they exert and not even about the 
physical causes ofthe swelling ofwetted clays. As a 
consequence, the civil engineer, dealing with this 
important material, is at the merey of some unreliable 
empirical rules, and laboratory work carried out with 
clays leads only to a mass of incoherent facts. 

Karl Terzaghi, 1920 

Terzaghi's statement was an accurate assessment of soil mechanics as it existed in 1920. 
Engineers had very little understanding of soil behavior, and soil strength was one of the 
most mysterious aspects, especial! y in clays. Although sorne researchers had performed soil 
strength tests, even they did not fully understand what to do with the data once it had been 
obtained. Practicing engineers had to rely on empirical rules, intuition, and engineering 
judgment, which often were not adequate. As a result, unexplainable failures were far too 
comrnon. 

Fortunately, our knowledge and understanding of soil strength is now much better 
than it was in 1920. A large amount of research has been performed, and the results of this 
work have been successfully applied to practica! engineering problems. Therefore, 
geotechnical designs that rely on soil strength assessments are now much more reliable. 

464 
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13.1 STRENGTH ANAL YSES IN GEOTECHNICAL ENGINEERING 

The strength of a material is the greatest stress it can sustain. lf the stress exceeds the 
strength, failure occurs. For example, structural engineers know the tensile yield strength 
of A36 structural steel is 36,000 lb/in2 (248 MPa), so they must be sure the tensile stresses 
in such members are less than this value. In practice, the working stresses must be 
substantially less to provide a sufficient factor of safety against failure. Such strength 
analyses can be performed for tensile, compressive, and shear stresses. 

Although tensile strength analyses are an important part of structural engineering. 
geotechnical engineers rarely perform them because soil has very little tensile strength. 
E ven rock mas ses cannot sustain tension over significant volumes because of the presence 
of cracks and fissures. There are a few occasions where tensile failures occur, such as 
tensile cracks near the top of incipient landslides, and in heaves induced by upward seepage 
forces, as discussed in Section 10.1 O. However, the geometry of most geotechnical 
problems is such that nearly all of the ground is in compression. 

Geotechnical engineering practice also differs from structural engineering in our 
assessment of compressive failures. Structural engineers define compressive strengths for 
various materials and design structural members accordingly, but soil and rock do not fail 
in compression per se, so we do not perform such analyses. Although the introduction of 
large compressive stresses may result in failure, the ground is actually failing in shear, not 
in compression. Therefore, nearly all geotechnical strength analyses evaluate shear only. 

Many geotechnical engineering problems require an assessment of shear strength, 
including: 

• Earth slopes - When the ground surface is inclined, gravity produces large geostatic 
shear stresses in the soil or rock. If these stresses exceed the shear strength, a 
landslide occurs. 

• Structural foundations - Loads from a structure, such as a building, are transferred 
to the ground through structural foundations. This produces both compressive and 
shear stresses in the nearby soil. The latter could exceed the shear strength, thus 
producing a shear failure. This is known as a bearing capacity failure, and would 
probably cause the structure to collapse. 

• Retaining walls-The weight of soil behind a retaining wall produces shear stresses 
in that soil. Its shear strength resists sorne of this stress, and the wall resists the rest. 
Thus, the load carried by the wall depends on the shear strength of the retained soil. 

• Tunnellinings - Tunnels in soil or weak rock normally include linings of steel or 
concrete. Such linings must resist pressures exerted by the surrounding ground, thus 
keeping the tunnel from collapsing. The magnitude of these pressures depends on the 
strength of the surrounding soil or rock. 

• Highway pavements - Wheelloads from vehicles pass through the pavement and 
into the ground below. These loads produce shear stresses that could cause a shear 
failure. Engineers often place layers of well-graded grave! (known as aggregate base 
material), high-quality soils, or other materials between the pavement and the natural 
ground. These materials are stronger and stiffer, and help transfer the loads into the 
ground with much less potential for failure. 
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Figure 13.1 shows these potential failure modes. We will discuss sorne of them in more 
detaillater in this book. 

Earth slopes Structural foundations 

Retaining walls Tunnellinings Highway pavements 
Figure 13.1 Typical applications of strength analyses in soils. 

13.2 SHEAR FAILURE IN SOILS 

The shear strength of common engineering materials, such as steel, is controlled by their 
molecular structure. Failure generally requires breaking the molecular bonds that hold the 
material together, and thus depends on the strength of these bonds. For example, steel has 
very strong molecular bonds and thus has a high shear strength, while plastic has much 
weaker bonds and a correspondingly lower shear strength. 

However, the physical mechanisms that control shear 
strength in soil are much different. Soil is a particulate 
material, as discussed in Chapter 4, so shear failure occurs 
when the stresses between the particles are such that they 
slide or roll past each other as shown in Figure 13.2. 
Although sorne particle crushing may occur, the shear 
strength primarily depends on interactions between the 
particles, not on their intemal strength. We divide these 
interactions mto two broad categories: frictional strength and 
cohesive strength. 

Frictional Strength 

Frictional strength in soils is similar to classic sliding friction 
from basic physics. The force that resists sliding is equal to 
the normal force multiplied by the coefficient of friction, ¡.t, 

'T 

Figure 13.2 Shear failure occurs 
in a soil when the shear stresses 
are large enough to make the 
particles roll and slide past each 
other. 
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as shown in Figure 13.3. However, instead of using the coefficient of friction, ¡.t, 

geotechnical engineers prefer to describe frictional strength using the effective friction angle 
(or effective angle ofintemalfrictíon), <!>' , where: 

<!>1 = tan 1 ¡.t (13.1) 

In addition, we find it more convenient to work in terms of stress instead of force, so the 
shear strength, s, due to friction is: 

where: 
s = shear strength 

a' = effective stress acting on the shear plane 
<!>' = effecti ve friction angle 

( 13.2) 

Notice how Equation 13.2 uses the effective stress, not the total stress. This is an 
important distinction! We express strength in terms of effective stress because only the 
solid particles contribute to frictional strength (the pore water has no static shear strength), 
and the effective stress describes the normal stresses carried by the salid particles. 

u' 

N 

V-+-1 
i 

a' 

Figure 13.3 Comparison between friction on a sliding block and frictional 
strength in soil. 

Although we sometimes use <!>=O asan analytical tool, as described later, in reality 
all soils have frictional strength. The value of <!>' depends on both the frictional properties 
of the individual particles and the interlocking between particles. These are affected by 
many factors, including: 

• Mineralogy - Soil includes many different minerals, and sorne slide more 
easily than others. For example, the friction angle in sands made of pure quartz 
is typically 30-36 o. However, the presence of other minerals can change 4>'. 
For example, sands containing significant quantities of mica, which is much 
smoother than quartz, have a smaller <!>'. These are called micaceous sands. 
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Clay minerals are typically even weaker (<!>' values as low as 4 o have been 
measured in pure montmorillonite). 

• Shape - The friction angle of angular particles is much higher than that of 
rounded ones. 

• Gradation- Well-graded soils typically have more interlocking between the 
particles, and thus a higher friction angle, than those that are poorly graded. For 
example, GW soils typically have <!>' values about 2o higher than comparable 
GP soils. 

• Void ratio- Decreasing the void ratio, such as by compacting a soil with a 
sheepsfoot roller, also increases interlocking, which resul ts in a higher <!> '. 

• Organic material - Organics introduce many problems, including a decrease 
in the friction angle. 

The impact of water on frictional strength is especially importan!, and many shear 
failures are induced by changes in the groundwater conditions. Many people mistakenly 
believe water-induced changes in shear strength are primarily due to lubrication effects. 
Although the process of wetting sorne dry soils can induce lubrication, the resulting decrease 
in <1>' is very small. Sometimes the introduction of water has an antilubricating effect 
(Mitchell, 1993) and causes a small increase in<!>'. However, focusing on these small 
effects tends to obscure another far more important process, which is illustrated in 
Example 13.1. 

Example 13.1 

A geotechnical engineer is evaluating the stability of the slope in Figure 13.4. This evaluation 
is considering the potential for a shear failure along the shear surface shown. The soil has 
<J>' = 30° and no cohesive strength. Compute the shear strength at Point A along this surface 
when the groundwater table is at leve! B, then compute the new shear strength if it rose to leve! 
C. The unit weight of the soil is 120 lb/ft 3 above the groundwater table and 123 lb/fe below. 

Solution 

Groundwater table at B: 

u Y ... Z, = (62.4lb/ft 3) (20ft) ~ 1248 lb/ft 2 

(J~ = E y H - u = (120 lb/ft 3)(26 ft) + ( 123 lb/ft 3)(20 ft) - 1248 lb/ft 2 = 4332 lb/ft 2 

The potential shear surface is horizontal, so a'= a,' and 

s = a1 tan<J> 1 = (4332lb/ft 3 )tan30 ° = 2501lb/ft 2 = Answer 
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Figure 13.4 Cross-sectíon of a potential landslíde. 

Groundwater table at e: 

19971b/ft 2 

a; L y H - u ( 120 1b/ft 3) (1 4ft) + (123 lb/ft 3)(32 ft) - 1997 1b/ft 2 3619 1b/ft 2 

Commentary 

The total stress at point A increases slightly when the groundwater tab1e rises from B toe due 
to the greater unit weight of the zone of soil that beco mes saturated. However, this is more than 
offset by the increase in pare water pressure, so the effective stress is reduced, along with a 
corresponding decrease in the shear strength. It is quite possible that this loss in shear strength 
would be sufficient to induce a shear failure (1andslide) in this slope. Additional analyses, 
which we will discuss in ehapter 14, are necessary to determine if such a fai1ure will occur. 

Example 13.1 illustrates the important impact of pare water pressure on shear strength. 
This is the primary way water impacts the frictional strength, and is one of the reasons a 
thorough understanding of the principie of effective stress is so important in understanding 
soil behavior. 
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Cohesive Strength 

Sorne soils ha ve shear strength even when the effective stress, o', is zero, or at least appears 
to be zero. This strength is called the cohesive strength, and we describe it using the 
variable e' , the effeetive eohesion. If a soil has both frictional and cohesive strength, then 
Equation 13.2 becomes: 

s " e 1 
+ o 1 tan<!> ' 

where: 
s = shear strength 

e' = effective cohesion 
o' = effective stress acting on the shear surface 

<!> ' = effective friction angle 

(13.3) 

There are two types of cohesive strength: true cohesion and apparent cohesion (Mitchell, 
1993). 

True eohesion is shear strength that is truly the result of bonding between the soil 
particles. These bonds include the following: 

• Cementation is chemical bonding due to the presence of cementing agents, such as 
calcium carbonate (CaC03) or iron oxide (Fep 3) (Clough, et al., 1981). Even small 
quantities of these agents can provide significant cohesive strengths. Caliche is an 
example of a heavily cemented soil that has a large cohesive strength. Cementation 
also can be introduced artificially using Portland cement or special chemicals, as 
discussed in Chapter 19. 

• Electrostatic and eleetromagnetic attractions hold particles together. However, these 
forces are vary small and probably do not produce significant shear strength in soíls. 

• Primary valence bonding (adhesion) is a type of cold welding that occurs in clays 
when they become overconsolidated. 

Apparent cohesion is shear strength that appears to be caused by bonding between the 
soil particles, but is really frictional strength in disguise. Sources of apparent cohesion 
include the following: 

• Negative pore water pressures that have not been considered in the stress analysis. 
These negative pore water pressures are present in soils above the groundwater table, 
as shown in Figure 10.16. However, many geotechnical engineering analyses ignore 
these pressures (i.e. , we assume u = O, even though it is really < 0), so the effective 
stress is greater than we think it is (see Equation 10.32). The shear strength that 
corresponds to this additional effective stress thus appears to be cohesive, even though 
it is really frictional. This is the primary reason unsaturated clays appear to have 
"cohesive" strength and why moist unsaturated "cohesionless" sands can stand in 
vertical cuts. 
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• Negative excess pore water pressures due to dilation. Sorne soíls tend to düme or 
expand when they are sheared. In saturated soils, this dilation draws water into the 
voids. However, sometimes the rate of shearing is more rapid than the rate at which 
water can flow (i.e., the voids are trying to expand more rapidly than they can dra\\o· 
in the extra water). This is especial! y líkely in saturated clays, because their hydraulic 
conductivity is so low. When this occurs, large negative excess pore water pressure5 
can develop in the soil. 

The term excess pore water pressure was defined in Chapter 11. It ís an 
additional pore water pressure, either positive or negative, that is superimposed on the 
hydrostatic pore water pressure. The excess pore water pressure is due to squeezing 
or expanding of the soil voids. In this case, the voids are expanding, so u,< O and u 
becomes less than the hydrostatic value, u}¡. 

If these excess pore water pressures are considered in our strength analysis, we 
could compute an accurate value of o' and thus an accurate value of s using Equation 
13.2. However, if we consider only the hydrostatic pore water pressure, our computed 
value of o' will be too high and the soil will appear to have cohesive strength. 

• Apparent mechanical forces are those due to particle interlocking, and can develop 
in soils where this interlocking is very difficult to overcome. The resu1t is additíonal 
apparent cohesion. 

Geotechnical engineers often use the term "cohesive soil" to describe clays. Although 
this term is convenient, it a1so is very misleading (Santamarina, 1997). Most of the so
called cohesive strength in clays is really apparent cohesion due to pore water pressures that 
are negative, or at least less than the hydrostatic pore water pressure. In such soils ít is 
better to think of "cohesive strength" as a mathematical idealization rather than a physical 
reality. 

In cemented soils, cohesive strength really does reflect bonding between the soil 
particles. In sorne cases, we may rely on this strength in our designs. However, in other 
cases, it is wise to ignore this source of strength. For example, if the cementíng agent is 
water-soluble, it may disappear if the soil becomes wetted during the life of the project. 

Definition of Failure 

Another important difference between shear strength assessments of soils and those for more 
traditional engineering materials líes in our definition of failure. For example, with steel we 
usually define failure either as the point where the stress-strain curve becomes plastic and 
nonlinear (the yield strength), or when rupture occurs (the ultimate strength). However, in 
soils the stress-strain curve ís nonlinear and plastic from the very beginning, and there is 
no rupture point in the classic sense. Therefore, we must use other means of defining shear 
strength. 

Soils have two kinds of shear stress-strain curves, as shown in Figure 13.5. Those 
with ductile curves generally plateau at a well-defined peak shear stress as shown, and we 
can use this value as the design shear strength. However, those with brittle (or strain
softening) curves have two strengths, the peak strength, which is the high point on the curve, 
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and the residual strength (or ultimate strength), which occurs ata much larger shear strain. 
Either value could be u sed for design, depending on the kind of problem being evaluated. 

Sands and gravels have shear stress-strain curves that are either ductile or only mildly 
brittle, so the difference between peak and residual strength is small and can be neglected. 
However, sorne clays have very brittle curves, so the distinction between peak and residual 
strength becomes very important, as discussed later in this chapter. 

Shear strain. -y 

Ductile soil 

S peak .. 
¡i .. 
~ Srcsidual 

~ 
u 

""' r:/) 

Figure 13.5 Shear stress-strain curves in soil, and definitions of failure. 

Shear strain, -y 

Brittle soil 

The problem of defining failure is further complicated by the lack of a unique 
stress-strain curve. Por example, a soil tested under certain conditions (i.e., intermediate 
principal stress, strain constraint, rate of strain, etc.) produces a certain stress-strain curve 
and thus a certain shear strength, yet the same soil tested under different conditions produces 
a different curve anda different strength. We attempt to overcome this problem by using 
test conditions that simulate the field conditions or by using standardized test conditions and 
calibrating the results with observed behavior in the field. 

13.3 MOHR-COULOMB FAILURE CRITERION 

Sorne soils have both frictional and cohesive strength, so we need to combine these two 
sources into a single all-purpose strength formula. Nearly all geotechnical analyses do this 
using the Mohr-Coulomb failure criterion, which then allows us to project the test data back 
into our analyses of existing or proposed field conditions. This may be done using either 
effective stress analyses or total stress analyses. 

Effective Stress Analyses 

The shear strength in a soil is developed only by the solid particles, because the water and 
air phases have no shear strength. Therefore, it seems reasonable to evaluate strength 
problems using the effective stress, o', because it is the portion of the total stress, o, carried 
by the solíd particles. This is why Equations 13.2 and 13.3 were written in terms of 
effective stress. 

If we perform a series of laboratory strength tests, each at a different val u e of a', the 
results will be as shown in Figure 13.6. The vertical axis on this plot is shear stress, -r, and 
the curve represents the shear strength, s, which is the magnitude of -r at failure. 
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Figure 13.6 Shear strength as a function of effective stress. Each data point represents the results of a 
laboratory test. 

In sands and gravels, these plots are nearly linear within the range of stresses normally 
encountered in the field. However, in clays it is slightly nonlinear, as shown. These 
nonlinear plots are inconvenient because they introduce more complexity into the analyses. 
Therefore, we nearly always use an idealized linear function by conducting tests ato' values 
comparable to those expected in the field and connecting them with a straight Iine. We say 
the 1:-intercept of this line is the effective cohesion, e', and the slope of the line is the 
effective friction angle, Q¡ '. In reality, the relative contributions of cohesive and frictional 
strength are much more complex. For example, this e' value is really a combination of true 
cohesion and the mathematics of fitting a straight line to a curved function. In sorne cases 
it also may include sorne apparent cohesion. Nevertheless, this idealized representation is 
adequate for the vast majority of practica! problems. The lines in Figure 13.6 are known as 
the Mohr-Coulomb f ailure criterion, and may be expressed mathematically using 
Equation 13.3. 

Shear strength is defined as the shear stress at failure, so points in the soil that have 
(o ', -e) values that plot below the Mohr-Coulomb line theoretically will not fail in shear, 
while those that plot on or above the Iine will fail. We often call this line afailure envelope 
because it endoses the stresses that will not fail. 

Once e' and <P' have been determined, we can evaluate the shear strength in the field 
using Equation 13.3. We compute the effective stresses in the field using the techniques 
described in Chapter 1 O, along with a groundwater elevation that represents the worst (i.e., 
highest) conditions anticipated during the life of the project. 

Example 13.2 

Samples have been obtained from both soil strata in Figure 13.7 and brought toa soil mechanics 
laboratory. A series of shear strength tests were then performed on both samples and plotted 
in diagrams similar to those in Figure 13.6. The e' and <1>' values obtained from these diagrams 
are shown in Figure 13.7. Using this data, compute the shear strength on horizontal and vertical 
planes at Points A, B, and C. 



474 Strength Chap. 13 

Solution 

Point A-horizontal plane 

a;= LYH- u 
= (17.0 kN/m 3)(3.0 m) + (17.5 kN/m 3)(1.1 m) - (9.8 kN/m 3)(1.1 m) 
= 59.5 kPa 

s = e 1 + a1tan<P' 
= 10 kPa + (59.5 kPa) tan28• 
= 41.6 kPa - Answer 

Point A-vertical plane 
1 1 ax = K az = (0.54)(59.5 kPa) = 32.1 kPa 

s = e' + a1tancj>1 

= 10 kPa + (32.1 kPa) tan 28 • 
= 27.1 kPa - Answer 
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Using similar computations: 

Point B-vertical plane 
Point S-horizontal plane 
Point C-vertical plane 
Point e-horizontal plane 

Commentary 

s = 57.2 kPa 
s = 35.5 kPa 
s = 68.1 kPa 
s = 54.4 kPa 

=Answer 
-Answer 
=Answer 
=Answer 
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At each point the shear strength on a vertical plane is less than that on a horizontal plane 
because K< \. In addition, the shear strength at Point B is greater than that at Point A because 
the effective stress is greater. The strength at Point e is even higher than at Point B because 
it is in a new strata with different e', <!J', and K values. Thus, the strength would increase 
gradually with depth within each stratum, but change suddenly at the boundary between the two 
strata. 

Example 13.3 

Draw the shear strength envelope for the ML stratum in Figure 13.7, then plot the upper half 
of the Mohr's circle for Point A on this diagram. Assume the principal stresses act vertically 
and horizontally. 

Solution 

Using the results from Example 13.2, we develop Figure 13.8: 

40 
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~20 
... 

10 

o 

Figure 13.8 Failure envelope and Mohr's circle for Example 13.3. 
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Commentary 

In this case, the entire Mohr's circle plots below the strength envelope. Therefore, the shear 
stress on all planes through Point A is less than the shear strength, and no shear failure will 
occur. However, ifthe Mohr' s circle touches the envelope, such as the one in Figure 13.9, then 
a shear failure will occur on the plane represented by that point on the circle. This method of 
presenting stresses and strengths is named after the German engineer Otto Mohr (1 835-1918) 
and the French scientist Charles Augustin de Coulomb ( 1736-1806). Neither of them drew 
diagrams like this to describe soil strength, but the underlying concepts are based on both men's 
work. 

Figure 13.9 Shear faí lure occurs when the Mohr's círcle is large enough to 
touch the faílure envelope. Thus, no failure will occur at the point 
represented by Circle A, but faílure wíll occur at the point represented by 
Circle B. 

The ratio of the shear strength, s, on a specific plane to the shear stress, -r, on that 
plane is defined as the factor of safety, F: 

(13.4) 

Nonnally we define so me m1mmum acceptable factor of safety, then we check 
proposed designs to verify that this criterion has been met. 

Example 13.4 

An 18-inch diameter storm-drain pipe is to be installed under a highway by jacking as shown 
in Figure 13. 1 O. A mound of soil will be placed as shown to pro vide a reaction for the jacks. 
Then, the first section of pipe will be pushed into the ground below the highway. An auger will 
clean out the soil collected inside, then additional sections will be added, pushed in, and cleaned 
out one ata time until the pipe reaches the opposite side of the highway. This method allows 
the highway to remain in service while the pipe is being installed. The altemative would be to 
diga trench, la y the pipe, and backfill, but this would require temporarily closing the highway. 
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At times the jack must apply a 300 k load to press the pipe into the ground. It will react 
against a steel plate placed on the soil mound. The load-carrying capacity of this plate is 
controlled by the shear strength of the adjacent soil. Tbe soil has e' = 400 lb/ff , <fl' = 29°, and 
y= 120 lb/fe. Will the soil beyond the plate be able to resist this load with a factor of safety 
of 1.5? 

Solution 

Figure 13.10 Proposed soil mound and jacláng arrangement for 
Example 13.4. 

Soil mound: 

A top = (20 ft) (8 ft) 160ft 2 

A bottom = (29ft) (24ft) = 696ft 2 

A average 
l60ft

2 
+696ft

2 = 428ft 2 
2 

w = (428ft 2)(9ft)(l20lb/ft 3
) = 462,000lb 

A shear = A bottom = 696 ft 
2 

24 ft 
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w 462,000 lb = 664 lb/ft 2 

A 696 ft 2 

u = y ... z.,. = (62.4 lb/ft 3)(1 ft) = 62 lb/ft 2 

o; = o, - u = 664lb/ft 2 - 62 lb/ft 2 = 602lb/ft 2 

s = c 1 +a1 tan<!> 1 = 400lb/ft 2 +(602 lb/ft 2) tan29o = 734 lb/ft 2 

p 300,000 lb = 43 1 lb/ft 2 

S 734 ib/ft 2 
F = - = 1.7 > 1.5 :.OK = Answer 

' 43llb/ft 2 

According to this analysis, the soíl mound is sufficiently large to provide the necessary reaction 
force. 

Total Stress Analyses 

Analyses based on effective stresses, such as those in Examples 13.1 through 13.4, are 
possible only if we can predict the effective stresses in the field. This is a simple matter 
when on1y hydrostatic pore water pressures are present, but can become very complex when 
there are excess pore water pressures. For example, when a fill is p1aced over a saturated 
clay, excess pore water pressures develop in the clay as described in Chapters 11 and 12. 
In addition, sorne soils also develop additiona1 excess pore water pressures as they are 
sheared, as discussed later in this chapter. Often these excess pore water pressures are 
difficult to predict, especially those due to shearing. 

Because of these difficu1ties, geotechnical engineers sometimes evaluate problems 
based on total stresses instead of effective stresses. This approach ínvolves reducing the lab 
data in terrns of total stress and expressíng it using the parameters cr and <f>.r . Equation 13.3 
then needs to be rewritten as: 



Ouestions and Practica Problems 

where: 
s = shear strength 

cT =total cohesion 
a= total stress acting on the shear surfacc 

ci>T = total friction angle 
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(13.5) 

The total stress analysis method assumes the excess pore water pressures developed 
in the lab are the same as those in the field, and thus are implicitly incorporated into Cr and 
ci>T- This assumption introduces sorne error in the analysis, but it becomes an unfortunate 
necessity when we cannot predict the magnitudes of excess pore water pressures in the fiel d. 
It also demands the laboratory tests be conducted in a way that simulates the field conditions 
as closely as possible. 

The shear strength of soils really depends on effective stress, so total stress analyses 
are less desirable than effective stress analyses, and the results need to be viewed with more 
skepticism. However, there are times when we must use total stress analyses because we 
ha ve no other practica! altemative. 

OUESTIONS ANO PRACTICE PROBLEMS 

13.1 The effective stress at a certain plane in a soil is 120 kPa, the effective cohesion is 1 O kPa, and 
the effecti ve friction angle is 31 o . A foundation to be built nearby will induce a shear stress of 
50 kPa on this plane. Compute the factor of safety against a shear failure. 

13.2 A soil has a unit weight of 118lb/fe, cr= 250 lb/ft2
, and <Pr = 29°. Compute the shear strength 

on a horizontal plane ata depth of 12ft below the ground surface. 

13.3 The soils in Figure 11.24 have the following strength parameters: 
Sitty sand e'= O <!>' = 31 o 

Soft clay Cr = 20 kPa <!>7 =O o 

Medium clay cr = 45 kPa <l>r =Oc 
Glacial till e' = 15 kPa <!> ' =40° 

In addition, the glacial till has a unit weight of 22.0 kN/m .1. Develop a plot of shear strength on 
a horizontal plane vs. depth from the ground surface to a depth of 20 m. Keep in mind the shear 
strength at a point depends on e and <!> at that point, so it can suddenly change at strata 
interfaces. 

13.4 Pile foundations consist of prefabricated poles, usual! y made of steel, wood, or concrete, that 
are driven into the ground with a pile hammer. The number of hammer b1ows per 0.1 m of piJe 
penetration (known as the blow count) depends on the strength ofthe soil at the pite tip (along 
with other factors). 

A series of pites is to be driven at the site described in Prohlem 13.3. The geotechnical 
engineer requires them to be driven until the lipis embedded 0.2 m into the glacial till. Could 
the field engineer use the blow count to determine when this penetration has been achieved? 
Explain. 
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13.4 SHEAR STRENGTH OF SATURATED SANOS ANO GRAVELS 

Little or no excess pore water pressure occurs in clean sands and gravels under static loading 
conditions because their hydraulic conductivities are so high. lf changes in the normal or 
shear stresses cause the voids to expand or contract, water easily flows in or out as 
necessary. Therefore, the pore water pressure, u, is equal to the hydrostatic pore water 
pressure (Equation 7.7) and shear strength analyses may be based on effective stresses. 

Determining e' and 41' 

If no cementing agents or clay are present, saturated sands and gravels should ha ve e' = O. 
We determine the friction angle, <!>', by conducting field or laboratory tests, as discussed 
later in this chapter. Figure 13.11 presents typical <!> ' values, which may be used for 
preliminary estimates or for checking test data. 

15 
Dry Unit Weight, 'Yd (kNtm3) 

20 

40 

~ 
:e. 35 

t 
'ª :E 30 

·~ 
¡¡¡ 

25 

Void Ratio, e 

Figure 13.11 Typical cJ¡ ' values for cohesionless soils without clay or cementing agents (Adapted from U.S. 
Navy, 1982). 

Notice how the <!> ' values in Figure 13.11 increase as the unit weight increases. This 
is one of the reasons for compacting soils. This figure also illustrates that gravels are 
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generally stronger than sands, and well-graded soils are generally stronger than poorly 
graded ones. The presence of large amounts of silt decreases <P ', primarily because these 
partí eles are smoother and ha ve lower coefficients of friction. 

lf cementing agents or overconsolidated clay (i.e., an SC soil) are present, then e' will 
be greater than zero. However, engineers are generally reluctant to re! y on this additional 
strength, especially if it is from clay, if the cementing agents are water-soluble, or if there 
is concem that it may be an apparent cohesion. For design purposes, most engineers either 
ignore the cohesive strength of such soils, or use design values less than measured e'. 

Selecting the Proper Value of a' 

We are perforrning an effective stress analysis, so the shear strength is defined by 
Equation 13.3. The value of <P' is deterrnined by testing, ande' is usually O, but what 
should we use for the effective stress, a'? In most geotechnical design problems, the shear 
and normal stresses change simultaneously, so a' at the beginning of loading is different 
from that at the end. 

To understand which a' to use for design, study the plots in Figure 13.12. These plots 
describe the conditions at a point in the soil below a spread footing foundation. As the 
extemalload, P, is applied to the foundation, perhaps over a construction period of a few 
weeks, the vertical total stress, a ,. at point A increases accordingly. The pore water 
pressure, u, remains virtually constan! because of the rapid drainage, so the vertical effective 
stress, o/ increases at the same rateas a,. Thus, the shear strength, s, also increases, and is 
greater at the end of construction than it was at the beginning. Concurrently, the externa! 
load also induces a shear stress, 1:, in the soil. It occurs as quickly as the load is applied. 
Finally, the factor of safety changes during construction per Equation 13.4. 

Based on this data, we can see that all of the changes in the soil occur during 
construction. As soon as the new shear stress occurs, the increased shear strength is present 
to resist it. Therefore, we may use the post-construction a' for our strength analysis and 
take advantage of the corresponding increase in shear strength. 

The opposite condition occurs when the soi1 is unloaded. In this case, a ' and s 
decrease during construction. To evaluate this condition, we again use the post-construction 
a ', but this time it produces a lower strength than the pre-construction value. 

Example 13.5 

The levee shown in Figure 13.13 is to be built along the side of a river to protect a nearby town 
from flooding. As a part of the design of this levee, the geotechnical engineer is considering 
the potential for a landslide along the failure surface shown in the figure. If the natural soils 
below the levee are clean sands with <fl' = 34 o and the shear stress at Point A is 400 lb/ft; 
compute the factor of safety against sliding at Point A. 
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u 

F\L-----"'==-==-=-
Figure 13.12 Changes in nonnal and shear stresses, shear strength, and factor of safety with time at Point A in 

a saturated sandy soil below a structural foundation. 
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Figure 13.13 Proposed levee. 

Solution 

a~ = 'L,yH -u 
= (62.4 1b/ft 2)(22 ft) + (125 1b/ft 2)(9 ft) 

+ (119lb/ft 2)( 15 ft) - (62.4lb/ft 2)( 46ft) 
= l41 2lb/ft 2 

The shear surface at Point A is nearly horizontal, so assume o ' = a; 

Commentary 

s = c 1 + a1 tancj>1 = O+ (1412lb/ft 2)tan34° = 953lb/ft2 

F=!.. 
t 

9531b/ft 2 
- -- = 2.4 
400 lb/ft 2 

- Answer 

l. This analysis was based on effective stresses with the post-construction o '. 
2. The computed factor of safety of 2.4 would be saúsfactory. 
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3. Real slope stability analyses need to consider the factor of safety along the entire shear 
surface, not just at one point. We will discuss methods of performing such analyses in 
Chapter 14. 

Soil Liquefaction 

Most large civil engineering projects require weeks or months to build. Sorne, such as large 
earth darns, are under construction for years. Therefore, the loads applied to soils from these 
projects also occur slowly, which is why cohesionless soils have plenty of time to draw 
water into or out of the voids as they expand or contract. Little or no excess pore water 
pressures develop in these situations because the potential rate of drainage is greater than 
the rate of loading. 
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However, the rate of loading is sometimes so rapid that even cohesionless soils cannot 
drain quickly enough. The most noteworthy example is the loading due to an earthquak:e, 
which is much faster than the rate of drainage. This is especially problematic in loose, 
saturated sands because they tend to compress when loaded (Lee, 1965), whích normally 
would force sorne water out of the voids. However, because the loading occurs so quickly, 
the water cannot easily drain away and positive excess pore water pressures develop instead. 
As these pressures build up, both the effective stress and the strength decrease (see 
Equation 13.3). Sometimes the effective stress drops to zero, which means the soilloses all 
its shear strength and thus behaves as a dense liquid. We cal! this phenomenon soil 
liquefaction. 

Soilliquefaction can cause extensive damage, so geotechnical engineers working in 
seisrnically active areas need to be aware of the soil conditions where this phenomena is 
likely to occur. Chapter 20 discusses liquefaction in more detail. 

Quicksand 

Section 10.10 discussed seepage forces and the unfortunate consequences that can occur 
when water flows upward through a soil and the seepage forces oppose the gravitational 
forces. According to Equation 10.46, upward seepage forces can become large enough that 
the vertical effective stress drops to zero. This can cause heaving, as illustrated in 
Example 10.1 O, especially if the seepage forces significantly exceed the gravitational forces. 
Another possibility is quicksand, which occurs in sandy soils when upward seepage 
produces a oz' close to zero. e' also is zero, these soils have no shear strength and behave 
as a heavy fluid. 

Although true quicksand can occur in natural settings, most conditions identified as 
quicksand are actually just very loose saturated sand. However, quicksand is a very real 
danger in dewatered excavations and other constructed facilities where upward seepage 
forces have been artificially created. Tbis strength loss can trigger the failure of shoring 
systems and other facilities, possibly resulting in property damage and loss of life. 

QUESTIONS ANO PRACTICE PROBLEMS 

13.5 A cenain well-graded sand deposit has an in-situ relative density of about 50%. A laboratory 
strength test on a sarnple of this soil produced an effecti ve friction angle of 31 o. Does this test 
result seem reasonable? Explain the basis for your answer. 

13.6 The venical effective stress at a cenain point in a loose sand is 1000 Jb/ft ~ If an earthquake 
were to occur, how much excess pore water pressure would need to develop at this point for 
liquefaction to occur? Show a numerical rationale for your answer. 

13.7 A temporary excavation similar to the one shown in Figure 8.6 on page 251 is to be built. The 
soil is a clean sand with y = 1 18 lb/ft3, e ' = O, and <f>' = 34 o. According to a flow net analysis, 
the groundwater flow in the soil immediately below the excavation will be upward and have a 
hydraulic gradient of 0.76. Compute the shear strength on a horizontal plane ata depth of 3ft 
below the bottom of the excavation. Discuss the significance of your answer. 
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13.5 SHEAR STRENGTH OF SATURATED CLAYS ANO SILTS 

Shear strength assessments in clays and silts are more difficult than those in sands and 
gravels because: 

• Clay particles undergo more significant changes during shear 
• The low hydraulic conductivity impedes the flow of water into and out of the voids, 

so significant excess pore water pressures often develop in the soil 

In addition, saturated clays and silts are generally weaker than sands and gravels, and thus 
are more often a cause of problems. 

Volume Changes and Excess Pore Water Pressures 

When loads such as structural foundations are applied to the ground, the total vertical stress, 
o,, and the shear stress, -r, increase as discussed in Chapter 10. These increases are shown 
on the plots in Figure 13.14. In sandy soils, the increase in o, immediately causes sorne of 
the pore water to flow out of the voids, which results in rapid consolidation and 
corresponding increases in the vertical effective stress, a;. We call this the drained 
condition because the pore water can easily drain or move through the soil. The plots in 
Figure 13.14a describe various changes in the soil during Joading under the drained 
condition. Our discussion of the shear strength of sands and gravels in the previous section 
assumed drained conditions prevailed. 

However, if the same load is applied to a saturated clay, the flow of pore water is 
much slower because these soils have a much smaller hydraulic conductivity, k. Therefore, 
excess pore water pressures develop in the soil as discussed in Chapters 11 and 12. We call 
this the undrained condition because it is much more difficult for the pore water to drain or 
move through the soil. The plots in Figure 13.14b describe this condition. Notice the spike 
in the u plot, which illustrates the immediate build-up and gradual dissipation of excess pore 
water pressures. As a result, the increase in a/ is much slower than in sands. 

Although we usually consider sands to be drained and clays to be undrained, either 
condition can occur in virtually any soil. The distinction between the drained and undrained 
conditions really depends on the rate of loading and the rate of drainage. If the rate of 
loading is slow compared to the rate of drainage, then drained conditions prevail. 
Conversely, if the rate of loading is rapid compared to the rate of drainage, then undrained 
conditions prevail. For normal rates of loading from construction (i.e., load applied over 
a period of weeks or months), sands usually are drained and clays usually are undrained. 
However, if the rate of loading is exceptionally fast, the undrained condition can exist in 
sands. For example, soil liquefaction, as described earlier, is the result of undrained 
conditions under rapid seismic loading. Similarly, if the rate of loading is very slow, the 
drained condition can occur in clays. 

Sorne construction projects cause a decrease in the vertical stress and an increase in 
shear stress. For example, this occurs when we make a sloped excavation. In this case, the 
post-construction o:' and s are less than the pre-construction values, as shown in Figure 
13.15. If undrained conditions prevail, negative excess pore water pressures are present. 
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Drained condition Undrained condition 
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Figure 13.14 Changes in normal and shear stresses. shcar strength, and factor of safety with time at a point in 
a saturated clay below a fill ora structural foundation. a) very slow loading (drained conditions); b) normal 
rate of loadin!( (undrained condition). 
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Drained condition Undrained condition 
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\ ___ _ 
Figure 13.15 Changes in nonnal and shear stresses, shear strength, and factor of safety with time ata point in 
a saturated clay below an excavation. a) very slow loading ( drained conditions ); b) nonnal rate of loading 
(undrained condition). 
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Induced shear stresses and the corresponding shear strains also can produce volume 
changes in soil. These changes are in addition to those dueto changes in o'. Loose sands 
and normally consolidated clays usually compress as they are sheared, especially if o' is 
high, thus forcing sorne water out of the voids. Conversely, dense sands and 
overconsolidated clays expand as they are sheared (a process called dilation), especially 
when o' is low, and draw additional water into the voids. Once again, if the rate of loading 
is slow compared to the rate of drainage, there will be plenty of time for the water to flow 
in or out and drained conditions will prevail. Conversely, if the rate of loading is rapid 
compared to the rate of drainage, then undrained conditions will prevail. When undrained 
conditions prevail, corresponding excess pore water pressures develop in the soil. 

Usually the induced normal stress and the induced shear stresses develop 
simultaneously, so the pore water pressure at a given time is: 

where: 
u "' pore water pressure 

u¡,"' hydrostatic pore water pressure (per Equation 7.7) 
(uJnormaJ = excess pore water pressure due to changes in normal stress 

> O if subjected to increases in o 
< O if subjected to decreases in a 

(u_)shear = excess pore water pressure due to shearing 
> O if soil tends to compress when sheared 
< O if soil tends to dilate when sheared 

(13.6) 

Usually, (u.)normal dominates over (u.)shear· Thus, most soils that are being loaded, such 
as by fills or foundations, have a net positive u,, while those that are being unloaded, such 
as by an excavation, usually have a net negative u,. These processes are most pronounced 
in soft clays because they experience large volume reductions due to consolidation. 

When performing shear strength analyses, it is important to properly assess the 
drainage conditions that will occur in the field because this assessment determines how we 
will define the shear strength. There are three possibilities: 

Case 1 - Drained conditions 
Case 2- Undrained conditions with positive excess pore water pressures 
Case 3- Undrained conditions with negative excess pore water pressures 

Each of these possibilities is discussed below. 

Case 1 - Shear Strength under Drained Conditions 

The undrained condition is the easiest to evaluate because there are no excess pore water 
pressures. We simply evaluate e' and <P' using an appropriate test, compute o' based on the 
hydrostatic pore water pressures and post-construction conditions, and s using 
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Equation 13.3. We can use this method to evaluate shear strengths in the soil once the 
excess pare water pressures ha ve dissipated. Thus, drained strength analyses may be used 
to evaluate Iong-term stabilíty. 

Figure 13.16 shows typical effective stress Mohr-Coulomb failure envelopes for both 
normal! y consolidated and overconsolidated clays and silts under drained conditions. Those 
that are normally consolidated and uncemented normally have e' = O. However, 
overconsolidation produces a true cohesion, as discussed earlier. These two plots join when 
the effective stress equals the preconsolidation stress, a/ . Figure 13. I 7 presents typical <1>' 
values for clays, which may be used for preliminary analyses or for checking test results. 
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Figure 13.16 Mohr-Cou!omb failure envelopes for saturated, 
uncemented clays and silts under drained conditions. 
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Figure 13.17 Typical effective friction angles for normally consolidated, saturated clays and silts (from Fundamentals of 
Soil Behavior, 2"'' Ed. by J.K. Mitchell, Copyright ©1993; used by permission of John Wiley and Sons). 
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Example 13.6 

The natural earth slope shown in Figure 13.18 has been in its present configuration for a very 
long time. A slope stability analysis is to be performed on the potential failure surface shown 
in the figure. What shear strength should be used in this analysis? 

Solution 

This slope has been in place for a long time, and no loads are being added or removed, so we 
can use a drained analysis based on e' and <!> ' with the hydrostatic pore water pressures. We 
could obtain e' and <!>'by performing appropriate laboratory tests on undisturbed samples (as 
described later in this chapter), and compute a' based on the cross-section. 

Figure 13.18 Cross-section of natural 
slope for Example 13.6. 

Case 2 - Shear Strength under Undrained Conditions 
with Positive Excess Pore Water Pressures 

The rate of construction for most projects is fas ter than the rate of drainage in saturated clays 
and silts, so undrained conditions prevail during and immediately after construction. If the 
new construction causes an increase in the normal stress, then the excess pore water 
pressures will be positive. This is the most common of the three cases. Examples include 
the construction and loading of structural foundations and the construction of embankments. 

The plots in Figure l3.14b show changes in various soil parameters with time below 
a structural foundation being built on a saturated clay or silt. The excess pore water 
pressures build up during constructíon, then slowly dissipate. Thus, the lowest factor of 
safety occurs immediately after construction, when the shear strength is stilllow but the full 
shear stresses are already present. We want to be sure this factor of safety is adequate, so 
we need to evaluate the end-of-construction shear strength. 

Unfortunately, it is difficult to predict the magnitude of the excess pore water 
pressures, especially those due to shearing, so we cannot compute the values of a' or s. 
Therefore, we typically analyze such problems usíng a total stress analysis and compute the 
shear strength using Equation 13.5. 

If the soíl is truly saturated and truly undrained, then <!> r= O (even though <!> ' > 0) 
because newly applied loads are carried entirely by the pore water and do not change a'. 



Sec. 13.5 Shear Strength of Saturated Clays and Silts 491 

This is very convenient, because the second term in Equation 13.5 drops out and we no 
longer need to compute a. We call this a "4> =O analysis." This shear strength is called the 
undrained shear strength, s., where su= Cr. Table 5.4 gives typical values of s •. 

Usually we assign an appropriate s. value for each saturated undrained stratum based 
on laboratory or field test results. In reality, s" is probably not constant throughout a 
particular soil stratum, even if it appears to be homogeneous. In general, s. increases with 
depth because the lower portions of the strata have been consolidated to correspondingly 
greater loads, and thus have a higher shear strength. In normally consolidated clays, s )s 
nearly proportional to a,'. The near-surface soils also have higher strengths if they had once 
dried out (desiccated) and formed a crust. Finally, the natural non-uniformities in a soil 
strata produce variations in s". We can accommodate these variations by simply taking an 
average value, or by dividing the strata into smaller layers, each with its own s •. 

Example 13.7 

Revisit the proposed levee in Example 13.5, except the underlying soils are now saturated clays. 
The shear strength parameters at Point A are: s.= 700 lb/ft 2

, e'= 300 lb/fe, <jl ' "'24°. Compute 
the factor of safety against sliding at Point A. 

Solution 

We sol ved Example 13.5 using an effective stress analysis because the underlying soils were 
sands, so drained conditions could be expected immediately after construction. However, if the 
underlying soils are clays, undrained conditions will prevail. The excess pare water pressures 
will be positive because the weight of the levee increases the normal stresses. Therefore, we 
need to evaluare this problem using the pre-construction shear strength, which is the undrained 
shear Strength, S u· 

The factor of safety immediately after construction is then: 

Short term F = ~ 
t 

700 lb/ft 2 

400 lb/ft 2 
1.7 - Answer 

As the excess pare water pressures dissipate, the factor of safety will gradually increase. 
Once they ha ve completely dissipated, which may take years, the new factor of safety may be 
computed using the hydrostatic pare water pressures andan effective stress analysis: 

a~ = 'L;yH- u 

= (62.4lb/ft 2)(22 ft) + (125 lb/ft 2)(9 ft) 
+ (119lb/ft 2)(15 ft)- (62.4lb/ft 2)(46ft) 

= 1412lb/ft 2 

s = c 1 + a 1tan<jl1 = 300lb/ft 2 + (14I2lb/ft 2)tan24o = 929lb/ft 2 

S Long term F = -
't' 

929 lb/ft 
2 

= 2.3 

400 lb/ft 2 
... Answer 
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The use of undrained strengths in Case 2 design problems should be conservative 
because this method assumes none of the excess pore water pressures in the field will 
díssípate until well after the load is placed. In reality, sorne dissipation usually occurs, with 
corresponding increases in shear strength. Sometimes these strength increases during 
construction are significant, so the use of undraíned strength can be overly conservative. 
For example, significant strength increases might occur in soils beneath large fills that are 
placed slowly. In such cases, engineers sometimes perform special laboratory tests to 
quantify the excess pore water pressures, then use them to perform an effective stress 
analysis. This methodology also includes the installation of piezometers in the field to 
monitor the actual pore water pressures during construction, and thus is another example of 
the observational method, as discussed in Chapter 12. 

Case 3 - Shear Strength under Undrained Conditions 
with Negative Excess Pore Water Pressures 

When the construction causes the normal stress in a saturated clay or silt to decrease, 
negative excess pore water pressures develop. The most common example is an excavation. 
This negative u, gradually dissipates, but now it causes a corresponding loss in shear 
strength with time as shown in Figure 13.15. 

In Case 2, the factor of safety increased with time, which is a desirable characteristic. 
If a failure does occur, it probably will happen during or soon after construction. However, 
in Case 3, F decreases with time, which is potentially much more dangerous. The most 
likely time for a failure is long after construction, and probably after the site has been 
developed and occupied. 

The lowest factor of safety now occurs after the excess pore water pressures have 
dissipated, so this condition needs to be evaluated using an effective stress analysis with the 
hydrostatic pore water pressures and the post-construction effective stresses. This approach 
addresses the long-term stability. 

Example 13.8 

A cut slope is to be made in a clayey soil to perrnit construction of a new highway, as shown 
in Figure 13.19. A slope stability analysis is to be performed along the potential shear surface 
shown in this figure. The soils are silty clays with e' = 18 kPa, <P ' = zoo, and s. = 100 kPa. If 
the shear stress at point A is 60 kPa, compute the short-term and long-term factors of safety at 
this point. 

Solution 

Short-term stability 

These soils are clayey, so negative excess pore water pressures will be present at point 
A immediately after construction. Therefore, the short-term stability should be assessed 
using an undrained total stress analysis. 
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Short term F = !.. = lOO kPa 1.7 - Answer 
t 60kPa 

Figure 13.19 Proposed highway cut for Example 13.8. 

Long-term stability 

Eventually, the excess pore water pressures will dissipate, and the soils will attain their 
drained strength under the new stress conditions. The Jong-term stability analysis should 
be based on an effective stress analysis using the drained strengths. 

o: LYH - u 

Comments 

(1 8.7 kN/m 3)(4.9 m) + (19.2 kN/m 3)(5.2 m)- (9.8 kN/m 3)(5.2 m) 
140 kPa 

Long term F = s = 69 kPa = 1.1 
t 60kPa 

s = c 1 +o1 tan<j)1 

= 18 kPa + (140 kPa)tan20 o 

= 69kPa 

- Answer 

Immediately after construction, the factor of safety at Point A is 1.7, which would usually be 
acceptable. However, once the negative excess pore water pressures have dissipated, F drops 
to only 1.1, which would generally not be acceptable. If the groundwater table rose, or if the 
actual e' and <!> ' values are slightly different than we think, failure could occur. 

The factors of safety in this example only represent the conditions at Point A, and are 
intended only to illustrate the effects of negative pore water pressure dissipation. Actual slope 
stability analyses require assessment of the factor of safety along the entire shear surface, as 
discussed in Chapter 14. 
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Sensitivity 

Sorne clays have a curious property called sensitivity, which means their strength in a 
remolded or highly disturbed condition is less than that in an undisturbed condition at the 
same moisture content. Sometimes thi& strength loss is very large, as shown in 
Figure 13.20. These highly sensitive clays, called quick clays, are found in certain areas of 
Eastem Canada, parts of Scandinavia, and elsewhere. Tbis behavior occurs because these 
clays have a very delicate structure that is disturbed when they are remolded. 

The degree of sensitivity is defined by the parameter S,: 

s, S undisturbcd 
(13.7) 

Figure 13.20 Undisturbed and remolded 
samples of Leda clay frorn Ottawa, Ontario. 
Both samples are at the sarne rnoisture content; 
the only difference is the remolding. Thls is an 
extreme exarnple of a sensitive clay, with an S, of 
about 1500 (National Research Council of 
Canada). 

Table 13.1 presents two systems of classifying sensitivity based on S, Note the 
difference between the criteria commonly used in the United States, where highly sensitive 
clays are rare, with that used in Sweden, where they are common. 

Shear failures in highly sensitive clays can be very dramatic because the strength loss 
makes the failure propagate over a wide area. This sometimes produces large flow slides, 
such as the one in Figure 2.18. 

Sensitive clays also can recover from these strength losses through a process called 
thixotropic hardening. 
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TABLE 13.1 TYPICAL CLASSIFICATION OF 
SENSITIVITY (Adapted from Holtz and Kovacs, 19811 

Sensitivity, S, 
Classification 

United States Sweden 

Low sensitivity 2-4 <lO 

Medium sensitivity 4-8 10-30 

High sensítivity 8-16 30-50 

Quick >16 50-100 

Extra quick > 100 

Residual Strength 

495 

In Figure 13.5 we saw the difference in shear stress-strain curves between ductile and brittle 
soils and the resulting difference between peak strength and residual strength. Although this 
distinction is not important with sands or gravels because they have curves that are either 
ductile or very mildly brittle, it can be very important in clays. 

Most normal! y consolidated clays are slightly ductile, and thus have residual strengths 
that are slightly Jess than the peak strength. This strain softening (loss of strength with 
increasing strain) is largely due to particle reorientation and a breakdown of the soil fabric. 
In sensitive clays, which have an especially delicate fabric, the residual strength can be 
much less than the peak strength. 

Overconsolidated clays nearly always have a brittle stress-strain curve, with the 
residual strength significantly less than the peak strength. This is due to the factors just 
described, plus an increase in void ratio during shear and the resulting increase in moisture 
con ten t. 

Brittle soils have two "strengths," so the data points used to develop the 
Mohr-Coulomb strength envelope could be based on either the peak values or the residual 
values, as shown in Figure 13.21. Usually we use the peak strength, so it requires no special 
notation. However, if the data has been assessed using residual strengths, we use a subscript 
"r", and express the results as e,' and <!>,'. Residual strength is purely frictional (i.e., there 
is no cohesive strength), but the envelope is typically nonlinear. Thus, any e; value is 
solely the product of fitting a straight line to a curved envelope, as discussed earlier. 

Residual strength data is especially important when evaluating shear surfaces in the 
field produced by landslides. The landslide movement produces a very smooth surface, 
known as a slickenside, as shown in Figure 13.22. The shear strength along such surfaces 
has been reduced to the residual value, which is less than the strength of the surrounding 
undisturbed soils. A geotechnical engineer would need to know this strength when 
assessing the stability of existing landslides and when designing stabilization measures. 

Sorne analyses use a third value, called the fully softened strength, which Iies between 
the peak and residual values. 
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Shear displacement 

Fissured Clays 

Strength Chap. 13 

Figure 13.21 The peak 
strength envelope is 
obtained from the shear 
strength at the high points 
of tbe stress-strain 
curves, while tbe residual 
strength envelope is 
obtained from the 
strength at a large strain. 

Figure 13.22 This 
sliclcenside was formed by a 
landslide in a c!ay. The shear 
strength along this surface 
has been reduced to the 
residual value. 

Many stiff clays contain small cracks known asfissures. The strength along these fissures 
is less than that of the intact soil, so shear failures are more likely to occur along the fissures. 
However, the spacing of these fissures is often larger than the soil samples obtained from 
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a boring, so these sarnples may not represent the larger soil mass. Laboratory tests on such 
samples probably represent the intact soil, and thus can be very misleading. We probably 
need the strength along the fissures for most analyses. This strength should be no smaller 
than the residual strength of the intact soil. 

Creep 

Sandy and gravelly soils can sustain shear stresses very el ose to their shear strength for long 
periods without failing. This is a very desirable trait, and is one of the reasons these soils 
are superior materials for many applications. Unfortunately, clayey soils are not so well 
behaved. When the shear stress in a clay exceeds about 70 percent of the shear strength, 
slow shear movements called creep begin to occur. These movements can be the source of 
many problems. For example, the upper soils on sloping ground sometimes exhibit creep, 
which causes them to slowly move downslope. Sorne clays exhibit significant creep at 
stresses as low as 50 percent of their shear strength. This creep behavior is one of the 
reasons we typically require higher factors of safety in clayey soils. 

A lexandre Collin 

After graduating from the École 
PolytechJl ique in Paris. Alcxandre Collin (1808-
1890) worked on severa! canal and dam projccts 
in Francc. Sorne of thcse projects experienced 
landslides during and after construction, and 
Collin had the opportunity to study them. In the 
process of doing so, he became the frrst to 
develop analytical methods for evaluating 
landslides, and lhe lirstto recogniLc that soil has 
both frictional and cohesive strength. He also 
dcvcloped the first laboratory cquipment to 
measure soil strength. 

Coll in attempted to publish his findings in 
1840 by submitting a paper to a technical 
journal, but it was rcjected due to the "specialty 
of the subject matter" (Skempton, 1949). He 
eventually self-published bis findings in 1846, 
but his work was not widely circulated and was 
soon forgotten. Colljn 's contributions were 
finally recognized only after thesc principies 
were independently rediscovered in the early 
twentietb century. 

hnage courtesy ofThomas Telford, Ltd. 
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13.6 SHEAR STRENGTH OF SATURATED INTERMEDIATE SOILS 

The discussíons in Sections 13.4 and 13.5 divided soils into two distinct categories. The 
sands and grave1s of Section 13.4 do not develop excess pore water pressures during static 
1oading, and thus may be eva1uated using effectivc stress ana1yses and hydrostatic porc 
water pressures. Conversely, the silts and clays of Section 13.5 do develop excess pore 
water pressures, and thus rcquire more carefu1 analysis. They also may ha ve prob1ems with 
sensitivity and creep. Although many "real-world" soils neatly fit into one of these two 
categories, others behave in ways that are intermediate between these two extremes. Their 
field behavior is typically somewhere between being drained and undrained (i.e., they 
deve1op sorne excess pore water pressures, but notas much as wou1d occur in a clay). 

Although there are no clear-cut boundaries, these intermediate soils typically include 
those with unified classification SC, GC, SC-SM, or GC-GM, as well as sorne SM, GM, and 
ML soils. Proper shear strength evaluations for engineering analyses require much more 
engineering judgment, which is guided by a thorough understanding of soil strength 
principies. When in doubt, it is usually conservative to evaluate these soils using the 
techniques described for silts and clays in Section 13.5. 

13.7 SHEAR STRENGTH OF UNSATURATED SOILS 

Thus far we ha ve only considered soils that are saturated (S == 100% ). The strength of 
unsaturated soils (S < 100%) is generally greater, but more difficult to evaluate. 
Nevertheless, many engineering projects encounter these soils, so geotechnical engineers 
need to have methods of eva1uating them. This has been a topic of ongoing research 
(Fred1und and Rahardjo, 1993), and standards of practice are not yet as well established as 
those for saturated soils. 

Sorne of the additional strength in unsaturated soils is due to negative pore water 
pressures, as shown in Figure 10.16. These negative pore water pressures increase the 
effective stress, and thus increase the shear strength. However, this additional strength is 
very tenuous and is easily lost if the soil becomes wetted. 

Geotechnical engineers usually base designs on the assumption that unsaturated soils 
could become wetted in the future. This wetting could come from a rising groundwater 
table, irrigation, poor surface drainage, broken pipelines, or other causes. Therefore, we 
usually saturate (or at least "soak") soil samples in the laboratory before performing strength 
tests. This is íntended to remove the apparent cohesion and thus simulate the "worst case" 
field conditions. We then determine the highest likely elevation for the groundwater table, 
which may be significantly higher than íts present location, and compute positive pore water 
pressures accordingly. Fínally, we assume u== O in soíls above the groundwater table. 

QUESTIONS ANO PRACTICE PROBLEMS 

13.8 Explain the difference between drained and undrained conditions. 

13.9 A new building is to be built on a series of spread footing foundations that will be underlain by 
a saturated da y. Undisturbed soil samples have been obtained from this site and are ready to 
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be tested. Should the laboratory test program focus on producing values of e' and <P '. or 
s"? Explain. 

13.10 A steep excavation has been made in a saturated clay without the benefit of a slope stability 
analysis. It was completed one week ago, and thus far has not shown any signs of instability. 
Severa! people working on this project bclicvc this is adequate demonstration of its stabílity. 
and feel it is safe. Do you agree? Why or why not? 

13.11 A 5 m thick fill has recently been placed ovcr a clayey wetlands to support a new highway. The 
groundwater table is at or near the natural ground surface. Soon after the fill was completed, 
but before the paving began, a smalllandslide occurred in the fill and thc underlying soils. The 
slope failed, so its factor of safety was, by dcfinition. equal to 1.0. Unfortunately, a sudden 
budget crisis stopped all work on the project and nothing was done for ten years. Then, a ncw 
so urce of funding permitted construction to resume. Is the fac tor of safety still equal to 1.0? 
Will remedia! construction definitely be necessary to increase the factor of safety? What should 
be done to evaluate this situation? Explain. 

13.12 PiJe foundations consist of long poles driven into the ground. They transmit structuralloads 
into the ground through end bearing (compression between the bottom of the pile and the soil 
below) and through skin friction (sliding friction along the sides of the pi le). 8oth of these 
depend on the shear strength ofthe surrounding soil. 

When piles are driven into saturated clays, they push the soil aside, causing it to compress 
and generating excess pore water pressures. After construction. thesc pressures eventually 
dissipate. 

a. Would you expect these excess pore water pressures to be positive or negative? Why? 
b. Would you expect the load capacity of the pile to increase, decrease, or remain constan! 

with time? Why? 

13.13 Soil can stand in vertical cuts only if it has cohesive strength. Even so, anyone can buíld a sand 
castle at the beach using dean fi ne-to-medium sand, and these castles can have vertical cuts. 
This appears to be a contradiction. 

a. Explain why sand castles can be built in this way. 
b. If no waves. thieves, rain, or wind disturb thc castle. will the vertical cuts stand for a long 

time? Explain why or why not. 

13 .8 SHEAR STRENGTH M EASUREMENTS 

Geotechnical engineers measure shear strength using both ex-situ and in-situ methods. As 
discussed in Chapter 3, ex-sítu methods involve obtaining undisturbed samples from an 
exploratory boring, bringing them toa soil mechanics laboratory, and testing them there. 
In-situ methods use special equipment brought to the field and test the soils in place. 

Ex-Situ Methods 

Most shear strength measurements are performed in laboratories using ex-situ methods. 
These include direct shear tests, ring shear tests, unconfined compression tests, triaxial 
compression tests, and others. 
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Direct Shear Test 

The earliest measurements of soil strength were probably those performed by the French 
engineer Alexandre Collin in 1846 (Head, 1982). His test equipment was similar to the 
modern direct shear machlne. The direct shear test as we now know it [ASTM D3080] was 
perfected by several individuals during the first half of the twentieth century. 

The test apparatus, shown in Figure 13.23, typically accepts a 60--75 mm (2.5-3.0 in) 
diameter cylindrical sample and subjects it to a vertical load, P. The vertical total stress, 
ot , is thus equal to P!A. The sample is contained inside a water bath to keep it saturated, 
but the hydrostatic pore water pressure is very small so we can assume o,' also equals PI A. 
It is important to select P values such that o/ is close to the field stresses. The sample is 
allowed to consolidate under this load. 

(a) 

V~-· ------, 

Soil sample 

(b) 

Porous 
stone 

Water 
bath 

Figure 13.23 a) A direct shear machine. The sample is inside the sample holder, directly 

below the upper dial gage, b) cross-section through sample holder showing the 
sample and shearing action. 
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Once the soil has fully consolidated, a shear force, V, is gradually applied. This shear 
force induces a shear stress 1: =V/A. Usually Vis applied slowly enough to maintain drained 
conditions. In sands, the required rate of loading is such that failure occurs in a couple of 
minutes. However, clays must be loaded much more slowly, possibly requiring a time to 
failure of severa! hours. 

The shear stresses are then plottcd against shear displacement, as shown in 
Figure 13.24. This procedure is then repeated two more times on "identical" new samples 
using different magnitudes of P. 

Test 3 
SJ 

Test 2 
~·2 

T 

S¡ 

Shear displacement 
Figure 13.24 Shear stress vs. shear displacement curves from three direct 
shear tests. 

The shear stress vs. shear displacement curves in Figure 13.24 continue until the direct 
shear machine reaches its displacement capacity. Unlike stress-strain curves in steel or 
other familiar materials, there is no rupture point. Sorne shear resistance always remains, 
no matter how much displacement occurs. 

The peak shear strength, s, for each test is the highest shear stress obtained. These 
values are then plotted on a Mohr-Coulomb diagram as shown in Figure 13.25 and 
connected with a best-fit Iine. The 1:-intercept is the effective cohesion, e', and the slope of 
the line is the effective friction angle, <!>'- Sometimes direct shear tests are performed more 
quickly, thus simulating partially drained or undrained conditions. In this case, the test 
results are expressed in terms of the total stress parameters e r and <j>r. 

The direct shear test has the advantage of being simple and inexpensive. It is 
especially useful for obtaining the drained strength of sandy soils. It also can be used with 
clays, but produces less reliable results because it is difficult to fully saturate the sample and 
because we have no way of controlling the drainage conditions other than varying the speed 
of the test. The direct shear test also has the disadvantages of forcing the shear to occur 
along a specific planc instead of allowing the soil to fail through the weakest zone, and it 
produces non-uniform strains in the sample, which can produce erroneous results in strain
softening soils. 
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T 

a' 

(a) (b) 

Figure 13.25 Results from a series of direct shear tests: a) Results from a drained test 
plotted using effective stresses; b) Results from an undrained test plotted using total 
stresses. 

Chap. 13 

Example 13.9 

A series of three direct shear tests has been conducted on a certain saturated soil. Each test was 
performed on a 2.375 inch diameter, 1.00 inch tall sample. The test has been perfonned slowly 
enough to produce drained conditions. The results of these tests are as follows: 

Test Number 

2 

3 

Determine e' and <!>'. 

Solution 

Normal Load (lb) 

75 

ISO 

225 

Shear Load at Failure (lb) 

51 

110 

141 

A ~ rtD 2 = rt (2.375 in)2 ( ~) = 0.0308 ft 2 

4 4 144 in 2 

Based on this area and the measured forces: 

Test Number 

2 

3 

2438 

4876 

7314 

1665 

3576 

4545 

This data is plotted in Figure 13.26. It does not forma perfect line. This is due to experimental 
error, slight differences in the three samples, true nonlinearity, and other factors. We have 
drawn a best-fit line through these three points to obtain e' = 400 lb/ft 2 and <1>' = 31 o. 
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Note: The shear area changes as the direct shear test progresses, anda more thorough anaJysis 
would account for this change. However, most engineers neglect this change because it has 
very little effect on the final test results and because it is slightly conservati ve to do so. 

,-.., 

"' 
4000 

E 
.D 
e 
l-

2000 

o 2000 4000 

CT' (lb/ft2) 

Figure 13.26 Direct shear test results. 

Ring Shear Test 

6000 8000 

The direct shear test does not provide enough shear displacement to reach the residual 
strength in clays. Sometimes engineers attempt to overcome this mechanical deficiency by 
shearing the sample back and forth, or by other techniques. However, another device is 
available to measure the residual strength directly: the ring shear test, as shown in Figure 
13.27. This test uses an annular -shaped soil sample that is subj ected to a known normal load 
and rotated as shown. The shear stress in the sample may be computed from the torque 
required to rotate it. In theory, this test has an unlimited strain capacity, but in practice the 
residual strength is normally achieved after shear displacements of less than 1 m. 

Figure 13.27 Ring shear machine. The soil sample is placed inside the annular space shown in the photo on the left. Then 
the load cap is installed and the nonnalload is applied. Once the soil has consolidated, a torque is applied from below, and 
this torque is resisted by the rods shown in the photo on the right. 
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Unconfined Compression Test 

The unconfined compression test uses a cylindrical soil sample with no lateral confinement, 
as shown in Figures 13.28 and 13.29. An axial compressive load is gradually applied to the 
soil until it fails (i.e., the load reaches its peak value). The load is applied fairly rapidly 
(typically about 1 minute to failure), thus pFOducing undrained conditions. 

Figure 13.29 Force analysis of an 
uncommed compression tesL 

p 

p 

At beginning of test 

Figure 13.28 Conducting an 
unconfined compression test. 

P¡ 

Shear planes 

P¡ 

At failure 
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The major principal stress acts vertically and is cqual to the compressive load P 
divided by the cross-scctional area A. As the sample compres ses, the center part bulges, so 
the area A, which is measured on a horizontal plane, increases. The cross-sectional area at 
failure is: 

where: 
A1 = cross-sectional area at failure 
A0 = initial cross-sectional area = rtd2/4 
d = initial sample diametcr 
Er = axial strain at failure 

(13.8) 

There is no lateral confinement, so o 3= O and the left side of the total stress Mohr's 
circle is always at the origin. Thus, the Mohr's circle at failure is as shown in Figure 13.30. 

s, 

T 

a¡ 

Figure 13.30 Mohr's c ircle at failure in an unconfined 
compression test. 

This test appears to measure compressive strength, and the results are often expressed 
that way, as follows: 

where: 
q,. = unconfined compressive strength 
P1= normal load at failure 
A1 = cross-sectional area at faílure 

(13.9) 
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However, the soil really fails in shear along diagonal planes as shown in Figure 13.29. 
If the soil is soft it fails along multiple diagonal planes and bulges in the middle as shown. 
If the soil is stiff, it is more likely to fail on a single distinct diagonal plane. If we assume 
this shear failure occurs along the plane or planes of maximum shear stress, which are 
inclined at 45 o from the horizontal and are represented by the points on the top and bottom 
of the Mohr' s circle, then the undrained shelÍr strength, sU' is one-half of q": 

[1] A f 
(13.10) 

The unconfined compression test has the advantage of being simple and inexpensive, 
so we can use it to obtain a large number of s" values at a low cost. However, 0¡ in the field 
is actually greater than zero, so the test tends to underestimate su· 

Triaxial Compression Test 

The triaxial compression test is similar to the unconfined compression test except the 
sample is surrounded by a waterproof membrane and installed in a pressure chamber known 
as a cell, as shown in Figure 13. 31. The chamber is filled with water that is pressurized to 
produce a specified val u e of a 3. 

AxiaJLoad, P 

Figure 13.31 A triaxial test apparatus. The chamber in the photograph is covered with a protective wire mesh. 

A vertical load, P, is slowly introduced through a rod extending through the top of the 
cell. This load, divided by the cross-sectional area (obtained using Equation 13.8) is tlle 
deviator stress, ad: 
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(13.11) 

The vertical stress in the sample, which also is the major principal stress. is the sum 
of the cell pressure and the deviator stress: 

(13.12) 

Triaxial compression machines include devices for measuring the pore water pressure 
inside the soil sample while it is being tested. Thus, the effective principal stresses, a 1' and 
o3 ', may be computed using Equation 10.32. 

There are three common test procedures. The simplest is the unconsolidated 
undrained or UU test (also known as a Q or quick test). The sample is installed, the cell 
pressure applied, and the sample is loaded to failure as in the unconfined compression test. 
The undrained shear strength, s,, is equal to the radius of the Mohr' s circle at failure: 

(13.13) 

The measured values of s" from a UU triaxial test are more reliable than those from 
the UC test because the presence of a3 >O more accurately simulates the field conditions 
and because the membrane as sures the presence of undrained conditions. Only one sample 
is required to perform a UU test. 

The second procedure is the consolidated drained or CD test (also known as a S or 
slow test). This time, the sample is allowed to consolidate under the applied a3 • Then it is 
Ioaded very slowly, thus producing drained conditions. Usually three such tests are 
performed, each at a different a 3. The Mohr' s circles at failure are plotted as shown in 
Figure 13.32. The values of e ' and <!>' are obtained by drawing a line tangent to these 
circles. 

T 

Figure 13.32 Mohr's circles at failure from a series of CD triaxial tests. 
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The third procedure, the eonsolidated undrained or CU test (also known asan R or 
rapid test), is an attempt to measure the drained strength without having to run the test so 
slowly. The sample is consolidated as with the CD test, but then it is loaded much more 
rapidly. Undrained conditions prevail, but the machine is able to measure the excess pore 
water pressures, thus allowing the engineer to compute effectíve stresses. The effective 
stress Mohr' s circles are then plotted, and e' and <!>' are determined as before. CU tests al so 
produce values of e r and <1>1' 

The triaxial test also has provisions to saturate samples, and to verify that the 
saturation process was successful. This, along with the testing flexibility and other 
advantages makes it the standard by which other tests are compared. 

Example 13.10 

A series of three CU triaxial compression tests ha ve been performed on a set of "identical" clay 
samples. Each sample hadan initial diameter of 50 mm andan initial height of 120 mm. The 
conditions at failure are presented in the following table: 

Conditions at Failure 
Test 
No. P1 (N) E¡(%) ( a3)

1 
(kPa) u1 (kPa) 

89 5.0 75 42 

2 180 6.1 150 69 

3 220 5.8 225 109 

Reduce the data and determine the effective stress parameters e' and <P '. 

Solution 

UsingEquations 10.33, 13.8, 13.1l, and 13.12: 

Test No. A1 (mm") (o d)f (kPa) (o/)1 (kPa) ( o1 ')1 (kPa) 

2060 43 33 76 

2 2090 86 81 167 

3 2080 106 116 222 

The effective stress Mohr's circles are plotted in Figure 13.33. 

The Mohr--Coulomb failure envelope is the best-fit líne that is tangent to these Mohr's circles, 
as shown. Thus, the effective stress strength parameters are; 

e' =8 kPa 
$' = 16° 

=Answer 



Sec. 13.8 Shear Strength Meas u rements 509 

c:r' (kPa) 

Figure 13.33 Effective stress Mohr's circ les at fai lure for Example 13.10. 

ln-Situ Methods 

Sorne in-situ test methods rneasure shear strength directly, while others sirnply develop 
sorne index, such as the Standard 
Penetration Test N-value, which may be 
combined with ernpirical correlations to 
estimate the shear strength. 

Vane Shear Test 

The vane shear test (VST) consists of a 
four-bladed vane that is inserted into the 
ground as shown in Figure 13.34. A 
steadily increasing torque is applied until 
the soil fails in shear, then the undrained 
shear strength, s", is computed from this 
torque. This test is only usable in very soft 
and soft clays and silts, and usually is 
performed at the bottom of a boring. In 
very soft soils, the vane can be pressed to 
large depths without a boring. 

The shear surface has a cylindrical 
shape, and the data analysis neglects any 
shear resistance along the top and bottom 
of this cylinder. Usually the vane height
to-diameter ratio is 2, which, when 
combined with the applied torque, 
produces the following theoretical 
formula: 

Figure 13.34 Vane shear test (U.S. Navy, 1982). 
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where: 
s. = undrained shear strength 
T¡ = torque at failure 
d = diameter of vane 

Strength Chap. 13 

(13.14) 

However, several researchers have analyzed failures of embankments, footings, and 
excavations using vane shear tests (knowing that the factor of safety was LO) and found that 
Equation 13.14 often overestimates s ,. Therefore, an empirical correction factor, A., as 
shown in Figure 13.35, is applied to the test results: 

Figure 13.35 Vane shear correction 
factor,~ (from Soil Mechanics in 
Engineering Practice. 3'" Ed. by 
Terzaghi, Peck, and Mesri; copyright 
©1996; used by permissionofJohn 
Wiley and Sons). 

20 

o 
Bjerrum correction 

40 60 

lp (%) 

(13.15) 

80 100 120 

An additional correction factor of 0.85 should be applied to test results from organic 
soils other than peat (Terzaghi, Peck, and Mesri, 1996). 

Standard Penetration Test 

The Standard Penetration Test (SPT) was described in Chapter 3. Figure 13.36 presents an 
empírica] correlation between the SPT N 60-value and the effective friction angle, <P', in 
uncemented sands. 
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Figure 13.36 Empírica! correlation between N"'' and !j¡ ' for uncemented sands (Adapted 
from DeMello, 1971 ) . 

Cone Penetration T est 
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The cone penetration test (CPT), described in Chapter 3, also may be used to determine <f>', 
as shown in Figure 13.37. 

13.9 SHEAR STRENGTH AT INTERFACES BETWEEN SOIL ANO OTHER 
MATERIALS 

Many geotechnical construction projects use geosynthetic materials embedded into the soil 
for various purposes (Koemer, 1998). For example, geogrids can be used to reinforce the 
soil, geotextiles can be used for filtration, and geomembranes can be used to provide 
impervious barriers. Sometimes the shear strength along the interface between these 
materials and the adjacent soil becomes important and needs to be evaluated. This strength 
may be measured in the laboratory using a device similar to a direct shear machine. 
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The interface strength between geogrids and soil is generally very good because these 
materials are specifically designed to anchor into the ground. However, the interface 
strength for geomembranes is much lower and has been a so urce of problems. For example, 
in 1987 a series of high-density polyethylene geomembranes was installed at the Kettleman 
Hills landfill in California to serve as seepage barriers, thus protecting the groundwater from 
contamination. Unfortunately, about one year after refuse began to be placed over this 
geomembrane, a landslide occurred at the landfill. A subsequent investigation (Mitchell, 
et al., 1990) revealed the landslide occurred along the interface between the geomembrane 
and the adjacent soils. Because HDPE is so smooth, the interface friction angle is as low 
as 8 a, or even less. Thus, the geomembrane sol ved one problem (seepage), but introduced 
new problem (shear failure). 
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Figure 13.37 Empírica! correlation between q,.and <fl ' for unccmcnted, normally 
consolídated quartz sands (Adapted from Robertson and Campanclla. 1983). 
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13.10 UNCERTAINTIES IN SHEAR STRENGTH ASSESSMENTS 

Shear strength assessments are subject to error from a wide range of sources, so 1t IS 

important to understand how much (or how little!) faith to place in strength values obtained 
from laboratory or in-si tu tests. The most common mistake, especial! y among inexperienced 
engineers, is to place far too much credibility in these numbers. 

Even the most carefully performed laboratory tests are no better than the soil samples. 
Are they truly representative ofthe soil mass? How much sample disturbance has occurred, 
and what effect does it have on the test results? The test methods also introduce error, 
because they do not shear the soils in the same way as occurs in the field. In addition, tests 
on unsaturated samples may not properly account for future changes in the field moisture 
content. 

Because of these and other factors, even carefully performed shear strength 
assessments can contain errors of 25 percent or more. Although we typically report test 
results to two or three significant figures, their true accuracy is much less. Geotechnical 
engineers attempt to compensare for these uncertainties by using conservative interpretations 
of test data and applying appropriate factors of safety. 

QUESTIONS ANO PRACTICE PROBLEMS 

13.14 Which laboratory and in-situ tests would be appropriate for measuring <jl' in a sand? 

13.15 Which laboratory test would be most appropriate for measuring e' and <jl' in a clay? 

13.16 Which laboratory and in-situ tests would be appropriate for measuring s" in a el ay? 

13.17 A series of direct shear tests has been performed on a dense well-graded sand. Al! tests were 
performed on 3.00 inch diameter, 1.25 inch tal! cylindrical samples, and were run slowly 
enough to produce drained conditions. The results of these tests are summarized in the 
foll owing table: 

Test 
Number 

2 

3 

Normal Load 
(lb) 

100 

200 

400 

Shear Load at Fai1ure 
(lb) 

84 

159 

319 

Assuming the shear area remains constant during the test, determine the effective cohesion and 
effective friction angle from these test results. What values of these parameters would you 
expect? Are the test results consistent with your expectations? What values would you use for 
design? 

13.18 An unconfined compression test has been performed on a 30 mm diameter, 75 mm long sample 
of clay. The axia1load and axial strain at failure were 120 N and 8.1 %, respective! y. Compute 
the undrained shear strength. 
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13.19 A series of CU triaxial compression tests have been performed on "identical"' 2.50 in diameter 
samples of a clay. All of the samples had an ínítíal height of 6.00 in. The test results were as 
follows: 

Conditions at Failure 
Test 
No. pf (lb) Er (%) ( aJ)J (lb/in~) u

1 
(lb/in~) 

41.7 5.5 10.3 4.3 

2 59.9 6.9 18.5 5.6 

3 97.1 6.8 27.3 7.1 

Plot the effective stress Mohr's circles at failure, draw the Mohr-Coulomb failure envelope, and 
determine e ' and (j¡'. Express e' in lb/ft 2

• 

13.20 A series of vane shear tests has been performed in a stratum of inorganic clay that has a 
plasticity index of 50. The vane hada diameter of 50 mm anda height of 100 mm. The test 
results were as follows: 

SUMMARY 

Depth (m) 

3.4 

4. 1 

5.0 

6.6 

Torque at Faílure (N-m) 

12.7 

18. 1 

15.8 

20.1 

Compute the undrained shear strength, s,. for each test, then combine this data to determine a 
singles. value for this stratum. 

Note: Geotechnical engineers frequently perform multip1e tests on a single stratum, then 
combine these results into one value for design. The process of doing so is somewhat 
subjective, and requires the use of engineeringjudgement. Values significantly larger than the 
mean are typically discarded, then a design value is typically chosen somewhere between the 
mean and the mínimum values. 

Major Points 

l. Shear strength is one of the most important cngineering properties of soils. We use 
it to design structural foundations, earth slopes, retaining walls, and many other 
engineering projects. 

2. Soil strength has two physical sources: Frictional strength and cohesive strength. 
Frictional strength is due to the sliding and rolling of the particles past each other, 
while cohesive strength is due to interparticle bonds, such as cementation. 
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3. There are two kinds of cohesivc strength: True cohesion and apparent cohesion. True 
cohesion is strength that is truly the result of bonding between soil particles, while 
apparent cohesion is really frictional strength in disguise. The most comrnon source 
of apparent cohesion is negative pore water pressures. 

4. Sorne soils ha ve ductile stress-strain curves, where failure is defined as the peak shear 
stress. Other soils have brittle curves, wh.ich have two kinds of strength: peak strength 
and residual strength. 

5. Nearly all soil strength analyses in engineering practicc use the Mohr-Coulomb 
failure criterion, which defines shear strength using the pararneters e and ~- These 
parameters may be expressed in terms of total stress or effective stress. 

6. Effective stress analyses are more accurate descriptions of soil behavior, but become 
difficult to implement when unknown excess pore water pressures are present. In that 
case, it becornes necessary to resort to total stress analyses. 

7. Saturated sands and gravels are almost always evaluated using effective stress 
analyses because the excess pore water pressures are mínima!. 

8. Saturated clays and silts can exhibit either draíned or undraíned conditions, depending 
on the rate of loading. For normal rates, undrained conditíons prevaíl immediatcly 
after construction. 

9. When the construction increases the normal stress in saturated silts or clays, strength 
analyses are usually based on the undrained strength and use total stress parameters. 
However, special drained strength analyses are possible when excess pore water 
pressures are measured in the lab or monitored in the field using piezometers. 

10. When the construction decreases the normal stress in saturated clays and silts, strength 
analyses are usually based on the drained strength and use effective stress parameters. 

11. Sorne clays lose a signíficant portion of their strength when rcmoldcd. This loss is 
defined by the sensitivity of the clay. 

12. The strength ata large shear displacement is called the residual strength. [t is useful 
when evaluating landslides. 

13. Unsaturated soils havc a higher shear strength due to the presence of apparent 
cohesion, but this additional strength may be lost if the soil becomes wetted in the 
future. Engineers usually assume a worst-case condition for such soils. 

14. Severa! laboratory and in-situ methods are available to mcasure the shear strength. 
The appropriate method depends on the required parameters, the type of soil, and cosl. 

Vocabulary 

aggregate base material 
apparent cohesion 
apparent mechanical forces 
brittle 
cementation 
cohcsive strength 
consolidated drained test 
consolidated undrained test 
creep 

deviator stress 
dilation 
direct shear test 
drained condition 
ductil e 
effectivc cohcsion 
effective friction angle 
effective stress analyses 

electrostatic and electro-
magnetic attractions 

excess porc water pressure 
factor of safety 
failure envelope 
físsured clay 
frictional strength 
fully softencd strcngth 
mícaceous sands 
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Mohr-Coulomb failure 
criterion 

negative pore water 
pressure 

peak strength 
primary valence bonding 
quick clays 
quicksand 
residual strength 
ring shear test 

sensitivity 
slickenside 
soilliquefaction 
strength 
tli\xotropic hardening 
tociJ,l cohesion 
tot~ friction angle 
t_p(al stress analyses 

/ triaxial compression test 
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true cohesion 
ultimate strength 
unconfmed compression 

test 
unconsolidated undrained 

test 
undrained condition 
undrained shear strength 
vane shear test 

COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

13.21 When subjected to typical rates of loading in the field, sands are usually considered to have 
dramed conditions. Why? 

13.22 A certain soil has a unit weight of 12l lb/fe above the groundwater table and 128 lb/tf below. 
lt has an effective cohesion of 200 lbtfe, an effective friction angle of 31 o, and extends from 
the ground surface down toa great depth. The groundwater table is ata depth of 18ft below 
the ground surface, and K= 0.78. Compute the sbear strength of this soil on both vertical and 
horizontal planes at depths of 15 and 30 ft below the ground surface. 

13.23 A certain soil has e' = 12 lePa and <1>' = 32 • . The major and minor total principal stresses at a 
point in this soil are 160 and 348 lePa, respectively, and the pore water pressure at this point ís 
96 k.Pa. Draw the failure envelope and the Mohr's circle and determine if a shear failure will 
occur. If so, determine the angle between the plane on which the rnajor principal stress acts and 
the failure plane. 

13.24 The rock outcrop shown in Figure 13.38 contains an inclined fracture. The fracture is inclined 
at an angle of 26 o from the horizontal. 

Figure 13.38 Rock outcrop for 
Problern 13.24. 
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a. Assuming the effective cohesion along the fracture is zero, compute the lowest possible 
value ofthe effective friction angle along the fracture. Do this computation by assuming 
the factor of safety agaínst sliding is equal to one. 

Hint: Set the weight of the rock abo ve the fracture equal to W and the area of the fracture 
egua! toA. Then compute the vector component of W that acts parallel to the fracture, 
and determine what cp would be required to resist this force. 

b. If the effective cohesion and friction angle along the fracture are O and 38 a , respective! y, 
compute the factor of safety against sliding. 

13.25 A grain silo, which is a very heavy structure, was recently built on a saturated clay. Because 
the harvest season was faírly short and intense, the silo was complete! y loaded with grain fairly 
quickly (í.e., withín a couple of weeks). This is the first time the silo has been loaded. The 
grain weighs about twice as much as the empty silo. The weight of this grain, along with the 
weight of the silo, have induced both compressive and shear stresses in the soil below. 

Suddenly, someone has become concemed that the soil may be about to faíl in shear 
under the weight of the silo and the grain. This is a legitimate concem, because such failures 
have occurred before. Discuss the soil mechanics aspects of this situation and determine 
whether the risk of failure in the soil is increasing, decreasing, or remaíning constant with time. 

13.26 Hollywood movies sometímes show people "drowning" in quicksand and sínking to the bottom. 
Are such scenes accurate? What would happen to a person who accidently ventured into 
quicksand? Explain the reasoning for your answer. 

Hínt: Compare the unít weight of a human with the unit weight of the quicksand. 
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Stability of Earth Slopes 

Wait a minute, 1 think the town is getting flooded! 

The mayor of Armero, Colombia, speaking 
on a ham radio as the town was being 
demolished by a massive debris flow. 

(Voight, 1990) 

Many civil engineering projects are located on or near sloping ground, and thus are 
potentially subject to various kinds of slope instability such as slides, flows, and falls. Slope 
failures often produce extensive property damage, and occasionally result in loss of life. 
Therefore, geotechnical engineers and engineering geologists frequently need to evaluate 
existing and proposed slopes to assess their stability. 

Schuster (1 996) estimated the cost of slope-instability-related damage in the United 
States alone at $1.8 billion per year, or about $7 per capita per year. Sorne areas are 
especially prone to trouble. For example, Hamilton County, Ohio (which includes the City 
of Cincinnati), suffers from $12.4 million in slope-instability-related damage per year 
(about $14 per capita per year). 

Individual slope failures also can be very disastrous and expensive. For example, the 
1983 Thistle debris s\ide near Thistle, Utah, created a huge dam across a canyon, forming 
a new lake as shown in Figure 14.1 (Kaliser and Fleming, 1986; Shuirman and Slosson, 
1992). It caused $200 million in direct damages, including the destruction of two major 
highways and the main line of the Den ver and Río Grande Westem Railroad. This new lake 
had no outlet, so it would have eventually overtopped the slide and quickly eroded it, 
causing a massive flood. Therefore, the lake was drained, first with pumps and later with 
a permanent tunnel. 

518 
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Figure 14.1 The 1983 Thistle debris sHde near Thistle, Utah. 1be lake was 
drained after this photograph was taken (Utah Geological Survey). 
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Although most slope failures cause only property damage, sorne also are fatal. About 
25 to 50 deaths per year occur as a result of slope failures in the United States, and about 5 
per year in Canada (Schuster, 1996). The worst single event on record is a 1786 slide in 
China' s Sichuan Province that darnmed a river in a fashion similar to the Thistle slide. The 
river soon overtopped the new dam, which rapidly eroded and caused extensive flooding 
downstream. The flooding occurred very suddenly, and drowned about 100,000 people. 

Sometimes civil engineering projects are built close to slopes that are naturally 
unstable, and eventually succumb to damage from failures that would have occurred 
whether or not the construction had taken place. More often, carelessly designed and 
constructed projects decrease the stability of nearby slopes and thus induce instability. For 
example, the construction of a road in hilly terrain rnight include creating a cutslope that 
underrnines fractures or bedding planes in the rock, and thus induces a slide. Figure 14.2 
is an example of such a project, and the disastrous results. 

Figure 14.2 These houses 
were built near the top of a 
marginally stable slope that 
had been steepeoed as part of 
an earlier road coostruction 
projecL 'The home builders 
and owners also contributed 
to the instability by adding to 

· the groundwater through 
years of Jandscape irrigation 
and poor surface drainage. 
The slope finally failed 
during a very wet winter, and 
the failure extended beneath 
the bouses. 
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Because of these potential problems, it is important to retain the services of 
engineering geologists and geotechnical engineers when building near or on slopes. With 
proper evaluation, analysis, design, and construction, slope stability problerns can usual! y 
be avoided. It is even possible to stabilize ground that would otherwise be unacceptable. 

14.1 TERMINOLOGY 

Civil engineers use severa! special terms when describing earth slopes. These include the 
following (as shown in Figure 14.3): 

• Cut slopes are those made by an excavation. They expose natural ground that was 
once buried. 

• Fill slopes are those made by placing a fill. 
• Natural slopes are, as the name implies, part of the natural topography. 
• The slope ratio describes its steepness, and is always expressed as horizontal: vertical. 

Por example, a "three to one" slope (3: 1) is inclined at three horizontal to one vertical. 
Slopes steeper than l: l are described using fractions, such as 'h: l. This notation can 
be confusing to engineers used to working with roofs, which are customarily 
described in the opposite fashion (vertical:horizontal). 

• The top of slope and toe of slope are the points where it intersects flatter ground. 
• The slope face is the ground surface between the top of slope and toe of slope. 
• The slope height, H, is the difference in elevation between the top of slope and toe of 

slope (i.e., measured vertically, not diagonally along the face of the slope). 
• A terrace is a narrow level area created in cut and fill slopes to accommodate surface 

drainage facilities. 

Top 

,/ ''Figure 14.3 Terminology used to describe slopes. 

14.2 MODES OF SLOPE INSTABILITY 

Slopes can fail in many different ways, and several methods have been developed to classify 
these modes of failure. We will use the one proposed by V ames (V ames, 1958; V ames, 
1978; Cruden and Varnes, 1996). 
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1he V ames system divides slope failures into five types:falls, topples, slides, spreads, 
andflows. We will discuss each of them separately. In addition, these terms are preceded 
by rock, debris, or earth to in di cate the type of material that has failed, where "roe k" means 
bedrock, "debris" means predominantly coarse soils, and "earth" means predominantly fine 
soils. For example, rock slide, earth slide, rock fall, etc. Other descriptive terms also may 
be added to describe the rate of movement, history of movement, aftd other characteristics. 

Fa lis 

Falls are slope failures consisting of soil or rock fragments that drop rapidly down a slope, 
bouncing, rolling, and even becoming airbome along the way. Figure 14.4 shows the results 
of repeated falls in a rock slope and Figures 14.5 and 14.6 show large boulders that fell 
down steep slopes.. Falls most often occur in steep rock slopes, and are usually triggered 
when rock fragments are undermined by erosion, split apart by tree roots or ice, pushed out 
by water pressure, or shaken by an earthquake. 

Falls usually occur very suddenly and rapidly, and thus have been responsible for 
many deaths. The "watch for falling rock" signs on many mountain roads wam motorists 
in potential rockfall areas. 

Topples 

Figure 14.4 Repeated rock 
falls from the outcrop on tbis 
steep slope have created a fan 

· of debris called talus. The 
road at the bottom of this 
slope must be cleared of 
debris following heavy rains, 
earthquakes, or other events. 
This slope is near Forest Falls, 
California (a place named for 
waterfalls, not rockfalls!). 

A topple is símil~ to a fall, except that it begins with a mass of rock or stiff clay rotating 
away from a vertical or near-vertical joint or fissure. This mode of failure occurs only in 
steep slopes, as shown in Figures 14.7 and 14.8. It is especially important in schist and slate 
(Goodman, 1993), but also can occur in other types of rocks. 



522 

Figure 14.5 The 1992 
Landers and Big Bear 
Earthquakes in California 
(magnitudes 7.5 and 6.6) 
generated many rockfalls, 
includíng this one that landed 
on State Higbway 38 (Photo 
by JeffKnott). 

Stability of Earth Slopes Chap. 14 

Figure 14.6 This large 
boulder fel\ down a steep 
slope and struck the back of 
this house in Colorado 
(Colorado Geological 
Survey). 

Figure 14.7 Topple instabílity, before and after faílure (Varnes, 1978). 
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Slides 
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Figure 14.8 This rock slope in a basalt 
contains a series of near-vertical joints and 
has been subjected to a series of toppling 
failures. The debris in the foreground is 
the result of these topples. Devils Postpile 
National Monument, California. 

Although many people use the tenn slide or landslide to describe any mode of slope 
instability, V ames' system uses it only to describe those that involve one or more blocks of 
earth that move downslope by shearing along well-defined surfaces or thin shear zones. 
S lides may be described by their geometry, as shown in Figures 14.9-14.11. Common types 
include: 

• Rotational slides move along curved shear surfaces that are concave up. These most 
often occur in homogeneous materials, such as fills. 

• Translational slides move al'ong more planar shear surfaces. Tbese usually reflect 
weak: zones or bedding planes, and their thickness-to-length ratios are usually less 
than O. l. When the moving blocks remain relatively intact, translational slides are 
sometimes called block-glide slides. 

• Compound slides have a shape between those of rotational and translational slides. 
• Complex and composite slides have characteristics of slides and sorne other mode of 

slope instability, such as flows. 
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Figure 14.11 Complex 
slide that includes sorne 
flow characteristics 
(Varnes, 1978). 

Stabílíty of Earth Slopes Chap. 14 

Figure 14.9 Rotational slide (Varnes, 
1978). 

Figure 14.10 Block-glide 
translational slide (Varnes, 
1978). 

Special terms used to describe slides are illustrated in Figure 14.11 and defined below: 

• Crown ~ The nearly undisturbed ground above the main scarp 
• Main scarp ~ The steep natural ground formed above the slide when it moved 

downhill 
• Minor scarp ~ A secondary scarp created within the main body of the slide as a 

result of secondary failures 
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• Body - The displaced soil or rock 
• Flank - The borders along the left and right sides of the body where it meets the 

relatively undisturbed ground 
• Tension cracks- Cracks that often appear in the crown. They are roughly parallel 

to the top of the slope and are caused by tensile stresses in the ground. 

Spreads 

Spreads (or lateral spreads) are similar to translational slides, except the blocks separate and 
move apartas they also move outward, as shown in Figure 14.12: This mode of failure 
reflects movement along a layer of very weak soil, and sometimes occurs during 
earthquakes when a zone of soilliquefies. Spreads also can occur along layers of sensitive 
el ay. 

Soft clay wlth wtttr b..nng 
aNt •nd und 1.1)'1'1'11 

Figure 14.12 Lateral spread (V ames, 1978). 

Spreads usually occur on gentle to moderate slopes, and often termínate ata riverbank. 
They can be very destructive because they often affect large areas and move long distances. 
Spreads have been responsible for failures of bridges and other important structures, as 
shown in Figures 14.l3 and 20.17. 

Figure 14.13 Marine 
Research Facility, Moss 
Landing, California. 
Liquefaction during the 1989 
Loma Prieta Earthquake 
caused a lateral spread 
beneath the left part of this 
building, which "stretched" it 
more than 1.5 m (5 ft). 
(Earthquake Engineeriog 
Research Ceoter Library, 
University of California, 
Berkeley, Steinbrugge 
Collection) 
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Flows 

Flows are downslope movements of earth that resemble viscous fluid. They differ from 
slides in that there are no well-defined blocks moving aJong shear surfaces. Instead, the 
mass flows downhill, with shear strains present everywhere. After the flow ceases, its 
products have a clearly fluidized appcarance, as shown in Figures 2.18 and 14.14. 

Figure 14.14 A flow failure (V ames, 
1978). 

Flows often contain other objects, such as boulders and logs, that move with the 
fluidized earth. These are caJ!ed debris fio ws and can be very destructive. Buildings, cars, 
and other objects that might survive the moving mud are often destroyed by the debris 
contained in this mud. 

Because of their high speed and ability to travel long distances, flows are the most 
dangerous and destructive mode of slope instability. Two of the most dramatic examples 
occurred in the Pcruvian Andes in 1962 and 1970 (Plafker and Ericksen, 1978). The 1962 
cvent began as an avaJanche on thc steep Nevados Huascarán mountain. Thc faJling snow 
and ice gathered boulders and mud as it continued down the mountain, producing a large 
mudflow. It attained an estimatcd velocity of 105 milhr (170 km/hr) and rapidly buried 9 
towns, killing about 4,000 peop1e. The 1970 event was even Jargcr, and began with an 
avalanche on the same mountain, this time triggered by an earthquake. lt aJso gathered mud 
and rocks, including one boulder with a mass of about 8.2xHf kg, and reached an estimated 
velocity of 170 mi/hr (270 kmlhr). This event quickly buried the city of Yungay, killing its 
18,000 inhabitants. The quotation at the beginning of this chapter illustrates the suddenness 
of such events in arcas with steep terrain. 

Less dramatic examples occur throughout the world, often threatening people and 
property. Because flows are usually triggered by rain or snowmelt, they often are 
accompanied by flooding. For example, a 1934 flood and debris flow in La Cañada, 
California, caused over $5 million in property damage, 40 deaths, and the loss of 400 houses 
(Troxell and Peterson, 1937). 



527 

QUESTIONS ANO PRACTICE PROBLEMS 

14.1 Explaín the difference between a flow anda slide. Which one often travels farther, and thus can 
be a hazard to si tes far from the slope? 

14.2 Cut slopes in bedded sedimentary rocks can be very problematic. What mode of failure do you 
think would be most common, and how could we evaluate the potential for such a failure befare 
construction? 

14.3 A preliminary grading plan for a proposed highway shows a 50ft tall, 2: 1 cut slope ascending 
from each side of the highway with level land above both slopes. Following a geotechnical 
study, it became necessary to change these slope ratios to 3: l. Assuming the existing right-of
way barely accommodates the 2:1 slopes, how much additional right-of-way must now be 
purchased because of this change? 

14.4 Sorne slides are large enough and move far enough to completely block a canyon or valley and 
thus form a new lake. The Thistle slide in Figure 14. 1 is an example. Why are these slides 
es.Pecially dangerous, and what can be done to alleviate this danger once the slide has occurred? 

14.5 A national park visitor' s center has unwittingly been built on soils deposited by a series of earth 
tlows. The building is located near the base of a canyon where it meets a larger valley. Ten 
years after construction, another earth tlow occurred and deposited up to 3 ft of mud and debris 
around the visitor's center. Although the building was not seriously damaged, it was expensive 
and time-consuming to clean up the mess. Everyone now recognizes that this building should 
have been constructed somewhere el se, but there is no funding available to move it or replace 
it. Suggest une or two ways of protecting the building from future earth flows. 

14.3 ANALYSIS OF SLOPE STABILITY PROBLEMS 

Geotechnical engineers and engineering geologists use both qualitative and quantitative 
methods to analyze slope instability problems. Sorne semi-quantitative methods, such as 
systematic plots of joint attitudes, also are very useful. These analyses often require the 
skills of both professions working in harmony, and need to consider both the present 
conditions and potential future conditions. 

Analyses of potential falls and topples use qualitative and serni-quantitative methods 
almost exclusive! y. These include geologic mapping, evaluations of past performance, and 
so on, and are usually performed by engineering geologists. With topples, these methods 
rnight be supplemented with limited quantitative analyses. 

Flows are most amenable to semi-quantitative analysis. Sorne engineers have 
attempted to use more quantitative analyses based on parameters such as shear strength and 
unit weight (Johnson and Rodine, 1984; Brunsden, 1984), but these methods do not appear 
to be widely used. Infinite slope analyses, discussed later in this section, also may give 
sorne insight on the potential for flows. 

In contrast, slides are very amenable to quantitative analysis. Geotechnical engineers 
have developed methods of evaluating the potential for failure, and can express it as a factor 
of safety. These methods have provento be reliable, and are used routinely in geotechnical 
engineering practice. Sorne methods also are applicable to evaluations of spreads. 
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The following discussions focus primarily on quantitative analyses of slides because 
geotechnical engineers use these methods extensively. However, this emphasis does not 
mean tbat slides are necessarily more importan! than other modes of failure, nor does it 
mean that qualitative analyses are not useful. The proper evaluation of slope stability 
problems requires a wide variety of techniques, so it is importan! not to become overly 
enamored with quantitative analyses at the expense of other methods. 

14.4 QUANTITATIVE ANAL VSIS OF SLIDES 

The French engineer Alexandre Collin was probably the first to conduct quantitative 
analyses oflandslides (Collin, 1846). Unfortunately, his work was not widely recognized 
at the time, and was largely forgotten. Therefore, the origin of modem slope stability 
analyses is traceable to another group of engineers working in Sweden during the 1920s. 
Apparently unaware of Collin' s work, they had to begin anew and developed methods that 
soon became the basis for modero slope stability analyses. 

Much of Scandinavia, especially Sweden and Norway, is underlain by sensitive 
marine clays with undrained shear strengths on the arder of300 lb/ft 2(15 kPa). Because of 
this very low strength and high sensitivity, slopes in these soils are very prone to failure. 
These problems became especially troublesome during the late nineteenth and early 
twentieth centuries because of the cutting and fillíng associated with port construction 
(Petterson, 1955) and railroad construction. Both caused slides and flows. Following an 
especially costly fai1ure in 1913, the Swedish State Railways formed a "Geotechnica1 
Commission" (Statens Himvagars, 1922) to study the problem and deve1op so1utions (see 
discussion in Chapter 1). The commission's final report was issued in 1922, and is 
recognized as one of the early milestones in geotechnical engineering. The report presented 
a method of analysis we now call the Swedish Slip Circle Method, discussed later in this 
section. It later became the basis for other methods of analysis. 

Limit Equilibrium Concept and Factor of Safety 

Most quantitative analyses of s1ides or potential slides are limit equilibrium analyses, which 
means they evaluate the slope as if it were about to fail and determine the resulting shear 
stresses along thefailure suiface. Then, these stresses are compared to the shear strength 
to determine the factor of safety, F: 

where: 
F = factor of safety 
s = shear strength 
• = shear stress 

F S 

't 
(14.1) 
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The factor of safety varies aJong the failure surface. Sorne scctions may ha ve "failed" 
(i.e., the shear stress equals the shear strength), while others may have a large reserve of 
excess shear strength (i.e., a large F).1 However, limit equilibrium analyses do not attempt 
to define this distribution. They only give an overall value, which is more accurately 
defined as: 

F 
Jsdi 

Jrdl 
(14.2) 

where 1 is the length along the shear surface, and both integraJs are evaluated along its entire 
length. 

In theory, a factor of safety of 1 in di cates incipient failure, so any slope with F > 1 
will supposedly be stable. However, there are many uncertainties in our anaJyses {soil 
profile, shear strength, groundwater conditions, etc.), so we need to account for them by 
requiring an even Iarger factor of safety. The most common design criterion requires a 
factor of safety of at least 1.5, aJthough slightly lower values (perhaps about 1.3) may be 
acceptable on sorne highway projects where no structures are nearby and a failure would 
only require cleaning debris from the roadway. 

Most slope stability anaJyses describe stability in terms of the factor of safety. This 
is known as a deterministic analysis. However, it also is possible to express stability as a 
probability offailure. For example, after considering the various uncertainties, we might 
determine that a certain slope has an annual probability of fai lure of 10 ·3(i.e. , one chance 
in 1000), which would then be compared to sorne acceptable lcvel of risk (Wu, Tang, and 
Einstein, 1996; Wolff, 1996). This method is called a probabilistic analysis. 

Effective Stress vs. Total Stress Analyses 

In Chapter 10 we discussed the dífference between effective stress, o', and total stress, o. 
Then, in Chapter 13 we saw that effective stress is a better indicator of soil strength, and 
wrote the Mohr-Coulomb strength equation accordingly as: 

where: 
s = shear strength 

e'= effective cohesion 

s = e 1 
+ o' tan 4>' 

o' = effective stress on the failure surface 
4>' = effective friction angle 

(14.3) 

1 See Deschamps and Leonards (1992) for further díscussíon of thís point, anda proposal to replace thc factor 
of safety with a new parameter, the safety margin. 
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Therefore, we would normally expect to perform slope stability analyses by evaluating e' 

and cf> ' using appropriate laboratory tests, computing o' along the failure surface, then 
computing the shear strength using Equation 14.3. This approach is called an effective stress 
analysis, and works well so long as we are able to compute a'. 

However, when excess pore water pressures are present, it can be difficult to compute 
a', as discussed in Chapter 13, so we sometimes resort toa total stress analysis that defines 
the shear strength as: 

where: 
s = shear strength 

cr =total cohesion 

s = Cr +a tancf>r 

a= total stress on failure surface 
cl>r = total friction angle 

(14.4) 

When performing slope stability analyses in sands and gravels, we normally use an 
effective stress analysis because little or no excess pore water pressure is present. However, 
in saturated silts and clays, we need to classify the problem according to the guidelines on 
page 488, then use either a total stress analysis oran effective stress ana1ysis, as discussed 
on pages 488-493. 

The proper assessment of shear strength parameters can be difficult (see Duncan, 
1996, and Abramson, 1996, for more information). Therefore, the examples and homework 
problems in this chapter simply give the proper values of e and ct> or, in the case of 
undrained analyses, s •. 

Critica! Failure Surface 

Limit equilibrium analyses begin w ith the definition of a potential failure surface, which is 
where the shearing would occur if the slope were to fail. The analysis must be performed 
on the correct surface so that it reflects the proper failure geometry, but there are an infinite 
number of potential surfaces and it may be difficult to determine which is the critica/ failure 
surface (i.e., the one on which sliding is most likely). 

Usually we locate the critica! failure surface through an informed trial-and-error 
process. In other words, we probably have an approximate idea of its location, so we begin 
there and analyze many different potential surfaces (perhaps several hundred) and compute 
the factor of safety for each. The one with the lowest factor of safety is the critica! failure 
surface, and that F is the factor of safety for the entire slope. 

Although sorne slope stability analyses can be performed by hand, they are ideal 
candidates for computer programs. Therefore, geotechnical engineers usual! y use computers 
for all but the simplest slope stability analyses. Many such programs are available, both 
from the public domain and from prívate software developers. 
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Evaluation of Forces 

Most limit equilibrium analyses divide the failure mass into N vertical slices, as shown in 
Figure 14.15. These slices are chosen such that the bottom of each one passes through only 
one type of material, and so that each slice is small enough that its bottom may be 
considered to be a straight line. 

Both shear and normal forces act on the bottom of each slide apd along the interface 
between slices, as shown in Figure 14.15. Combining all of these unknowns with the 
available equations of static equilibrium (I;F x = O, I;F z = O, :EM = 0) reveals that this is a 
statically indeterminate problem whenever N> l (Duncan, 1996). Although sorne analyses 
can be performed with only one slice, and thus are statically determínate, most require 10 
to 40 slices, and thus are indeterminate. 

Figure 14.15 Division of the failure mass into vertical si ices and summary of forces 
acting on each slice. 

Indeterminate problems may be sol ved by increasing the number of equations and/or 
decreasing the number of unknowns. For slope stability problems, this is done by 
introducing simplifying assumptions as discussed below. Many different analysis methods 
bave been developed, each based on a different set of simplifying assumptions (Fred1und, 
et al., 1981). 

Analyses with One Slice 

Failure surfaces that can be analyzed using only one slice do not require simplifying 
assumptions to make them statically determinate. Two types are commonly encountered: 
planar failure analyses and infmite slope analyses. 

Planar Failure Analyses 

Slopes with a single planar failure surface with constant values of e and <f>, as shown in 
Figure 14.16, may be analyzed using a single slice. This geometry often occurs in nature, 
as in rocks where slippage will occur along fractures or bedding planes. 
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Figure 14.16 Slope with planar failure surface. 

Most limit equilibrium analyses, including this one, are two-dimensional. This means 
they assume the slope extends for an infinite distance perpendicular to the cross-section. 
Mathematically, we will considera slice of length "b" from this infinitely long slope, where 
b is measured perpendicular to the cross-section and is equal to 1 ft or 1 m, depending on 
the units of measurement. Thus, the weight of the sliding mass is expressed as Wlb, perhaps 
using units of Jb/ft, and the forces acting on its base are N lb and T/b, where: 

N/b = (W/b) cosoc (14.5) 

T/b = (Wib) sin oc (14.6) 

The average pore water pressure, u, acting on the failure surface is: 

(14.7) 

where: 
y w = unit weight of water 
Zw = average depth from groundwater table to failure surface 

Using this information, we can derive a formula for Fas follows: 

o' = o- u 
N lb --u 

l 
(W/b)cosoc ....:...._____:; _ _ -u (14.8) 

l 
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F = 

F 

T/b ' =-

Jsdl 

f-rdl 

si 
ti 

[ 

(W/b)sina 

l 

d + [(W/b)cosa - ul]tan<t>' 

(W/b)sina 

In the special case of e= O and u= O, Equation 14.10 reduces to: 

F = tan <t>' 
tan a 

For total stress analyses, Equation 14.10 becomes: 

crl + (Wib)cosa tan<t>r 
F=--'---------

(W/b)sina 

Example 14.1 

533 

(14.9) 

(14.10) 

(14.11) 

(14.12) 

A 1.5:1 cut slope is to be made in a shale with an apparent dip of 16 o as shown in Figure 14.17. 
Compute the factor of safety against failure along the lowermost daylighted bedding plane using 
a unit weight of20.1 kN/m3 and along bedding strength parameters of e' = 15 kPa and <P' = 20°. 

Figure 14.17 Cross-section for Example 14.1. 
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Solution 

Stability of Earth Slopes Chap. 14 

Wlb = J.(85.0m)(ll.3m)(20.lkN/m 3) = 9650kN/m 
2 

l = 85.0m = 88.4 m 
cos 16 o 

Compute the pore water pressure based on a visual estimate of the average z •. (ranges from O 
to 3.2 m): 

u = Y,.zw = (9.8kN/m 3)(3.0m) = 29kPa 

F = d + [(W/b)cosa - ul] tan<f¡ 
(W/b)sina 

(15kPa)(88.4m) + [(9650kN/m 3)cosl6 o- (29kPa)(88.4m)]tan20° 

(9650 kN/m 3) sin 16 o 

= 1.42 <= Answer 

The computed factor of safety of 1.42 is slightly less than the mínimum acceptable value of 
1.50. Therefore, this design is probably not acceptable. 

lnfinite Slope Analyses 

An infinite slope analysis is similar to a planar analysis, except the failure surface is parallel 
to the slope face, and the depth to that surface is small compared to the height of the slope, 
as shown in Figure 14.18. Equation 14.10 still applies, but it is more conveniently rewritten 
as follows: 

F 
e 1 

+ [yD-ywzw]cos2atan<fl' 

yDsinacosa 
(14.13) 

When e' =O and Zw =O, this equation reduces to Equation 14.11. For total stress analyses, 
it becomes: 

F 
e T + y Dcos2a tan<Pr 

y D sino: cosa 
(14.14) 



Sec. 14.4 Ouantitative Analysis of Slides 535 

Figure 14.18 Geometry for infinite slope analyses. 

Infmite slope analyses are useful when a thin !ayer of soil overlies a much harder 
strata or bedrock, and also may be used to evaluate the potential for shallow flowslides, 
which are sometimes called surficial slumps. 

Circular Failure Surfaces 

Slides in homogeneous or near-homogeneous soils often may be idealized as the are of a 
circle. This circular failure surface geometry simplifies the mathematics because the 
normal force acting on the base of each slice passes through the center of the circle. It also 
simplifies the process of searching for the critica! failure surface because each circle is 
defined by only three parameters, the radius, R, and the x and z coordinates of the ceo ter. 

Swediah Slip Circle Analysis (e>O, 4>=0) 

The Geotechnical Commission appointed by the Swedish State Railways developed an 
analysis method based on circular failure surfaces in undrained soils (Statens Jamvagars, 
1922). The shear strength of such soils is independent of a and is defined solely by the 
parameter s. (the "<1> =O condition"), so we do not need to know the forces N, E, or S, and 
the problem becomes statically determínate. 

Using the variables defmed in Figure 14. 19, anda derivation similar to the one shown 
above, we can express the factor of safety as: 

F 
1tR2 E su e 
180 E (Wib)d 

(14.15) 
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where: 
F = factor of safety 
R = radius of slip circle 
s" = undrained shear strength along slip surface 
e = are of slip circle for a given slice 

W/b = weight of slice per unit Jength 9f slope (i.e. kN/m) 
d = moment arrn of slice 

Center 

Figure 14.19 Cross~section for Swedish slip circle rnethod. 

Chap. 14 

Example 14.2 

Using the Swedish slip circle method, compute the factor of safety along the tria! circle shown 
in Figure 14.20. 

Solutio~ 

Dividé'the slide mass into vertical slices as shown. One of the slice borders should be directly 
below the center of the circle (in this case, the border between slices 2 and 3). For convenience 
of computations, also draw a slice border wherever the slip surface intersects a new soil stratum 
and whenever the ground surface has a break in slope. 

Then, compute the weight and moment arm for each slide using simplified computations 
as follows: 
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Center of tria! circle 

Figure 14.20 Cross-section for Example 14.2. 

Weights: 

W¡fb ~ 4.6( 
2~0) 17.8 ~ 80kN/m 

W2 /b ~ 7.0( 
2
·0 ; 9·8) 17.8 = 130kN/m 

W3/b = 2.9( 
9-8 ~12·9 ) 17.8 = 590kN/m 

W4 /b = 1.1( 5;0 ) 17.0 + 7.1( 
12

·9
2
+ 8·

0
) 17.8 1620kN/m 

W51b ~ 7.2 ( 5·0 
+
2

10·3 ) 17.0 + 7.2 ( 8;0 ) 17.8 1450 kN/m 

W6/b = 0.8 ( 10·3 

2
+ 

9·8) 17.0 = 140 kN/m 

W/b ~ 5.1 ( 
9;8

) 17.0 ~ 420 kN/m 

Moment arms: 

d1 = -7.0- 4·6 -8.5m 
3 

537 
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d, 

7.0 

2 

2.9 

2 

-3.5m 

1.5m 

d4 = 2.9 + .2:_1_ = 6.5 m 
2 

d5 = 2.9 + 7.1 + 2J. 10.9m 
2 

d6 = 2.9 + 7.1 + 7.2 + 
0·8 17.6m 
2 

d7 = 2.9 + 7.1 + 7.2 + 0.8 + ~ 
3 

S !ice 

2 

3 

4 

5 

6 

7 

s. 
(kPa) 

80 

40 

e 
(Deg) 

76 

30 

19.7 m 

6080 

1200 

E= 7280 

Wlb 
(kN/m) 

80 

130 

590 

1620 

1450 

140 

420 

1t (23.6)2 7,280 

180 36,830 

Comments 

d 
(Wib)d 

(m) 

-8.5 -680 

-3.5 -450 

1.5 890 

6.5 10,530 

10.9 15,800 

17.6 2,460 

19.7 8,280 

E= 36,830 

1.92 - Answer 

Chap. 14 

The computed factor of safety along this circle is 1.92. However, to find the factor of safety 
of the slope, we need to search for the critica! circle. Through a process of controlled tria1-and
error, we will find the critica! circle is centered at the location shown in Figure 14.18, has a 
radius of 28.7 m, and a computed factor of safety of 1.66. Thus, the computed factor of safety 
against a slide is 1.66, which is greater than the usual standard of 1.5, and thus is probably 
acceptable. 
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Neither the tria! circle nor the critica! círcle penetrates into the lowermost stratum, 
because this stratum has a shear strength significantly higher than thc others. 

Ordinary Method of Slices 

When performing effective stress analyses, <1> >O so the Swedish slip circle method is not 
applicable. We now need to know the value of N for each slice to compute a ' for the 
equation s = e + a' tan <j>. Fellenius (1927, 1936) transformed this into a statically 
determínate problem by assuming the resultant of the normal and shear forces acting on the 
two sides of each slice are equal in magnitude and colinear. This means the side forces 
cancel each other, so we do not need to know their magnitudes or position. This method is 
known by dífferent names, including the ordinary method of slices (OMS), the Swedish 
method of slices and the Fellenius method. 

U sing this assumption, and the dimensions shown in Figure 14.21, the factor of safety 
for effective stress analyses becomes: 

F 

or, for total stress analyses: 

F 

L [d + ((Wib)cosa- ul)tan<j>1
] 

L [(Wib)sina] 

L [cT l + (Wib)cosa tan<j>T] 

L [(W/b)sina] 

C,<j>,u 
determíned 
at base of slice 

Typical slice 

Figure 14.21 Cross-section and definition of variables for ordínary method of slices and 
modified Bishop·s method. 

Example 14.3 

(14.16) 

(14.17) 

A 30ft tal!, 1.5: l slopc is to be built as shown in Figure 14.20. The soil is homogeneous, with 
e'= 400 lb/ft2 and <!>' = 29°. The unit weight is 119 lb/ft' above the groundwater table, and 
123 lb/fe below. Using the ordinary method of slices andan effective stress analysis, compute 
the factor of safety along the trial circle shown in Figure 14.22. 
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+ 

Figure 14.22 Cross-section of proposed slope for Example 14.3. 

Solution 

Weights: 

W/b = 10.8( 
1~3 ) 11 9 = 6,620lb/ft 

W2!b = 9.4( 
10

·
3

;
12

·
5

) 119 + 9.4( 
5~2 ) 123 = 15,8001b/ft 

W/b = 12.1( 
12

·5; 14·6 ) 119 + 12.1( 
5

·
2 

... 
2

10
·
0

) 123= 30,8001b/ft 

W4 /b = 12.7( 
14

·
6

;
16

·
8

)1 19 + 12.7( 
10

·
0

;
10

·
7

)123 = 39,900lb/ft 

W5!b = 9.3( 
16

·
8

; 12·8 ) 119 + 9.3( 
10

·
7

2 
... 
7

·
3

) 123= 26,7001b/ft 

W6 /b = 7.6( 
12

·
8

2
+

9
·
9

) 119 + 7.6( 
7~3 ) 123 = 13, 700lb/ft 

W1 /b = 4.0( 
9~9 ) 119 = 2,4001b/ft 

Average pore water pressure at base of each slice: 

u2 = ( 
5~2) 62.4 = 160 lb/ft 2 
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u3 = ( 5·2 +
2

10·0 ) 62.4 = 470 lb/ft 2 

u4 ~ ( 10.0;10.7) 62.4 = 6501b/ft2 

u = ( 10·7+
7·3) 62.4 = 560 lb/ft 2 

5 2 

u6 = ( 
7~3 ) 62.4 = 230 lb/ft 2 

u1 = O 

e 'l + 
Wlb 4>' l (W!b) 

SI ice 
0: e u 

(( W/b) cos o:-
. {lb) (Deg) (lb/ft2) (Deg) (!btte) (ft) sino: 

2 

3 

4 

5 

6 

7 

ul) tan 4>' 

-18 400 29 o 11.4 8,000 -2,000 

15~800 ~7 400 29 160 9.5 11,700 -1,900 

.30,800 8 400 29 470 12.2 18,600 4,300 

39,900 24 400 29 650 13.9 20,800 16,200 

26.700 38 400 29 560 ll:8 12,700 16,400 

13;700 53 400 29 230 12.6 8,000 10,900 

2,400 67 400 29 o 10.2 4,600 2,200 

I:= 84,400 46,100 

F = 84,400 = I.SJ .., Answer 
46,100 

Note how slices 1 and 2 ha ve a negative a because they are inclined backwards. 

Comments 

Further trials with other circles will demonstrate that this is the critica! circle (i.e., it is the one 
with the lowest factor of safety). Therefore, according to the ordinary method of slices, the 
factor of safety of this slope is 1.83. 
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The lmportance of Side Forces 

The simplifying assumption in the ordinary method of slices reduces the problem to one that 
is both statically determínate and suitable for hand computations. Nevertheless, we need 
to ask "how valid is this assumption?" 

If we consider a typical slice, as shown in Figure 14.15, the resultant of the shear and 
normal forces on the left side is really larger than that on the right, and thus contributes to 
the normal force, N. However, the OMS ignores this contribution and computes N based 
only on the weight ofthe slice. This produces an Nvalue that is too low, an s value that is 
too low, and therefore an F that is too low. Thus, the OMS is conservative. 

This conservatism is most pronounced when ct is large. For shallow circles, the 
computed factor of safety is general! y no more than 20 percent less than the "correct" value, 
but deep, small radius circles that extend well below the groundwater table ha ve much more 
error, sometimes producing computed F values as much as 50 percent too low (Wright, 
1985). 

Severa! engineers have developed more refined methods of analyzing circular failure 
surfaces based on more reasonable assumptions. The most popular of these is the Modified 
Bishop's Method. 

Modified Bishop's Method 

Bishop ( 1955) addressed this problem by assuming the shear forces on si des of each slice 
are equal, and that the normal forces on the sides of each slice are colinear, but not 
necessarily equal. Although these assumptions are only approximations of the truth, they 
are much better than the assumptions used in the ordinary method of slices. This solution 
is called the modified Bishop 's method or the simplified Bishop 's method. Careful studies 
ha ve shown that it produces computed F values within a few percent of the "correct" values 
(Wright, 1985), and thus is sufficiently precise for virtually all circular analyses. Therefore, 
this is the recommended method for circular failure surfaces. 

Using the variables defined in Figure 14.21, the modified Bishop equation for 
effective stress analyses is: 

F 

L [ mc
1 

+ ((Wib~- um)tan<jl ' ] 

L [(Wib) sin a] 

cosa + sinlal tan<jl 
F 

(14.18) 

(14.19) 



S !ice 

2 

3 

4 

5 

6 

7 
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For total stress analyses, Equation 14.18 becomes: 

(14.20) 
F 

L [ mcT + (:b)tan~Tl 

L [ (Wib) sin a] 

Although the modified Bishop method can be sol ved by hand, it is more tedious than 
the OMS because it is nota closed-form solution. The factor of safety appears on both 
si des of the equation, so it is necessary to first estímate F, compute ljT using Equation 14.19, 
then compute F using Equation 14.18 or 14.20. This process must then be repeated with a 
new estímate (the computed value from the previous iteration is a good choice) until the 
estimated and computed values are essentially equal. Usually three iterations are sufficient. 
Of course, this is a trivial problem for computer-based solutions. 

Example 14.4 

Sol ve Example 14.3 using the modified Bishop's method. 

Solution 

First iteration - try F = 1.90 
® = numerator in Equation 14. 18 
( W/b) sin o: = denominator in Equation 14.18 

Wlb a e ' <!> ' u m 
(lb/ft) (Deg) (lb/ft 2

} (Deg} (lb/ft 2
) (ft) 

6,620 -18 400 29 o 10.8 

15,800 -7 400 29 160 9.4 

30,800 8 400 29 470 12.1 

39,900 24 400 29 650 12.7 

26,700 38 400 29 560 9.3 

13,700 53 400 29 230 7.6 

2,400 67 400 29 o 4.0 

(W/b) sin a 
Try F= 1.90 

"' 
d) 

-2,000 1.041 7,700 

-1,900 1.028 11,400 

4,300 1.031 18,200 

16,200 1.032 21,900 

16,400 0.968 16,100 

10,900 0.835 11,600 

2,200 0.659 4,400 

46,100 91,300 

F = 91,300 . I.gg 
46,100 

The computed F of 1.98 is greater than the assumed value of 1.90. 
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Second iteratí on - try F = 1 . 95 
CD = numerator in Equation 14.18 
(W/b) sin o:= denominator in Equation 14.18 

W/h 0: e ' <!> ' u m Try F= 1.95 

(lb/ft) (Deg) (lb/ft2
) (Deg) Obtte) (ft) 

(W/b) sin o: 
¡ji (!) 

6,620 -18 400 29 o 10.8 -2,000 1.039 7,700 

15,800 -7 400 29 160 9.4 -1,900 1.027 11,400 

30,800 8 400 29 470 12.1 4,300 1.030 18,200 

39,900 24 400 29 650 12.7 16,200 1.029 22,000 

26,700 38 400 29 560 9.3 16,400 0.963 16,200 

13,700 53 400 29 230 7.6 10,900 0.829 11,700 

2,400 67 400 29 o 4.0 2,200 0.652 4,500 

46,100 91,700 

F = 91,700 1.99 
46,100 

The computed F of 1.99 is greater than the assumed va1ue of 1.95. 

Further trials will produce F = 2.00 - Answer 

The computed factor of safety for this circle is 2.00, which is slightly higher than the 1.83 computed 
using the ordinary melhod of slices. 

Comments 

Once again, further trials with other circles will demonstrate that this is the critica! circle (i.e., lhe one 
wíth the lowest factor of safety). Therefore, according to the modified Bishop's method, the factor 
of safety of this slope is 2.00, which is slightly higher than the 1.83 obtained by the ordinary method 
of slices. The modified Bishop's method is generally considered to be more precise than the OMS. 

Chart Solutions 

When e, <P. and y are constant throughout the slope, the analysis is substantially simplified 
and may be reduced to simple charts. Severa! such charts have been developed (see 
Abramson, et al. , 1996), and they are useful for simple slopes that may not justify the time 
required to perform a computer-based analysis. One of these is the solution developed by 
Cousins ( 1978), part of which is reproduced in Figure 14.23. lt is based on the geometry 
shown in Figure 14.24. 
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Slope 13 (degrees) 

Figure 14.23 Stabílity chart for simple slopes that rneet the criteria described in the text 
(Cousins, 1978). U sed with permission of ASCE. 

Figure 14.24 Slope geornetry for Cousins' chart. 

To use Cousins' chart, first compute Ac.¡,: 

y Htancj> 
e 

545 

(14.21) 
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This computation may be based either on e' and <1>' or on e r and <j>r. The chart in 
Figure 14.23 is valid only if all of the following conditions have been met: 

• The soil is homogeneous with e, <1>. and y constant throughout 
• The ground surface is a simple straight slope with level ground above and below, as 

shown in Figure 14.24 
• Á,.,¡.:?: 2 and/or ~>53 o (this means the critica] circle will pass through the toe of the 

slope) 
• The groundwater table is well below the toe of the slope 

If all of these conditions have been met, determine N F from Figure 14.23, then 
compute the factor of safety using: 

F~ N ~e
FyH (14.22) 

The chart is based on the critica) slip surface, so only one iteration is required to obtain the 
factor of safety. 

This chart is based on the friction circle method, and generally produces computed 
factors of safety comparable to those obtained from the ordinary method of slices. 
However, it is slightly less precise than a conventional solution. Cousins and others also 
have developed charts for more complex conditions, but such slopes are probably best 
evaluated using computer-based analyses as discussed earlier. 

Example 14.5 

Using the cross-section in Figure 14.22 with a very deep groundwater table, compute the factor 
of safety using Cousin's chart. 

yHtan<J> 

e 

(1191b/ft 3)(30ft)tan29o ~ 
4

_
9 

4001b/ft 2 

).<4> = 4.9 > 2, so the critica] circle is a toe circle. The other criteria listed above al so have been 
satisfied, so Cousin's chart is applicable to this problem. 

p = tan- 1
(-

1 
) = 34" 

1.5 

From Figure 14.23, NF= 17.1. 

F = N _E_ = l7.l ( 400lb/ft
2 

) 

F Y H (1191b/ft 3)(30 ft) 
1.92 = Answer 
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Note that this is the factor of safety for the critica! circle. There is no need to scarch for this 
circle. The computed factor of safety of 1.92 is slightly higher than the 1.83 obtained by the 
ordinary method of slices, and slightly lower than the 2.00 obtained from the modifled Bishop's 
method. Part ofthis difference is because this example used a different groundwater table than 
was used in the previous examples. 

lrregular-Shaped Failure Surfaces 

Many failure surfaces are neither planar nor circular, and thus cannot be analyzed using any 
of the methods described thus far. E ven supposedly circular surfaces are often truncated at 
the top due to the formatíon of tensíon cracks. Therefore, geotechnical engineers have 
developed additional analysis methods to accommodate irregular-shaped failure surfaces. 
These are sometimes called non-circular analyses. These methods lose the mathematical 
simplifications of convenient geometry, and thus are more complex and difficult to 
implement. Most are practica! only when solved by a computer. 

Random-shaped failure surfaces also make searching routines more difficult, because 
the failure surface can no Ionger be defined by only three variables. Although sorne 
software includes searching capabilities, much more skill is required to Jocate the most 
critica! failure surface. 

Analysis methods have been proposed by Janbu (1957, 1973), Morgenstern and Price 
(1965), Spencer (1967), Sarma (1973), and others. Each method uses different símplifying 
assumptions to overcome the problem of static indeterminancy, and thus produces slightly 
different results. We will discuss only Spencer' s method. 

Spencer's Method 

Spencer's method (Spencer, 1967, 1973; Sharma and Moudud, 1992) ís popular among 
geotechnical engineers because it combines good precision with ease of use. Although the 
solution still requires a computer program, the required user input is simpler than that of 
sorne other methods. 

Spencer assumed that the resultant of the normal and shear forces on the sides of each 
slice are colinear, and that all of them act at an angle 8 from the horizontal. The solution 
of Spencer' s method requires assuming an initial value for 8, then computing one value of 
F based on force equilibrium and another based on moment equilibrium. The 8 value is 
then iterated until the two computed factors of safety are equal. This process is much too 
tedious to do by hand, but quite simple for a computer. 

Partially Submerged Slopes 

Many slopes are partially submerged, and thus are subjected to externa! hydrostatic 
pressures as shown in Figure 14.25. Examples included lcvees and earth dams. To analyze 
such slopes, simply treat the externa! water as if it were a "soil" with e= O, <1> =O, and 

y= Y ... · 
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Figure 14.25 Partially submerged slope. 

Partially submerged slopes are potentially subject to a special mode of failure called 
rapid drawdown. This occurs when the water outside the slope quickly drops to a lower 
elevation. This mode of failure is discussed in Chapter 15. 

Back-calculated Strength 

Most slope stability analyses begin with measured soil strength data and compute the factor 
of safety. However, when working with landslides that have already occurred, it is often 
useful to do the reverse analysis: Begin with F = 1 (because the slope failed) and back
calculate the soil strength (Duncan and Stark, 1992). Soíl strengths obtained this way are 
generally very reliable, because they are based on the full shear surface, not on small 
samples. This strength can then be u sed for subsequent ana1yses of proposed remediation 
measures. 

The soil strength is usually defined by two parameters, e and cJ>, so the solution to a 
back-calculated strength analysis cannot produce unique values of both parameters. Instead, 
we obtain a plot of the various combinations of e and el> that produce F = 1, and select one 
of these combinations for subsequent analyses. 

Seismic Stability 

A large number of s1ope failures have occurred during earthquakes, so geotechnical 
engineers working in seismically active regions routinely evaluate the seismíc stabílity of 
earth slopes. This is a part of the broader discipline of geotechnical earthquake engineering, 
which we will explore in Chapter 20. 

Sorne earthquake-induced failures are very large. For example, the 1959 Hebgen Lake 
Earthquake triggered a massive slide in Madison Canyon, Montana, as shown in 
Figure 14.26. This slide hada volume of about 25 mi Ilion yd 3 (20 million m3

) and traveled 
atan estimated velocity of 110 mi/hr ( 180 kmlhr), creating a 220ft (67 m) tall dam across 
the canyon (Sowers, 1992). This dam formed a new lake similar to the one formed by the 
Thistle landslide described earlier. It also killed 28 campers who were in the canyon to 
enjoy its world-class fishing. 
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Figure 14.26 Madison canyon landslide in Montana as it appeared in 1997, thirty-eight 
years after the failure. The scarp from the slide, which is the light-colored area in the 
center of tbe photograph, is stíll clearly visible on the mountainside. This slide formed a 
dam that created Earthquake Lake, which is visible in the foreground. 
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Most seismic failures are much smaller than the one at Madison Canyon, and often 
consist of significant slope distortions without fully developing a true Iandslide. 
Nevertheless, these distortions can be large enough to cause significant property damage. 
For example, a large number of slope distortions occurred during the 1994 Northridge 
Earthquak:e in California (Stewart, et al., 1995). Most of them involved displacements of 
less than 8 cm, but they produced about $100 million in property damage. 

The physical mechanisms of seismically induced slope movements are very 
complicated, and include all of the complexities of static slope stability plus those associated 
with the propagation of seismic waves and the dynamic strength of soil and rock (Rogers, 
1992a). Thus, geotechnical analyses of seismic stability can sometimes be very difficult. 
However, there is a great deal of active research on this topic, and it is helping us better 
understand the physical mechanisms and develop methods of analyzing these problems 
(Marcuson, Hynes, and Franklin, 1992). 

Liquefaction-lnd uced Failures 

Many of the most dramatic and devastating earthquak:e-induced slides are the result of soil 
liquefaction. For example, the 19~ Turnagain Heights Landslide in Anchorage, Alaska 
was the result of liquefaction of buried sand strata (Seed and Wilson, 1964). This slide 
covered an area of about 130 acres and resulted in the destruction of75 houses, as shown 
in Figure 14.27. 

Tbe key to avoiding such failures is to properly identify potentially liquefiable soils 
and understand their impact on slope stability. We will discuss soilliquefaction and various 
modes of liquefaction-related failure in Chapter 20. 



550 Stability of Earth Slopes Chap. 14 

Figure 14.27 Tb.e 1964 Turnagain Heights landslide in Anchorage, Alaska (Earthquake 
Engineering Research Center Library, University of California, Berkeley, Steinbrugge 
Collection). 

Failures Causad Directly by Ground Shaking 

Slope failures also can occur as a direct result of ground shaking, even without soil 
liquefaction. These most often occur in steep slopes, especially those covered with loose 
natural soils (usually colluvium) or poorly constructed fills. 

Although this mode of failure can readily be identified after it occurs, it is sometimes 
difficult to recognize potentially hazardous slopes before the earthquake occurs. Often such 
assessments can be based on empirical comparisons of soil type and unit weight, slope ratio, 
groundwater conditions, and other factors. For example, if dry, natural colluvial soils of 
a certain thick:ness at a certain slope ratio were found to fail during an earthquake, similar 
soil conditions at another location would probably fail if subjected to a similar earthquake. 

Geotechnical engineers also use quantitative analyses. However, these analyses are 
gross simplifications of the actual physical mechanisms, and thus may not be reliable. The 
most common of these are the pseudostatic method and Newmark' s method, as discussed 
below. 

Pseudostatic Method 

The pseudostatic method is an enhancement of conventionallimit equilibrium analyses that 
evaluates ~~ seismic stability of an earth slope by applying a horizontal acceleration to each 
slice. Tht\ horizontal acceleration is assumed to continue indefinitely ( or at least long 

' enough for the slope to fail), and thus is idealized as a horizontal static force as sbown in 
Figure 14.28. This static force is equal to (a/g)W, where a is the horizontal acceleration, g 
is the acceleration due to gravity, and W is the weight of the slice. 

The computations then proceed like any other limit equilibrium analysis. However, 
this additional force produces a lower factor of safety intended to reflect the detrimental 
effects of the earthquake. Normally the mínimum acceptable factor of safety also is lower, 
typically between 1.1 and 1.2. 
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Although this representation of the horizontal 
acceleration as a static force greatly simplifies the 
computations, it is not a very accurate 
representation of the seismic forces in a real earth 
slope. The differences between this analysis and 
reality include the following: 

• The real seismic accelerations cycle back and 
forth in opposite directions, and continue for 
only a limited time 

• The wavelength of the seismic waves is 
smaller than most slopes, so part of the slope 
may be accelerating uphill while another part 
is accelerating downhill. The entire slope will 
not be accelerating in the same direction, even 
for a moment. 

Because of these differences, pseudostatic Typical slice 
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analyses cannot be based on the anticipated peak Figure 14.28 The pseudostatic method 

ground accelerations, which are often in excess of consists of applying a horizontal static force 
to each sl ice. 

O. 7 g. The use of such values would indicate failure 
in virtually all analyses. Instead, geotechnical 
engineers use values based on the observed behavior of slopes during earthquakes, typically 
0.1 to 0.2 g (Hynes-Griffin and Franklin, 1984; Kramer, 1986). Thus, the "acceleration" 
value in the pseudostatic analysis is really more of an empírica] index than a measure of the 
true ground accelerations. 

Although the pseudostatic analysis has sorne value, it is only a rough approximation 
of the physical mechanisms acting in the field, and thus should be used only with 
considerable engineering judgement. In sorne cases, it can produce overly conservative 
results, and thus can dictate preventive measures that are not necessary. 

When performing pseudostatic analyses, it is useful to note that slopes with static 
factors of safety greater than l. 70 and no liquefaction problems ha ve never been known to 
fail during earthquakes (Rogers, 1992a; Hynes-Griffin and Franklin, 1984). Thus, it may 
be prudent to dispense with pseudostatic analyses when both of these criteria ha ve been met. 

Newmark 's Method 

Newmark (1965) developed an enhancement of the pseudostatic method that attempts to 
predict the slope displacement during an earthquake. It does so by first establishing the 
yield acceleration, a

7
• that corresponds to F == 1 in a conventional pseudostatic analysis. 

Then, the engineer obtains an acceleration vs. time plot for the design earthquake, such as 
the one in Figure 14.29, then identifies the time intervals where a > a 1 By double 
integrating these intervals, we obtain the associated slope displacement which then is 
compared to sorne maximum allowable displacement. 
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Figure 14.29 Use of Newmark analysis 
to predict slope displacements from an 
carthquake accelcration record (Wilson 
and Keefer, 1985). 
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Although this analysis is an improvement over the pseudostatic method, it still is a 
simplification of the true seismic response in a real slope. The results of this analysis are 
very sensitive to the selected a, value and other factors (Kramer, 1996), and thus requires 
a great deal of care to implement. 

OUESTIONS ANO PRACTICE PROBLEMS 

14.6 The better limit equilibrium analysis methods, such as the modified Bishop's and Spencer's 
methods, produce factors of safety that are within about 5 percent of the "true" values. How 
does this error compare to the uncertainty in the soil properties (e, <fl, and y) and the uncertainty 
in the design soil profile? In light of these other sources of uncertainty, is a ±5 percent error 
tolerable'l Explain. 

14.7 Most limit equilibrium analysis methods include one or more simplifying assumptions. Why 
are these assumptions necessary? Give an example of one of the methods and its assumptions. 

14.8 A natural 2.25:1 slope is underlain by a residual soil derived from the underlying gneiss. 
Compute the factor of safety for a failure surface 4 ft below the ground surface using a total 
stress infinite slope analysis with e T = 200 lb/ft 2, <P ,= 24 o. and y "' 118 lb/ft 3

• 

14.9 The proposed slope in Example 14.1 hadan unacceptable factor of safety. We planto remedy 
this situation by using a flatter slope. What slope ratio would be required to produce a factor 
of safety of 1.5? 
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14.10 Using the Swedish slip circle method, compute the factor of safety along the failure surface 
shown in Figure 14.30. 

Center of circle 

el.18.5m-/ 

~ 
el.13.5 m -

Figure 14.30 Cross-section for Problem 14.1 O. 

14.11 Y ou are writing a computer program to perform slope stability computations. This program 
will consider only circular failure surfaces. What procedure migbt you use to locate the critical 
failure surface? Provide a detailed explanation. 

14.12 Using the ordinary method of slices, compute the factor of safety along the failure surface 
shown in Figure 14.31. 

Center of circle +L/- ------.-t 
12.0m~!O.Om 

1 
12.7m 

Figure 14.31 Cross-section for Problems 14.12 and 14.13. 

14.13 Using the modified Bishop's method, compute the factor of safety along the failure surface 
shown in Figure 14.31. 
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14.14 An 8.5 m tall, 2: 1 fill slope is to be made of soil with e r = 35 kPa, 4> r = 23 o, and 
y = 19.5 kN/m]. The groundwater table will be well below the toe of this slope. Using 
Cousin's chart, compute the factor of safety. Does this slope meet normal stability standards? 

14.15 Using the ordinary method of slices, compute the factor of safety along the failure surface 
shown in Figure 14.32. Then, assume an earthquake occurs and the sand stratum liquefies, and 
compute a new factor of safety using e'= O and 4> ' =O (in reality, it is a' that goes to zero, but 
this is a mathematical trick that accomplishes the same thing). According to this analysis, will 
the slope survive the earthquake? 

Center of eircle 

l~ 

. . . . . . . . . . 

30ft 

... .. 
· .. 

. . . . ·e·= O·· ·. ·· .· . . 
. . > .: .. :<. ·: 4>'~36· .-:·. :-.-.·." 
• . : . .•.• : . ; •.••• 'Y = 119 lb/ft3 . : • . • 

: .... •'.. : . .. 

Figure 14.32 Cross-section for Problem '14.15. 

14.16 The slope shown in Figure 14.33 has recently failed. A geotechnical investigation indicates the 
failure surface was as shown. Assuming the failure occurred while undrained conditions 
prevailed in the slope, back-calculate the value of s •. Use the Swedish slip circle method with 
the cross-section that existed immediately before it failed. Use y = 119 Jb/ft ~ 

125ftl 
+' Center l-l6!rft----------,-__ ____ L ~:~-slide ground surface 

/ 

40ft 

Figure 14.33 Cross-section for Problems 14.12 and 14.13. 
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14.5 STABILIZATION MEASURES 

When proposed or existing slopes do not have sufficient stability, geotechnical engineers 
turn to various methods of slope stabilization (Hausmann, 1992; Rogers, 1992b; Abramson, 
et al., 1996; Turner and Schuster, 1996). Many, but not all, slopes can be economically 
stabilized, and many methods are available. The factor of safety (Equation 14.1) depends 
on both the shear stress and the shear strength, so stabilization measures must decrease the 
stress andlor increase the strength. 

The selection of an appropriate stabilization plan depends on many factors, including: 

• The subsurface conditions and potential modes of failure 
• The present and required topography 
• The presence of physical constraints, such as property lines or existing buildings 
• The consequences of a failure (i.e., small for a rural low-traffic road, potentially 

catastrophic for a nuclear power plant), which determines the required reliabilíty 
• A vailabílíty of materials, equípment, and expertise (specialized methods may not be 

available in sorne areas) 
• Performance history of various methods as implemented in the local area 
• Aesthetics 
• Time required for construction 
• Cost 

Unloading 

The simplest way to decrease the shear stresses in the slope is to unload it, either by 
reducing the slope height or by increasing the slope ratio, as shown in Figure 14.34. 

For example, if the slope is associated with a proposed highway, it may be possible 
to decrease its height by revising the vertical alignment ofthe highway. Unfortunately, this 
solution usually results in steeper grades, which may be unacceptable. Increasing the slope 
ratio general! y does not require a new vertical alignment, but does need a wider right-of-way 
and involves larger earthwork quantities. This may be quite feasible in rural areas with 
rolling hills, but could be prohibitive in urban areas or where the natural terrain is steep. 

(a) (b) 

------~~, ... - ..... , .. ~"'¡ _ .. -:...; .... 

' .,. ' - - \ -" .... ~ ' 
, -· ' Lightweight · ' 

¡ '.._ : ~ ~, ~ : : fill + '' l.~ ' 

~ 1- / " 1 .... 

0ffi¡.¡:¡¡¡¡mmrm:m ;¡¡¡;¡i¡mm;;m::mi:m!!IT:::i! 

(e) 

Figure 14.34 Slope stabilization by unloading. a) Reducing slope height; b) Increasing slope ratio: e) Using 
Iíghtweíght filL 

Another method of unloading involves construction of lightweight fills, as discussed 
in Chapter 6. These fills permit construction of slopes without inducing large shear stresses 
in the ground. 



556 Stability of Earth Slopes Chap. 14 

Buttressing 

The short-term stabílity of cut slopes is generally greater than their long-term stability, so 
it usually is possible to make temporary construction slopes much steeper than would be 
permissible for the permanent slope. This is especial! y true when construction occurs during 
the dry season when thc groundwater table is lower. We can use this behavior to build 
buttress fills that stabilize slopes. 

The usual construction procedure is to overcxcavate the proposed cut slope as shown 
in Figure 14.35a, then bring it back to the design grades using high-quality fill (i.e., one with 
higher e and <)> values than the natural soils). The size of the buttress needs to be selected 
so that potential failure surfaces that pass through the buttress gain enough additional 
strength to raise the factor of safety to an acceptable value, and that potential failure surfaces 
that pass below the buttress al so have an acceptable factor of safety. To meet these goals, 
buttresses often must include downward extensions called shear keys, as shown in 
Figure 14.35. 

(a) (b) 

Figure 14.35 Buttress fills: a) This buttress requires overexcavatíng the slope, then rebuilding it with 
compacted fill. Thus, the fínish grade is at its original locatíon; b) This buttress was built by adding the fíll to 
the front of the slope without any overexcavation. In this case the buttress ís only about half the heíght of the 

slope, but any height can be buílt. 

Sometimes the buttress fill is made of crushed grave! or other very high-quality soils 
that have very high strength. However, the concept also is valid for normal fills, so long as 
they are stronger than the natural soils. For example, cut slopes that will expose daylighted 
bedding planes in soft sedimentary rocks often can be stabilized by making a compacted fill 
from the soils produced by the excavated rock. Such fills are stronger because it does not 
contain the weak bedding planes. 

Buttresses also can be constructed without overexcavation. In this case they become 
stabilization fills placed at the toe of the slope as shown in Figure 14.35b. These can 
sometimes be used to stabilize existing landslides or other unstable slopes that would not 
tolerate steep construction excavations, or when land is not at a premium. The top of such 
buttresses may be leve!, and thus can become usable for development. 
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Structural Stabilization 

Another option is to stabilize slopes using structural elements. These include various kinds 
of retaining walls and tieback anchors. These methods are typically very expensive, but can 
be cost effective in certain situations, especially in urban areas. 

Retaining Walls 

Retaining walls are structural members that maintain adjacent ground surfaces at two 
different elevations, as shown in Figure 14.36. Sometimes a retaining wall is used in lieu 
of a slope, while other times they are used in conjunction with the slope to create a more 
stable condition. Chapter 16 discusses the various kinds of retaining walls. 

Figure 14.36 Use of 
retaining walls to stabilize 
slopes. 

Tieback Anchors 

Another structural measure is tieback anchors, which are tensile members that apply 
stabilizing forces onto the slope as shown in Figure 14.37. Tiebacks usually consist of steel 
rods inside grouted boles that extend well beyond the critica] failure surface. This method 
is generally very expensive, but may be cost effective in urban areas where space is ata 
premium and land is expensive. 

Drainage 

Water is the "enemy" in slope stability problems, so stabilization measures often involve 
draining water, both surface and subsurface. The objective is to prevent excessive water 
from percolating into the ground, and to remove water that already is in the ground. These 
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measures improve stability by decreasing the pore water pressures (thus increasing the 
strength), and by drying the soil (which increases its strength and decreases its weight). 

Figure 14.37 Use of tieback 
anchors to stabilize slopes. 

Surface 

Concrete 

Polential 
shear 

surface 

anchor 

Sorne surface drainage measures can be as simple as providing appropriate grades so surface 
water flows away from the slope instead of toward it. For example, if a· building pad is to 
be located above a slope, it should be graded such that the surface water flows away from 
the slope. It is very poor practice to perrnit water to flow over the top of the slope. 

Often, additional drainage measures also are needed to capture surface water and carry 
it away from the slope (Scullin, 1983). These often consist of ditches paved with concrete, 
as shown in Figure 14.38, and also can include buried culvert pipes. 

Figure 14.38 Typical 
swface drainage facilities on 
a cut slope. Tiris concrete 
terrace drain captures swface 
water and carties it to a safe 
discharge point. 



Sec. 14.5 Stabilization Measures 559 

The design of surface drainage facilities is often govemed by building codes, but this 
does not relieve the engineer of the duty to provide additional facilities when required. 

In emergencies, it may be helpful to use sandbags to divert surface water away from 
the slope and plastic sheets to cover the ground and reduce infiltration. 

Subsurface 
<1' 

The objective of subsurface drains is to remove water that already ispresent in the ground. 
There are several methods of doing so, including the following: 

• Perforated pipe drains consist of special pipes with holes, buried in the ground to 
collect the water and carry it to a safe location. These pipes are surrounded by gravel 
and afilter fabric, to assist the entry ofwater and prevent finer soil from washing into 
the pipe and clogging it. Sometimes these drains are placed in a trench as shown in 
Figure 14.39 to forma French drain. They also may be placed below fills, behind 
buttress fills, and in other key locations. 

Figure 14.39 Perforated 
pipe drain. 

Geosynthetic filter fabric 

Gravel 

• Wells are vertical holes drilled into the ground and equipped with pumps to remove 
the water as shown in Figure 14.40. Often they can double as exploratory borings. 
Unfortunately, the pumps are expensive to install and run, and require maintenance. 

• Horizontal drains, shown in Figures 14.40 and 14.41, are drilled from the slope face 
and (in spite of their name) are inclined slightly upward. They are intended to 
intercept the groundwater an~ drain it by gravity. Horizontal drains do not require 
pumps, so they are less expensive to install and maintain. 
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Dewate ring wcll 

Figure 14.40 Use of wells and horizontal drains to remove subsurface water. 

Figure 14.41 A series of horizontal drains in a cut slope along a highway. 'The close-up view shows one of the drains exiting 
the slope and discharging into a swale. This drain has a slow hut continuous flow, as evidenced by an accumulation of algae 
at its discharge point. 

Reinforo..ement 

Structural~ngineers transfonn concrete into an efficient structural material by adding steel 
reinforcement at key locations. Soil also can be improved by installing synthetic 
reinforcement as discussed in Chapter 19. These systems increase strength, so they permit 
slopes to be built with much lower slope ratios (i.e., much steeper) than would otherwise be 
possible. 
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Vegetation 

Appropriate vegetation is an important part of most slope stabilization plans. It provides 
erosion protection, draws water out of the ground, provides sorne reinforcement of the soil, 
and has important aesthetic value. Although vegetation has virtually no effect on deep
seated slides, it can be very helpful in preventing shallow slides, slurnps, and flows. 

In arid and semi-arid areas, it is often necessary to install irrigation systems to 
establish and maintain the desired vegetation. These systems must !le closely monitored, 
because excessive irrigation can introduce large quantities of water into the ground and 
create serious stability problems. 

14.6 INSTRUMENTATION 

Geotechnical instrumentation is frequently employed in slope stability studies to help define 
the subsurface conditions and to monitor unstable ground. Although instrumentation is 
often expensive to install and monitor, it can provide valuable information that may not 
otherwise be available. 

lnclinometers 

An inclinometer is a instrument used to measure 
horizontal movements in the ground as a function of 
depth. These instruments are very helpful in slope 
stability studies, and can be used to locate shear 
surfaces and monitor the rate of shear displacement 
in slow-moving landslides. 

To install an inclinometer, a vertical boring is 
drilled to a depth well below the potential zone of 
movement and a special plastic casing is inserted, as 
shown in Figure 14.42. The annular zone around 
the casing is then backfilled to hold it firmly in 
place. Thus, as the ground moves horizontally, the 
casing deforrns with it. 

Once the casing is installed, an initial set of 
readings is obtained by lowering the inclinometer 
probe inside. This probe, shown in Figure 14.43, 
precise! y measures the inclination of the casing in 
two perpendicular directions. Thus, we know the 
horizontal position of the upper set of wheels with 
respect to the lower set. We begin with the probe at 
the bottom of the casing and progressively raise it 
by intervals equal to the wheelbase, taking 
measurements at each interval. By summing these 

Bcn<onite Cement Grout 

Figure 14.42 Cross-section of a typical 
inclinometer installation (Siope lndicator 
Co., Bothell, W A). 
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measurements, we 
horizontal position 
throughout its length. 

know the initial 
of the casing 

Then, at sorne future date, we return 
with the probe and readout unit and obtain 
a second set of readings. By comparing 
the new horizontal configuration with the 
original configuration, we can determine 
the magnitude and direction of horizontal 
movements in the ground throughout the 
length of the casing. W e continue to take 
additional readings at appropriate intervals 
as necessary. Figure 14.44 shows a typical 
plot of horizontal movement vs. depth. 

Stability of Earth Slopes Chap. 14 

Figure 14.43 Inclinometer probe and readout unit 
(Slope Indicator Co., Bothell, WA). 
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Figure 14.44 Plots of horizontal movement vs. depth for two inclinometers. 
This data might be used to detect early movements along an incipient failure 
surface. 

Conventional Surveying 

Slopes also may be monitored by installing monuments at various locations on the ground 
surface and measuring their position using conventional surveying equipment, such as total 
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stations. Although this approach does not provide any infonnation on subsurface 
movements, it can provide extensivc infonnation on surface movements, and thus is a useful 
way to monitor unstable ground. In addition, each monument is far less expensive than an 
inclinometer, and they can be installed in areas with difficult access (unlike inclinometer 
installations, which must be accessible with a drill rig). 

Conventional surveying mcthods are becoming even more attractive with the 
increased availability and precision of global positioning system (GPS) receivers. Thcse are 
devices that determine position based on signals from satellites, and éan achieve accuracies 
on the arder of ±1 cm. 

Groundwater Monitoring 

Groundwater has a significan! impact on slope stability, so infonnation on the groundwater 
table position and pore water pressures is very importan t. Therefore, geotechnical engineers 
often install observation wells and piezomcters as a part of slope stability studies. These 
devices are described in more detail in Chapters 3 and 7. 

QUESTIONS ANO PRACTICE PROBLEMS 

14.17 A certain slope has a factor of safety of l. 15 according to a Swedish slip cirde analysis. In 
order to increase F to 1.50, you are considering the possibility of removing the upper portian 
of this slope, then rebuilding it to the original grades using a lightweight fill. Assuming the 
critica! failure smface remains in the same location, how much must the weight of the potential 
slide body be reduced to produce the required factor of safety? Assume s" along the failure 
surface remains unchanged. Express your answer as a percentage of the existing weight. 

Note: In reality, the critica! failure surface would probably shift to a new location, so this 
preliminary analysis would need to be followed by another search for the critica! surface. 

14.18 Buttress fills sometimes ha ve a hydraulic conductivity smaller than that of the adjacent natural 
ground. This is especially common when the natural ground is stratitied, and water seeps along 
the more pervious strata. Could this difference in hydraulic conductivity cause any problems? 
Explain. If so, what might be done to remedy these problems? 

14.19 The soil beneath a slope consísts of altemating layers of sand and clay. These layers are nearly 
horizontal, but vary in thickness such that no two boring logs found these layers at the same 
elevations. This slope is to be stabilízed by installing a series of horizontal wells that are 
intended to lower the groundwat~r table. The wells will be drilled at 20ft intervals near the toe 
ofthe slope, and each one will be drilled at the same angle and to the same length. Would you 
expect the same flow rate from cach well? Why or why not? 

14.20 In 1962, a dcveloper purchased 100 acres of hilly land and subdivided it for use as a housing 
tract. The subsequent construction included extensive cuts and fills to create leve! building pads 
separated by 1.5:1 cut and fill slopes. Unfortunately, the building codes in that county were 
much more lax than they are toda y, so the quality of the earthwork was not as high as would 
now be required. As a result, sorne of the slopes in this tracl ha ve expcrienced slides, especially 
during years with heavier-than-normal rainfall. 
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SUMMARY 

Stability of Earth Slopes Chap. 14 

One of the slopes is showing sorne signs of possible instability (i.e .. tension cracks, sorne 
surface evidence of small movernents, etc.), so the current owncr wishcs to stabilize it. You 
ha ve designed a stabilization scheme that includes dewatering and construction of a buttress fill. 
You al so need to install appropriate instrumentation to monitor the slope and thus determine if 
thc stabilization is working. What type or types of instrumentation would be appropriate and 
where should it be installed"J 

Major Points 

l. When building near or on sloping ground, engineers need to determine whether the 
slope is stable. Many forms of instability can occur, and they are a source of 
extensive property damage and occasionally loss of life. 

2. The various forms of instability do not necessarily occur independent of the others, 
so it is difficult to classify slope failures. Nevertheless, in spite of their limitations, 
classification schemes are useful. One system, developed by V ames, divides failures 
into five types: falls, topples, slides, spreads, and tlows. 

3. Sorne types of slope instability may be analyzed only with qualitative methods, while 
other types are sui table for both qualitative and quantitative analyses. Geotechnical 
engineers most often deal with slides, which fortunately are well-suited for 
quantitative analysis. 

4. Most quantitative analyses of slides use the limit equilibrium approach, which 
compares the shear strength along a failure surface to the shear stresses required for 
equilibrium to determine the factor of safety. It is necessary to find the most critica! 
failure surface to compute the correct factor of safety. 

5. For most problems, a complete limit equilibrium analysis would be statically 
indeterminate, and thus impossible. We overcome this problem by making 
simplifying assumptions that convert the problem into one that is statically 
determínate. Various assumptions have been proposed, thus producing a large 
number of Jimit equilibrium analysis methods. 

6. Slides in homogeneous soils, such as compacted fills, usually can be idealized as 
occurring along the are of a circle. However, slides in non-homogeneous soils and 
rocks typically occur on more irregular-shaped failure surfaces. 

7. Simple slope stability problems may be solved using chart solutions, but more 
complex problems require more tcdious hand solutions or computer-aided analyses. 

8. Earthquakes often produce slope stability problems, and special analyses are required 
to address these problems. 

9. Various methods are available to stabilize slopes, by i11creasing the shear strength, 
decreasing the shear stresses, or both. 

10. Geotechnical instrumentation is often very helpful in assessing slope stability 
problems. 
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Vocabulary 

back-calcuated strength French drain rotational slide 
block-glidc slide horizontal drain seismic stability 
body inclinometer slidc 
buttress fill infinite slope analysis slope face 
circular failure surface instrumentation slope height 
complex slide landslide slope ·ratio 
composite slide lateral spread Spcncer's method 
compound slide limit equilibrium analysis spread 
critica! failure surface main scarp stabi!izatíon 
crown minor scarp Swedish slip circle analysis 
cut slope modified Bishop's method tension crack 
debris flow natural slope terrace 
deterministic analysis Newmark's method tieback anchor 
effective stress analysis non-circular faílure surface toe of slope 
factor of safety ordinary method of si ices top of slope 
failure surface perforated pipe drain topple 
fall planar failure total stress analysis 
fill slope probabilistic analysis translational slide 
filter fabric probability of failure undrained shear strength 
tlank pseudostatic method 
flow rapid drawdown 

COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

14.21 A compacted fill slope is to be made of a soil with e'= 200 lb/fr, 4> ' = 30° and y= 122 lb/ft'. 
Using an infinite slope analysis with a shear surface 4.0 ft below the ground surface and the 
groundwater table 1.0 ft below the ground surface, determine the steepest allowable slope ratio 
that will maintain a factor of safety of at least 1.5. 

Note: This analysis considers only surficial stability. A separare analysis would need to be 
conduced to evaluate the potential for a deep-seated slide in the fill. 

14.22 A 4-inch perforated pipe drain has been installed as part of a subsurface drainage system. The 
pipe has been surrounded with a poorly-graded 1.5 inch grave!. The adjacent soils are sandy 
silts. What is missing from this design? What mode of failure is likely to occur? What should 
be done to improve this design? 
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Dams and Levees 

lf any one be too lnzy to keep his dam in proper 
condition, and does not keep it so; ifthen the dam 
breaks and all the fields are jlooded, then shall he 
in whose dam the break occurred be sold for 
money and the money shall replace the corn 
which he has caused to be ruined. 

The Code of Hammurabi, Babylon, circa 2000 BC 

Dams are earth or concrete barriers buílt across a drainage course to impound water. The 
lakes they create are called reservoirs. Dams are among the largest and most important 
projects in civil engineering. They provide flood control, water storage, hydroelectric 
power, and many other benefits. 

The natural ground on either side of a dam is called an abutment. There are two of 
them: the Úft abutment and the right abutment, according to their orientation when facing 
downstream. The geologic conditions in the abutments are extremely important, as is the 
method of joining the dam to the abutments. The ground below the dam is called the 
foundation, and also is very important. The use of this term in dam engineering is different 
than that in buildings and other structures, where the "foundation" is a structural element 
as discussed in Chapter 17. 

Levees (also called dikes) have many ofthe same design considerations as dams, but 
they are built parallel to a river instead of across it. They are intended to "train" the river 

566 
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along a certain alignment and to protect adjacent land from flooding. For example, parts of 
the City of New Orleans are well below the water leve! in the adjacent Mississippi River, 
and are protected from flooding by a system of levees. Although not as spectacular as dams, 
levees are important civil engineering works that require careful design, construction, and 
maintenance. 

15.1 DAMS 

Although people ha ve been building dams for thousands of years, the twentieth century will 
probably be remembered as the greatest era of dam building. Most of the large dams in the 
world were built during the middle decades of the twentieth century. These include Hoover 
Dam, Grand Coulee Dam, and hundreds of others in the United States and Canada, along 
with similar facilities in other countries. Thousands of smaller dams also were built. 

New dams, even sorne large ones, continue to be built, and this remains an important 
part of civil engineering. However, the pace of activity is not as high as it once was. The 
reasons for this slowdown include the following: 

• For geologic, hydrologic, topographic, and economic reasons, there are a limited 
number of good si tes for dams, especially large ones, and most of them ha ve already 
been built. 

• Because of environmental concerns, new dam building projects are subjected to 
intense scrutiny. Only those project with clear benefits reach the construction stage. 

There is much more potential for dam construction in third-world nations, but the lack of 
available funds lirnits the number of projects. 

Therefore, the future of dam engineering lies primarily in construction of smaller 
dams, and in the maintenance and upgrading of existing facilities. This latter role is no 
trivial matter, as sorne older dams have deteriorated or need to be upgraded for various 
reasons. For example, hydrologic and seismologic studies sometimes indicate existing dams 
will be unable to resist large floods or earthquakes, and thus need to be upgraded or 
replaced. 

Hydrology and Hydraulics 

Once a potential site for a dam has been selected, engineers perform detailed hydrologic 
analyses that define the nature of anticipated stream flows. It is especially important to 
define the flows that might occur during projected floods, because the dam must be designed 
to accommodate these flows. 

Most dams are expected to provide at least sorne flood control, and this is the sole 
purpose of sorne dams. When heavy precipitation or snowmelt occurs upstream of the dam, 
producing a high flow rate, Q, in the river, we want the dam and reservoir to temporarily 
store sorne of the floodwaters, thus reducing the flow rate downstream of the dam and 
preventing floods. Hydrologists evaluate this process by conducting a flood routing 
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analysis. This analysis begins with a design flood event, which is expressed as a 
hydrograph (a plot of Q vs. time), and is intended to produce a design that limits the Q 
downstream of the dam to sorne specified value. The variables in the dam design that 
control the flood routing include: 

• The reservoir elevation at the begiiming of the flood. Normally the reservoir is 
intentionally maintained ata low elevation at the beginning of the flood season to 
provide more storage space for flood waters. 

• The height of the dam. This controls the volume of the reservo ir, and is limited by 
topographic and economic considerations. The maximum reservoir leve! is somewhat 
lower in order to maintain an adequatefreeboard, which is the difference in elevation 
between the water and the crest of the dam. 

• The hydraulics of the outlet works. These outlet works consist of one or more pipes 
that draw water from the reservoir. The pipes may lead to a hydroelectric plant, 
municipal water supply systems, agricultura! irrigation systems, or simply to the river 
downstream of the dam. The intake facilities are located at various elevations in the 
reservo ir so discharges can be made regardless of the water elevation. 

• The crest elevation and hydraulics ofthe spillway. The spillway is a much larger 
facility that discharges reservoir water directly into the river. The spillway crest is 
slightly below the crest of the dam, so it is used only when the reservoir leve! is high. 
In many dams, the spillway has never been used. However, the spillway is vital to the 
safety of the dam, especiaJiy earth dams, because it prevents water from running o ver 
the top of the dam. This must never be allowed to occur, because it would quickly 
erode the dam and cause an overtopping failure. 

These variables are usually adjusted by a converging trial-and-error process until a 
suitable design has been achieved. 

Types of Dams 

Once the required height has been set by the hydrologic analysis, the design effort can focus 
on the dam itself. There are two broad categories of dams: concrete dams and earth dams, 
as well as a third hybrid category called roller compacted concrete dams. 

Con~rete Dams 

Concrete dams consist of cast-in-place concrete that extends between the two abutrnents. 
When properly built, they are virtually watertight, and often are very beautiful structures. 
There are three principal types of concrete dams: 

Concrete gravity dams are massive concrete structures that resist the hydrostatic loads 
from the reservoir by virtue of their weight. Grand Coulee Dam, shown in Figure 
15.1, is one of the most well-known concrete gravity dams. 
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Concrete arch dams are curved in plan view and transmit much of the hydrostatic 
loads laterally to the abutments. This design uses the concrete more efficiently, so 
arch dams are much thinner than gravity darns. Hoover Dam, shown in Figure 15.2, 
is an example of a large concrete arch dam. 

Concrete buttress dams have a sloping upstream face that rests on a series of walls or 
buttresses aligned parallel to the river. These buttresses transmit the hydrostatic loads 
to the foundation bedrock, and tbe sloping upstream faca uses the downward 
component of the bydrostatic loads as a stabilizing force. This design uses less 
concrete than a gravity dam, but requires a large amount of complex formwork, and 
thus is rarely economical to build. Bartlett Dam, shown in Figure 15.3, is one of the 
few examples of this type. 

Figure 15.1 Grand Coulee Dam on the Columbia River in 
Washington. This is one of the largest concrete gravity dams 
in the world (U.S. Bureau ofReclamation). 

Figure 15.3 Bartlett Dam on the Verde R.iver in Arizona is a 
concrete buttress dam (U.S. Bureau ofReclamation). 

Figure 1S.l Hoover Dam on the Colorado 
R.iver at the Nevada- Arizona border. This 
is a concrete arch dam (U.S. Bureau of 
Reclamation). 
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The construction of concrete dams is much more labor-intcnsive than that for earth 
dams. This may have been acceptable in the 1930s when labor wages were low and dam
building projects were partially driven by New Deal efforts to put people to work. 
However, wages today are much higher, making concrete dams relatively expensive. In 
addition, concrete dams can be built only on sites with sound rock foundations. Finally, 
developments in earthmoving equipment, as discussed in Chapter 6, now allow us to move 
Jarge quantities of soil with a smaller labor force and at a Jower cost. Therefore, nearly all 
new dams are now earth dams. 

Earth Dams 

Earth dams are built of compacted soil or rock fragments and are designed as gravity dams. 
They are much more massive than concrete gravity dams, and thus require larger amounts 
of material. Many earth dams contain more than 50,000,000 m 3 (64,000,000 yd 3) of 
compacted soil. However, unlike concrete dams, there is no need for formwork, which 
represents a significant cost savings. In addition, the unit cost of compacted fill is much Iess 
than that of concrete, so the total cost is usually less. 

Before about 1900, there was no economical way to move large quantities of soil. 
Earth dams and other fills were built by hauling soil in animal-drawn wagons and other 
crude equipment. As a result, only modest earth dams were built. The development of 
hydraulic fill methods in the early twentieth century permitted more economical transport 
of soil. This method, which is described in Chapter 6, was used to build many earth dams 
between 1900 and 1940. However, the poor quality of the resulting fill, as exemplified by 
a large landslide during construction of Ft. Peck Dam in Montana, and the advent of modem 
earthmoving equipment has made hydraulic fill methods obsolete. No hydraulic fill dams 
have been built in North America since 1940. 

Today, all earth dams are built using the earthmoving equipment described in 
Chapter 6. The fill quality and economics of these methods far exceeds that of earlier 
techniques. In addition, this equipment permits the precise placement of different soils in 
different parts of the dam. Therefore, all except the smallest dams are zoned, as shown in 
Figures 15.4 and 15.5. Each zone serves a specific purpose. The core, which is near the 
center of the cross-section, is the primary impervious zone and is used to block the flow of 
water through the dam. It is normally made of clayey soils. The shells, which are Iocated 
on either side of the core, provide the strength and mass in the dam. Drains, which are 
located at various places in the dam, are used to draw off water that leaks through the core, 
andfilters prevent thc migration of fines into the drains. 

Beca:use such large quantities of soil are required, earth dams must be built from soils 
that are nearby. lt is much too expensive to transport such quantities for long distances. In 
addition, the topography at each dam si te is different. Therefore, no two dams use the same 
design. Each must be designed to accommodate the local conditions and requirements. 

Roclifill dams are a special type of earth dam that is made of cobble to boulder-sized 
rock fragments with an intemal concrete wall acting as the impervious barrier. Earth-rock 
dams are a hybrid that use rockfill shells and a compactcd soil core. 
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Figure 15.4 Cross-section and description of zones, Seven Oak.s Dam, California (U.S. Army Corps of Engineers). 
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Figure 15.5 Seven Oaks Dam under construction. The dark zone in the center of the 
dam is the zone 1 core material. It is surrounded by the other rones, per the cross-section 
in Figure 15.4. The downstream face of the dam is visible on the left side of the 
photograph. 

Rollar Compactad Concrete Dams 

In the late twentieth century, engineers and contractors began experimenting with a new 
method of dam construction that combined features from both concrete and earth daros. 
This new hybrid method is called roller compacted concrete (RCC) dam construction. 

Roller compacted concrete dams are made of coarse and fme aggregates similar to 
those used in conventional concrete, which are mixed with Portland cement and water. The 
cement content is very low (typically about 90 kg/m 3 or 150 lb/yd~, so the freshly mixed 
materiallooks like a damp, well-graded gravel. It is then placed using scrapers and other 
standard earthmoving equipment, and compacted with heavy vibratory rollers. Finally, it 
is allowed to cure, thus forming an in-place material that is essentially a weak concrete. 

Many small-to-medium-size RCC daros have been built, and seem to be performing 
well. RCC also has been used to build buttresses against existing daros that required 
additional support. 

Gaotechnical Analysis and Design of Earth Dams 

There are many geotechnical considerations in the analysis and design of earth dams. 
Indeed, this is one of the few civil engineering projects where the geotechnical engineer is 
the lead design professional. 
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Seepage 

Water from the reservoir tlows through, beneath, and around earth dams, so the design 
proccss includes anal y ses of these tlows. One of the reasons for doing so is to develop an 
estimate of the tlow rate, Q, which represents losses from the reservo ir. In sorne cases, such 
as dams intended primarily for tlood control, even large seepage losses may be acceptable. 
However, other dams, such as those used to store water supplied by an aqueduct, may 
require a very low tolerance of seepage los ses. 

Another reason for evaluating seepage losses is to develop design groundwater 
conditions, which are then used in slope stability analyses. For example, the groundwater 
table inside the dam will be higher on the upstream side than on the downstream side, with 
corresponding impacts on the stability of the upstream slope. 

Finally, perhaps the most important reason for performing seepage analyses is to 
assess the potential for piping, which is the formation of channels inside the dam dueto 
interna] erosion, as shown in Figure 15.6. Silty soils are especially prone to piping. We 
avoid this type of failure by including filter and drain zones that control the seepage and 
prevent soil migration. Section 8.5 presented design criteria to keep soil migration under 
control. 

Figure 15.6 Piping failure in an earth dam. 

Slope Stability 

A landslide in either the upstream or downstream face of an earth dam would be disastrous, 
so these slopes must satisfy the stability requirements discussed in Chapter 14. In addition 
to the typical modes of failure, we also need to consider a special condition called rapid 
drawdownfailure (Duncan, Wright, and Wong, 1990; Borja and Kishnani, 1992). This type 
of failure occurs when the exterior water leve! has been at a certain elevation for a long time, 
then quickly drops toa lower elevation as shown in Figure 15.7. If the soils have a low 
hydraulic conductivity, the groundwater table inside the slope cannot drop nearly as rapidly 
as the water outside, so high pore water pressures inside the slope rcmain unchanged, even 
though the stabilizing effect of the exterior hydrostatic pressures rapidly disappears. This 
unfortunate situation can occur in earth dams when the reservoir is lowered too rapidly, or 
in levees when river water levels go down rapidly. This combination of factors may 
produce a landslide. 

Rapid drawdown failures have occurred on occasion. For example, the Walter 
Bouldin Dam in Alabama experienced rapid drawdown induced landslide in 1975 when the 
reservoir leve! was lowered 10m in 5.5 hr (Duncan, Wright, and Wong, 1990). 
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Figure 15.7 Rapid drawdown failure in an earth dam. 

Lessons from Dam Failures 

Loss of externa) 
hydrostatic prcssure 
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Initial reservoir elev. 

Rapid drawdown 

Final reservoir elev. 

Although dams have a very good safety record, faílures do occasionally occur. Such events 
always generate a "post-mortem" study to determine the cause of failure and to help us 
avoid similar events in the future. Studies of dam failures also have provided insight into 
other geotechnical problems. 

A study by Biswas and Chatterjee (1971) examined more than 300 dam failures 
throughout the world and found the following causes : 

• 35 percent were a direct result of floods that exceeded the spillway capacity, and thus 
were due to inaccurate hydrology. 

• 25 percent were due to geotechnical problems, such as seepage, piping, high pore 
water pressures, inadequate seepage cutoff, fault movement, excessive settlement, or 
landslides 

• The remaining 40 percent were from a variety of problems, including the use of poor 
construction materials or practices, wave action, acts of war, and poor maintenance. 

The following case studies illustrate sorne of the causes of dam failures (Jansen, 1980). 

South Fork Dam, Pennsylvania (1889) 

One of the most memorable dam failures in the United States occurred near Johnstown, 
Pennsylvania in 1889, resulting in the famous Johnstown Flood. This earth dam had been 
completed in 1853 and was used to feed water toa shipping canal. The design was quite 
good for its time, and included both a spillway andan outlet works. However, the as-built 
spillway was smaller than that shown on the plans, which meant it had less capacity. 

Unfortunately, soon after the dam was completed, the canal faced stiff competition 
from the recently constructed Pennsylvania Railroad. As a result, the canal was closed in 
1857. The dam, which no longer had any useful purpose, was eventually sold to a 
sportsmen' s club from Pittsburgh. They closed off the outlet works and lowered the crest 
of the dam (to provide sufficient width for a roadway), then began using it for a fishing 
resort. They also installed a series of iron bars across the spillway to prevent fish from 
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leaving the lake. Unfortunately, these bars also trapped debris, and thus reduced the 
spillway capacity. Al! of these "improvements" diminished the dam's ability to pass a 
major flood. 

An intense storm occurred in 1889, which produced 250 mm (10 in) ofprecipitation 
in 36 hours. The reservoir leve! rose quickly, but dueto the inoperative outlet works, the 
reduced freeboard, the partially blocked spillway, and other factors, the dam was notable 
to pass the water and eventually failed by overtopping. The resulting tlood killed 2,209 
people. 

St. Francis Dam, California (1928) 

S t. Francis Dam was a 62.5 m (205 ft) tall concrete arch dam built in 1926 as a part of the 
Owens River Aqueduct project. As was typical for the time, there was very little geologic 
or geotechnical input in the design process. As a result, the left abutment of the dam was 
built on an ancicnt landslide (Rogers, 1995). The dam also contained other design 
deficiencies, including inadequate attention to hydrostatic uplift forces. In addition, the 
height of the dam was arbitrarily raised during construction without a corresponding 
increase in the base width. 

Short1y before midnight on March 12, 1928, the two-year-old dam burst, suddenly 
discharging 12 billion gallons of water, along with concrete fragments as large as 9 million 
kg (10,000 tons). The flood caused tremendous destruction along its 80 km (50 mile) 
journey to the Pacific Ocean, ultimately causing more than 500 deaths. The failure appears 
to have had multiple causes, but the primary one seems to be the ancient landslide, which 
was reactivated by the reservoir water. The movíng slide shifted the dam, causing it to fail. 

The S t. Francis Dam failure was the worst American civil engineering disaster of the 
twentieth century. It was directly responsible for the creation of a state regulatory agency 
to oversee the safety of dams in California. Today, all states have such an agency. 

M alpasset Da m, France ( 1959) 

Malpasset Dam was a 61 m (200 ft) tall concrete arch dam in Southern France. The 
abutments consisted of gneiss bedrock, which appeared to be quite competent. However, 
this rock deformed excessive1y under the thrust forces from the dam, thus opening fractures 
within the abutments. These fractures appear to have filled with water, which eventual1y 
caused part of the rock to move outward, thus triggering the failure of the dam. A large 
flood ensued, causing extensive property damage and 421 deaths. The primary lesson from 
Malpasset was the importance of seemingly small geologic features. 

Vaiont Dam, ltaly (1963) 

The greatest number of casualties associated with a dam in modern times occurred in 1963 
at Vaiont Dam in Italy. This disaster killed 2,600 people, yet it was not dueto a failure of 
the dam, but to a massive landslide in the reservoir. 

The 265m (869ft) tal! concrete arch dam was built in a very steep canyon. lt was 
completed in 1960. Later that year, as the reservoir was bcing filled for the first time, a 
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landslide occurred along the edge of the reservoir upstream of the left abutment. Although 
the effects of this slide were limited, the reservoir was maintained at a lower-than-normal 
elevation and the slope was monitored. 

In 1963, the water leve! was permitted to rise an additional 20 m (66 ft), which also 
caused the groundwater in the adjacent rock to risc. Then, in September and October, heavy 
rainfall caused additional saturation in the slope and temporarily caused the reservoir to rise 
even higher, although still below the design water elevation. Then, on the evening of 
October 9, a huge landslide occurred in the same area as the 1960 slide. This mass extended 
for a distance of 2 km ( 1.2 mi) and hada volume of 240,000,000 m 3 (3 14,000,000 yd\ 
which is about four times the volume of Oroville Dam (Figure 6.3). Because the canyon is 
so steep, the slide moved downward at an incredible speed, sending a massive wave up the 
opposite side of the reservoir and over the dam, quickly reaching an elevation of 240 m 
(780ft) abo ve the reservo ir leve!! The wave that went over the dam reached a height of 100 
m (330ft) above the crest, and produced a 70 m (230ft ) tall flood wave in the river below. 

The massive destruction and loss of life from this unfortunate event was 
unprecedented. Yet, the dam itself survived with only minor damage. A technical review 
board concluded that "bureaucratic inefficiency, muddling, withholding of alarming 
information, \ack of judgement and evaluation, and lack of serious individual and collective 
consultation" were the real causes of the failure (Biswas and Chatterjee, 1971 ). These kinds 
of problems underlie many engineering failures throughout the world, not just the one at 
Vaiont. 

Lower San Fernando Da m, California ( 19 71} 

The Lower San Fernando Dam was a hydraulic fill dam that was completed in 1918. As is 
typical of hydraulic fills, it contained loose soils, including loose sands. In addition, loose 
sandy soils were present in the natural ground below the dam. Later, a rolled fill was added 
to raise the crest of the dam, bringing it to a total height of 43 m ( 142 ft). 

In 1971, a magnitude 6.2 earthquake occurred near the dam. This earthquake caused 
extensive liquefaction, both inside the dam and in the underlying natural soils, which 
resulted in a large landslide on the upstream slope. Figure 20.8 shows the dam as it 
appeared immediately after the landslide. Fortunately, a small freeboard remained, so the 
reservo ir did not overtop the dam. 

This failure focused attention on the susceptibility of hydraulic fills to seismically 
induced liquefaction, and prompted reevaluations of hydraulic fill dams in seismic regions. 
As a result. a number of these dams were replaced or modífied to enhance their seismic 
stability. · 

Buffalo Creek Dam, West Virginia (1972) 

Most mining activities generate large quantities of waste material, both so lid and liquid, that 
nced to be discarded. Often these materials are placed as tailings dams, which can retain 
significant reservoirs. Often these rescrvoirs are filled with liquid wastes from the mining 
operations. Unfortunately, the older tailings dams typically had little or no engineering 
design or construction control, and thus can be prone lo failure. 
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The Buffalo Creek Dam was one such facility. It was made of waste materials from 
an adjacent coal mine, along with scrap timber, metal, and other debris. The mining 
company discharged liquid wastes behind the dam, then allowed them to percolate through 
in an effort to reduce stream pollution. The only outlet, other than seepage, was a 24-inch 
(610 mm) steel overflow pipe. There was no spillway. 

In February 1972, a moderate rainstorm occurred that caused the "reservoir" to rise 
and eventually overtop the dam. The lack of sufficient outlet \works and the poor 
construction of the dam allowed it to fail rapidly, causing a flood Qwr{killed 125 people and 
left 4,000 homeless. 

Teton Dam, ldaho (1976) 

Teton Dam was a 93 m (305ft) tall earth dam on the Teton River in Southeastern Idaho. 
It failed on June 5, 1976, only eight months after the frrst filling of the reservoir began. The 
failure began as a cloudy seep on the face of the dam, and rapidly progressed to a piping 
failure through the embankment, as shown in Figure 15.8 and in Plate F of the color photos 
in Chapter l. lts rapid discharge produced extensive flooding in the farmlarid and towns 
below the dam. 

Figure 15.8 Teton Dam soon 
after failure. The reservoir was 
located to the left of the dam 
(U.S. Bureau ofReclamation). 

This failure of a modern dam so soon after construction was a shock to the 
engineering community. It prompted one of the most intensive investigations of any dam 
failure. A panel of experts deteníúned that it was caused by inadequate grouting of the 
highly fractured rock in the abutrnent, the use of extreme! y erodible silty soils in the core, 
and inadequate filters. The combination of these factors made the dam particularly 
susceptible to a piping failure. 
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General Comments on Dam Safety 

We study failures, such as those listed above, because they help us better understand the 
behavior of daros and help us avoid similar problems in the future. However, studying such 
failures can lea ve the mistaken impression that daros are inherently unsafe facilities, justas 
studies of airliner accidents can leave the mistaken impression that commercial air travel is 
unsafe. In fact, the overall safety record for dams, especially those built after 1945 , is very 
good. They have significantly reduced the risk of death, injury, and property loss from 
floods; provided large quantities of hydroelectric power; enabled the construction of 
extensive irrigation and municipal water supply facilities; and provided many other benefits 
to society. Thus, the value of dams to society far exceeds the small risk of failure. 

15.2 LEVEES 

During periods of heavy rainfall or rapid snowmelt, rivers often overflow their banks, 
flooding the adjacent land. This is a natural process, and the fertile soils deposited by these 
floods is often part of the reason these lands are highly desirable for farming. The farms, 
in tum, bring towns and cities. Commerce associated with the rivers and other reasons also 
promete development in these lands. However, this new usage ofthe land is not compatible 
with the natural flooding processes, so civil engineers are often asked to build flood control 
works. These works include daros, levees, and other facilities. 

Levees are often built along the river to contain floodwaters and protect the adjacent 
land, as shown in Figure 15.9. They also can be built to encircle important areas, such as 
the town shown in Figure 15.10. Sometimes levees are built to contain aqueducts and 
irrigation canals. The crest elevation of these levees is govemed by the anticipated water 
levels, and the cross-section by the soil conditions. 

Levee Leve e 

Figure 15.9 Levees protecting land from flooding dueto rising river water. 

Sorne levees, especially older ones, were "designed" and constructed with little or no 
engineering, and sometimes are the product of many years of informal construction. These 
levees are typically not very reliable, and occasionally fail. Others, such as those built by 
the U.S. Army Corps of Engineers and the U.S. Bureau of Reclaroation, are carefully 
designed and built, and ha ve much greater reliability. Unfortunately, systems of levees are 
only as strong as their weakest link, so land protected by engineered levees is sometimes 
flooded by the failure of nearby unengineered levees. 
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Figure 15.10 The town of Pembina, 
ND is located along the banks of the 
Red River. When the river reached 
flood stage in l997, levees surrounding 
the town protected it from flooding. The 
normal river cbaooel is barely visible on 
the right si de of this aerial pbotograph. 
Interstate Highway 29, which is located 
outside the levees, is visible on the left. 
Part of the highway has flooded, but a 
bridge and ramps to the left of the town 
still extend abo ve the water leve!. If the 
levees had not been built, most or a1l of 
the town would have been under water 
(U.S. Anny Corps of Engineers - St. 
Paul District). 

The most common causes of failure in Ievees include: 

• overtopping by floodwaters, which leads to rapid erosion 
• uncontrolled seepage through or beneath the levee, leading to a piping failure 
• landslides in the levee slopes 

All of these problems can be avoided through proper analysis, design, and 
construction. This is why modern engineered levees rarely fail. Unfortunately, many miles 
of unengineered levees still exist, and the cost of retrofitting or replacing them is enormous. 
Thus, the primary task for geotechnical engineers is to identify the most hazardous ones and 
reinforce them first. 

SUMMARY 

Major Points 

l. Dams are earth or concrete barriers built across a drainage course to impound water. 
The design of these facilities must incorporate hydrologic, hydraulic, topographic, 
geotechnical, environmenta4 and economic factors, along with many other 
considerations. 

2. There are two primary categories of dams: concrete and earth. Concrete dams may 
be of the gravity, arch, or buttress type, while earth dams are always of the concrete 
type. A third hybrid category, k:nown as roller compacted concrete dams, combines 
features from both concrete and earth dams. 
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3. The geotechnical analysis and design of earth dams must consider seepage, slope 
stability, and other factors. 

4. The safety record of dams is very good, especially for those built after 1945. 
However, when failures do occur, they are often spectacular and catastrophic. 
Therefore, they are extensively studied so we can leam how to avoid similar failures 
in the future. 

5. Levees are similar to small earth dams, except they are built parallel to a drainage 
course and are intended to "train" or direct the flow in a river, canal, aqueduct, or 
other facility. Many older, undesigned and poorly constructed levees still exist, and 
they sometimes fail when subjected to flood waters. However, well engineered and 
constructed levees perform very well. 

Vocabulary 

concrete arch dam 
concrete buttress dam 
concrete gravity dam 
e ore 
dam 
drain 
earth dam 
filter 
flood routing analysis 

foundation 
free board 
hydrograph 
left abutment 
levee 
outlet works 
overtopping 
piping 
rapid drawdown 

reservoir 
right abutment 
rockfill dam 
roller compacted concrete 

dam 
shell 
spillway 

COMPREHENSIVE OUESTIONS ANO PRACTICE PROBLEMS 

15.1 Concrete gravity dams resíst the hydrostatic torces from the reservoir by vírtue of their mass 
and sliding friction along their base. Assuming there is no other source of resistance, consider 
a proposed dam with a vertical upstream face and a mass x that must retain a reservoir with 
water depth y. How much must the mass be increased if the design water depth is increased to 
1.5 y? 

15.2 A moderate-size dam is to be built ata site in a third-world country. The site is underlain by 
high-quality hard rock. Discuss the factors that would influence the choice between a concrete 
dam oran earth dam. How might these factors be different at this site than in North America 
orEurbpe? 

15.3 According to a recent hydrologic study, the spillway at an old earth dam is inadequate. A 
projected 200-year flood would be sufficient to overtop the dam, which would undoubtedly lead 
to failure and a devastating f\ood. Suggest three potential methods of dealing with this problem. 

15.4 We do not have enough money to rebuild all ofthe inadequate levees, and therefore must focus 
our energies on the most hazardous ones. What factors might be considered in determining 
w hich levees to rebuild first? 
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Lateral Earth Pressures and 
Retaining Walls 

Things should be made as simple as possible, but not one bit simpler. 

Albert Einstein 

Lateral earth pressures are those imparted by soils onto vertical or near-vertical structures. 
They may include both normal and shear pressures, as shown in Figure 16.1. These 
pressures are especially important in the design of retaining walls, which are civil 
engineering works that maintain adjacent ground surfaces at two different elevations. 
Figure 16.2 shows typical uses of retaining walls in civil engineering projects. 

16.1 HORIZONTAL STRESSES IN SOIL 

In this chapter, we will compute stresses using the same x, y, z coordinate system as used 
in Chapter 10. For convenience, we will align the axes such that the x axis is oriented 
perpendicular to the wall face. 

Lateral earth pressures are the direct result of horizontal stresses in the soil. In 
Chapter 1 O we defined the ratio of the horizontal effective stress to the vertical effective 
stress at any point in a soil as the coefficient of lateral earth pressure, K: 

K ( 16.1) 

581 
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Figure 16.1 Lateral earth pressures imparted from a soil onto a 
vertical or near-vertical structure. 

Highways Buildings 

Flood control channels 

Figure 16.2 Typical applications of retaining walls. 

Chap. 16 
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where: 
K= coefficient oflateral earth pressure 
o/= horizontal effective stress 
o/= vertical effective stress 
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In the context of this chapter, K is important because it is an indicator of the lateral earth 
pressures acting on a retaining wall. 

For purposes of describing lateral earth pressures, geotechnical engineers have defined 
three important soil conditions: the at-rest condition, the active condition, and the passive 
condition. 

The At-Rest Condition 

Let us assume a certain retaining wall is both rigid and unyielding. In this context, a rigid 
wall is one that does not experience any significant flexura! movements. The opposite 
would be a flexible wall--one that has no resistance to flexure. The term unyielding means 
the wall does not translate or rotate, as compared to a yielding wall that can do either or 
both. Let us also assurne this wall is built so that no lateral strains occur in the ground. 
Therefore, the lateral stresses in the ground are the same as they were in its natural 
undisturbed state. 

The value of K in this situation is K0 , the coejjicient of lateral earth pressure at rest. 
The most reliable method of assessing K 0 is to use in-situ tests such as the dilatometer test 
(DMT) or pressuremeter test (PMT) as discussed in Chapter 3. It also may be measured 
using speciallaboratory tests on undisturbed samples. However, because of cost constraints, 
engineers generally use these methods only on especially Iarge or critica! projects. For the 
vast majority ofprojects, we usually must rely on empirical correlations to develop design 
values of K0 • Several such correlations have been developed, including the following one 
from Mayne and Kulhawy (1982): 

where: 
cj>' = effective friction angle of soil 

OCR = overconsolidation ratio of soil 

(16.2) 

Equation 16.2 is based on laboratory tests performed on 170 soil samples that ranged from 
clay to grave!. It is applicable onlywhen the ground surface is leve!. Usually Ko is between 
0.3 and 1.4. 

Ifno groundwater table is present (u= 0), the lateral earth pressure, o, acting on this 
wall is equal to the horizontal effective stress in the soil: 

(16.3) 
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Lateral earth pressures below the groundwater table are discussed later in this chapter. 
In the at-rest case, we assume the shear stress, -r, acting between the soil and the wall 

1s zero. 
In a homogeneous soil above the groundwater table, K0 is a constant ando_' varíes 

Iinearly with depth. Therefore, in theory, o also varíes linearly with depth, forming a 
triangular pressure distributíon, as shown in Figure 16.3. Thus, if at-rest conditions are 
present, the horizontal force acting on a unit length of a vertical wall is the area of this 
triangle: 

where: 
P0 lb= normal force acting between soil and wall per unit length of wall 

b = unit length ofwall (usually 1 ft or 1 m) 
y = unit weight of soil 
H = height of wall 

Figure 16.3 At-rest pressure acting on a 
retaining wall, 

Example 16.1 

(16.4) 

An 8 ft tall basement wall retains a soil that has the following properties: e' =O, 4>' = 35 o, 

y = 127 lb/ft3
, OCR = 2. The ground surface is horizontal and leve! with the top of the wall. 

The groundwater table is wcll below the bottom of the wall. Consider the soil to be in the at
rest condition and compute the force that acts between the wall and the soil. 
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Solution 

Horizontal Stresses in Soil 

K
0 

= (1 - sincj>')OCR'in<f/ 

= (l-sin35") 2'1"
35

' 

= 0.635 

( 127 lb/ft 2) (8 ft?(0.635) 

2 

= 2580 lb/ft - Answer 

585 

Because the theoretical pressure distribution is triangular, this resultant force acts at the lower 
third-point on the wall. 

The Active Condition 

The at-rest condition is present only ifthe wall does not move. Although this may seem to 
be a criterion that all walls should meet, even very small movements alter the lateral earth 
pressure. 

Suppose Mohr's circle A in Figure 16.4 represents the state of stress at a point in the 
soil behind the wall in Figure 16.5, and suppose this soil is in the at-rest condition. The 
inclined lines represent the Mohr-Coulomb failure envelope. Because the Mohr's circle does 
not touch the failure envelope, the shear stress, -r, is less than the shear strength, s. 

Now, permit the wall to move outward a short distance. This movement may be either 
translational or rotational about the bottom ofthe wall. It relieves sorne ofthe horizontal 
stress, causing the Mohr's circle to expand to the left. Continue this process until the circle 
reaches the failure envelope and the soil fails in shear (circle B). This shear failure will 
occur along the planes shown in Figure 16.5, which are inclined atan angle of 45 + <j>/2 
degrees from the horizontal. A soil that has completed this process is said to be in the active 
condition. The value of K in a cohesionless soil in the active condition is known as Ka , the 
coefficient of active earth pressure. 

Once the soil attains the active condition, the horizontal stress in the soil (and thus the 
pressure acting on the wall) will have reached its lower bound, as shown in Figure 16.6. 
The amount of movement required to reach the active condition depends on the soil type and 
the wall height, as shown in Table 16.1. For example, in a loose cohesionless soil, the active 
condition is achieved ifthe wall moves outward from the backfill a distance equal to only 
0.004 H (about 12 mm for a 3 m tatl wall). Although basement walls, being braced at the 
top, cannot move even that distance, a cantilever wall (one in which the top is not 
connected to a building or other structure) could very easily move 12 mm outward, and such 
a movement would usually be acceptable. Thus, a basement wall may need to be designed 
to resist the at-rest pressure, whereas the design of a free-standing cantilever wall could use 
the active pressure. Because the active pressure is smaller, the design offree-standing walls 
will be more economical. 
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Lateral Earth Pressures and Retaining Walls 

Figure 16.4 Changes in the stress conditions in a soil as it transitions from the at
rest condition to the active condit ion. 

Figure 16.5 Development of shear failure planes in thc soil behind a wall as 
it transitions from the at-rcst condition to thc active condition. 

Chap. 16 
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Movement away 
from backfi ll 

o 
Movement toward backfill 

Figure 16.6 Effect of wall moveme nt on lateral earth pressure. 

TABLE 16 .1 WALL MOVEMENT REQUIRED TO REACH THE ACTIVE 
CONDITION (Adapted from CGS, 1992) 

Soil Type 

Dense cohesionless 

Loose cohesionless 

Stiff cohesive 

Soft cohesive 

H = Wall height 

Horizontal Movement Required to 
Reach the Active Condition 

().00.1 f:l ·: .: 
0.004-H 

O.O!OH 

0.020H 

Cohesionless soils include sands and gravels 
Cohesivc soils are those with a significan! clay content 

The Passive Condition 
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The passive condition is the opposite ofthe active condition. In this case, the wall moves 
into the backfill, as shown in Figure 16.7, and the Mohr's circle changes, as shown in 
Figure 16.8. Notice how the vertical stress remains constant whereas the horizontal stress 
changes in response to the induced horizontal strains. 
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Movcment 

Figure 16.7 Development of shear fa ilure planes in the soil behind a wall as it transitions from the at-rest 
condition to the passive condition. 

Condition 

Failure 
Plane 

Failure 
Plan e 

Passíve 
Condition 

<J" 

Figure 16.8 Changes in thc stress condition in a soil as it transitions from the 
at-rest condition to the passive condition. 

In a homogeneous soil, the shear failure planes in the passive case are inclined at an 
angle of 45 - <j>/2 degrees from the horizontal. The value of K in a cohesionless soil in the 
passive condition is known as KP, the coefficient ofpassive earthpressure. This is the upper 
bound of K and produces the upper bound of pressure that can act on the wall. 

Engineers often use the passive pressure that develops along the toe of a retaining wall 
footing to help resist slíding, as shown in Figure 16.9. In this case, the "wall'' is the side of 
the footing. 
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More movement must occur to attain the passive condition than for the active 
condition. Typical required movements for various soils are shown in Table 16.2. 

TABLE 16.2 WALL MOVEMENT REQUIRED TO REACH THE PASSIVE 
CONDITION (Adapted from CGS, 1992) 

Soil Type 

Dense cohesionless 

Loase cohesionless 

Stiff cohesive 

Soft cohesive 

H = Wall height 

Horizontal Movemcnt Required to 
Reach the Passive Condition 

0.020H 

0,060H 

0.020 H 

0.040H 

Cohesionless soils include sands and gravels 
Cohesive soils are those with a significan! clay content 

Figure 16.9 Active and passive pressurcs acting on a cantilever retaining wall. 

Although movements on the order of those listed in Tables 16.1 and 16.2 are 
necessary to reach the full active and passive states, respectívely, much smaller movements 
also cause significant changes in the lateral earth pressure. While conducting a series of 
full-scale tests on retaining walls, Terzaghi ( 1934b) observed: 

With compacted sand backfill, a movement ofthe wall over an insignificant distancc (cqual to 
one-tenthousanth ofthe depth ofthe backfill) dccreases the [coefficient oflatcral earth pressure] 
to 0.20 or increases it up to 1.00. 
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This effect is notas dramatic in other soils, but even with those soils only the most rigid and 
unyielding structures are truly subjected to at-rest pressures. 

16.2 CLASSICAL LATERAL EARTH PRESSURE THEORIES 

The solution of lateral earth pressure problems was among the fi rst applications of the 
scientific method to the design of structures. Two of the pioneers in this effort were the 
Frenchrnan Charles Augustin Coulomb and the Scotsman W. J. M. Rankine (see the sidebar 
on Coulomb, later in this chapter). Although many others have since made significant 
contributions to our knowledge of earth pressures, the work of these two men was so 
fundamental that it still forms the basis for earth pressure calculations today. More than 50 
earth pressure theories are now available; all of them have their roots in Coulomb and 
Rankine's theories. 

Coulomb presented his theory in 1773 and published it 3 years later (Coulomb, 1776). 
Rankine developed his theory more than 80 years after Coulomb (Rankine, 1857). In spite 
ofthis chronology, it is conceptually easier for us to discuss Rankine's theory first. 

In this book we will only consider lateral earth pressures in soils that are isotropic and 
homogeneous ( <j>, and y have the same values everywhere, and they have the same values 
in al! directions at every point) as well as cohesionless (e = 0). This is the simplest case. 
Soils that have a high clay content require special considerations that are beyond the scope 
of this discussion. Foundation Design: Principies and Practices (the companion volume 
to this book), discusses lateral earth pressures in layered soils, clayey soils, and in soils with 
c > O. 

Lateral earth pressure theories may be used with either effective stress analyses 
(e', <!>') or total stress analyses (e P <!> r). However, effective stress analyses are usually 
more appropriate, and are the only type we will consider in this chapter. 

Rankine's Theory for Cohesionless Soils 

Assumptions 

Rankine approached the lateral earth pressure problem with the following assumptions: 

l. The soil is homogeneous and isotropic, as defined abovc. 
2. The rñost critica! shear surface is aplane. In reality, it is slightly concave up, but this 

is a reasonable assumption (cspecially for the active case) and it simplifies the 
analysis. 

3. The ground surface is aplane (although it does not necessarily need to be lcvcl). 
4. The wall is infinitely long so that the problcm may be analyzcd in only two 

dimensions. Geotechnical engineers refer to this as a plan e strain condition. 
5. The wall moves sufficiently to develop the active or passive condition. 
6. The resultant ofthe normal and shear forces that act on the back ofthe wall is inclined 

at an angle parallel to the ground surfacc (Coulomb's theory providcs a more accurate 
model of shear forces acting on the wall). 
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Active Condition 

With these assumptions, we can treat the wedge of soil behind the wall as a free body and 
evaluate the problem using the principies of statics, as shown in Figure 16.10a. This is 
similar to the slope stability analysis methods we used in Chapter 14, and is known as a limit 
equilibrium analysis, which means that we consider the conditions that w ould exist if the 
soi1 a1ong the base of the failure wedge was about to fail in shear. 

Weak seams or other nonuniformities in the soil may control the inclination of the 
critica) shear surface. However, if the soil is homogeneous, P ) b is greatest when this 
surface is inclined at an angle of 45 + lfl/2 degrees from the horizontal, as shown in the 
Mohr's circle in Figure 16.4. Thus, this is the most critica! ang1e. 

Solving this free body diagram for P)b and VJb gives: 

cos P - Jcos2 p - cos2 .p 
cos 13 + Jcos2 p - cos2 $ 

( 16.5) 

(16.6) 

JL $ (16.7) 

The magnitude of Ka ís usually between 0.2 and 0.9. Equation 16.7 is valid only when 
p ~ .p. If p =O, it reduces to: 

(16.8) 

A solution of P)b as a function of H wou1d show that the theoretica1 pressure 
distribution is triangular. Therefore, the theoretica1 pressure and shear stress acting against 
the wall, a and t, respectively, are: 

( 16.9) 
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(b) 

Figure 16.10 Free body diagram of soil behind a retaining wall using Rankine's solution: (a) active case; and 

(b) passive case. 
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where: 

a "" soil pressure imparted on retaíning wall from the soil 
-r "" shear stress ímparted on retaíning wall from the soil 

Pa lb"" normal force between soil and wall per unít length of waJl 
Va lb "" shear force between soí1 and wall per unit length of wall 

b"" unít length of wall (usually 1 ft or 1 m) 
K" ""coefficient of active earth pressure 
a/ "" vertical effective stress 
P "" inclínation of ground surface above the wall 
H"" waJl height 
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(16.10) 

However, observations and measurements from real retaining structures indicate that 
the true pressure distríbution, as shown in Figure 16.11, is not triangular. This difference 
is because of wall deflections, arching, and other factors. The magnitudes of P j b and 
V)b are approximately correct, but the resultant acts at about 0.40H from the bottom, not 
0.33H as predicted by theory (Duncan, et al., 1990). 

Figure 16.11 Comparison 
between (a) theoretical and 
(b) observed distributions of 
earth prcssures acting behind 
retaining structures. 

Example 16.2 

(a) (b) 

A 6 m tall cantilever wall retains a soil that has the following properties: e' = O, <1> ' = 30 o, and 
y= 19.2 kN/m3

• The ground surface behind the wall is inclined ata slope of3 horizontal to 1 
vertical, and the wall has moved sufficiently to develop the active condition. Determine the 
normal and shear forces acting on the back ofthis wall using Rankine's theory. 



594 

Solution 

PJb 
yH 2 Kacosp 

2 

V/b 
y H 2 K

0
sinp 

2 

Lateral Earth Pressures and Retaining Walls Chap. 16 

K, 

p = tan · 1 ( 1/3) 
= 18° 

cos P - Jcos2 p - cos2 <P 

cosP + Jcos2p- cos2 <j> 

cos1 8o - Jcos2 18° -cos2 30° 

cos 18° + Jcos2 18° - cos2 30° 
= 0.415 

(19.2kN/m 2)(6m2)(0.415)cos 18° 
2 

136 kN/m 

(19.2kN/m 2)(6m2)(0.415)sin 18° 
= 44kN/m 

2 

- Answer 

- Answer 

These results are shown in Figure 16.12. 

Figure 16.12 Results from Example 16.2. 
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Passive Condition 

Rankine analyzed the passive condition in a fashion similar to thc active condition except 
that the shear force acting along the base of the wedge now acts in the opposite direction (it 
always opposes the movement ofthe wedge) and the free body diagram becomes as shown 
in Figure 16.1 Ob. Notice that the failure wedge is much flatter than it was in the active case 
and the critica! angle is now 45 - <jl/2 degrees from the horizontal. 

The normal and shear forces, P/b and VP !b, respectively, acting on the wall in the 
passive case are: 

PP/b 

cosp + Jcos2P - cos2<jl 

cosp - Jcos2p - cos2<jl 

(16.11) 

(16.12) 

(16.13) 

The magnitude of KP ís typically between 2 and 6. Equation 16.13 is val id only when p ~ <jl. 
lf p =O, it reduces to: 

(16.14) 

The theoretical pressure and shear acting against the wall, a and 'r, respectively, are: 

where: 

1 
o = a,K cosp • p 

a = soil pressure imparted on retaining wall from the soil 
t = shear stress imparted on retaíning wall from the soil 

PP lb= normal force between soil and wall per unit length ofwall 
VP 1 b = shear force between soil and wall per unit length of wall 

b = unit length ofwall (usually 1 ft or 1 m) 
KP = coefficient ofpassive earth pressure 
a/= vertical effective stress 
P = inclination of ground surface above the wall 

(16.15) 

(16.16) 
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Example 16.3 

A síx-story building with plan dimensions of 150ft x 150 ft has a 12ft deep basement. This 
building is subjected to horizontal wind loads, and the structural engincer wishes to transfer 
these loads into the ground through the basement walls. The maximum horizontal force actíng 
on the basement wall is limited by thc pas~ive pressure in the soil. Usíng Rankine's theory, 
compute the maximum force between one of thc basement walls and the adjacent soil assuming 
full passivc conditions develop, then convert it to an allowable force using a factor of safety 
of3. The soíl is a silty sand with e'= O,<!>'= 30 °, and y= 119 lb/ft ~ and the ground surface 
surroundíng the building is cssentially leve!. 

Solution 

y H 2 KPcosP 

2 
(119lb/ft 3) (12 ft )2 (3.00) coso 

2 
25,700 lb/ft 

(25,700 lb/ft) (150ft) 

1000lb/k 

The allowable passive force, (PP) a• is: 

(P ) = PI' = 3860k 1290 k 
P a F 3 

3860k 

... Answer 

Note: The actual design computations for thís problem would be more complex because thcy 
would need to consider the active pressure acting on the opposite wall, sliding friction 
along the basement floor, lateral resistance in the foundations, and other factors. In 
addition, the horizontal displacement required to develop the full passive resistance may 

. be excessive, so the design value may need to be reduced accordingly. Finally, to take 
advantage of this resistance, the wall would need to be structurally designed to 
accommodate this large load, which is much greater than that dueto the active or at-rest 
pressure. 

Coulomb's Theory for Cohesionless Soils 

Coulomb's theory differs from Rankine's in that the resultant ofthe normal and shear forces 
acting on the wall is inclined at an angle <i'w from a perpendicular to the wall, where tan <i' ... 
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Charles Augustin Coulomb 

Charles Augustin Coulomb ( 1736~ 1 806) was a 
French physicist who is best remembered for his 
work in electricity and magnetism. However, he 
also made important contributions in other fields, 
including the computation of lateral earth 
pressures. 

Coulomb graduated from the Mézieres 
School of Military Engineers in France at the age 
of 26. Two years la ter. the young officer was sent 
to the Caribbean island of Marti nique where he 
was placed in charge of building a fort to protect 
the harbor. In the process of finalizing the design 
ofthe fort, he became dissatisfied with the rules of 
thumb for sizing retaining walls because they 
dictated wall s that were too large. Although sorne 
theoretical analyses had already been attempted, 
they were flawed. He later wrote (Kerisel, 1987): 

"I have ofte11 come across situations in which al! the theories based 011 hypotheses or 011 
small-scale experiments in a physics laboratory ha ve proved i11adequate in practice." 

Therefore, he began studying the problem, and eventually developed a new theory of 
lateral earth pressures. This work is generally recognized as the first important quantitative 
contribution to what would become geotechnical engineering. Coulomb was the fi rst to define 
soil strengtl1 using both cohesion and friction, the first to consider wall friction, and the first to 
analytically search for the orientation of the most critica! fai lure plane (which turned out to be 
at an angle of 45+<!>12, as shown in Figure 16.1 0). He also developed other important insights. 

Coulomb published his results in 1776 as a paper titled Essai sur une app fication des 
regles de maximis et minimis a quefques prob!emes de statique refat((s a 1 'architecture (Essay 
on an Application of the Rules of Maximum and Mínimum to Some Statical Problems, Relevant 
to Architecture). 1 This paper al so addressed other problems, including the stability of arches 
and the strength of beams. 

He had a sense of both theory and practice. For exarnple, his Essai also discussed the 
detrimental effects of groundwater and noted "Even though, to avoid this problem, vertical 
pipes are placed in practice behind retaining walls. and the drains at the feet of the same walls, 
so that the water can run off, these drains get blocked, either by soil carried along with the 
water, or by ice, and sometimes become useless." 

Although Coulomb's work provided important insights into the earth pressure problem, 
it was difficult to apply to practica! problems because nobody had the ability to measure e and 
<!> of soil. The first significant soil strength tests would not be performed until about seventy 
years later by another Frenchman, Alexandre Collin, and his work was not widely recognized. 
As a practica! matter, Coulomb's work did not reach its full potential until the twentieth 
century, when soil strength tests became common. 

1 Heyman (1972) provides an English translation and commentary. 
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is the coefficient of friction between the wall and the soil, as shown in Figure 16.13. This 
is a more realistíc model, and thus produces more precise values ofthe active earth pressure. 

Coulomb presented his earth pressure formula in a difficult form, so others have 
rewritten it in a more convenient fashion, as follows (Müller Breslau, 1906; Tschebotarioff, 
1951 ): 

P)b 

[ ]

2 

2 
sin(c1> + <1>w) sín(c1> - ~) 

cos o: cos( cp + o:) 1 + 
w \ cos(c1>w +a) cos(a - ~) 

where: 
a = soíl pressure imparted on retaining wall from the soil 
1: = shear stress imparted on retaíning wall from the soil 

Pa lb= normal force between soil and wall per unit length of wall 
V" lb = shear force between soil and wall per unit 1ength ofwall 

b = unit length ofwall (usually 1 ft or 1m) 
K" = coefficient of active earth pressure 
az' = vertical effective stress 
o:= inclination ofwall from vertical 
~ = ínclination of ground surface above the wall 

<Pw = wall-soil interface friction angle 

(16.17) 

(16.18) 

(16.19) 

Equation 16.19 is valid only for ~ :<.;; cp. When designing concrete or masonry walls it is 
common práctice to use <1>,., =O. 67 cp '. S te el walls ha ve less sliding friction, perhaps on the 
order of <1>,. = 0.33 <1>'. 

Coulomb did not deve1op a formula forpassive earth pressure, although others have 
used his theory todo so. However, the addition ofwall friction can substantially increase 
the computed passive pressure, possibly to values that are too high (Dunn, Anderson, and 
Kiefer, 1980). Therefore, engineers normally neglect wall friction in passive pressure 
computations C<Pw = O) and use Rankine's method to compute passive earth pressures 
(Equations 16.11-16.16). 
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Figure 16.13 Parameters for Coulomb's lateral earth pressure equations. Walls inclined in 
the opposite direction have a negative Ct.. Va lb norrnally acts in the direction shown, thus 
producing a positíve el> •.• 

Example 16.4 

599 

Using Cou1omb's method, compute the active pressure acting on the reinforced concrete 
retaining wall shown in Figure 16.14. 

Solution 

cj>w 0.67 cj>1 0.67 (32 °) 21 ° 
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1 

sin(<!> + <l>,.l sin(<j>- Pl 
cos2a cos(<j> + <!> ) 1 + 

w cos(<i> .. +a) cos(a - Pl 
cos2 (32a · 2°) 

cos22o cos(21 o+ 2o)[1 + sin(32o + 21 o) sin(32 o - 270)12 
cos(21 e + 2°) cos(2 o - 27 ° ) 

= 0.491 

P)b 

VJh 

y H 2 Kucos<!>,.. 

2 
(19.8 kN/m 2)(5.60 m)2 (0 .49J)cos 21 o 

2 
142kN/m 

yH 2 K
0
sin$

11
. 

2 

= Answer 

(19.8kN/m 2)(5.60m)2(0.491) sin 21 o 

2 
= SSkN/m - Answer 

Figure 16.14 Relaining wall for Example 16.4. 

Chap. 16 
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OUESTIONS ANO PRACTICE PROBLEMS 

16.1 Explain the difference between the active, at-rest, and passive earth pressure conditions. 

16.2 Which ofthe three earth pressure conditions should be used to designa rigid basement wall? 
Why? 

16.3 A basement is to be built using 2.5 m tall masonry walls. These walls will be backfilled with 
a silty sand that has e'= O,<!>'= 35", and y= 19.7 kN/m 3

• Assuming the at-rest conditions will 
exist and using an overconsolidation ratio of 2, compute the normal force per meter acting on 
the back of this wall. Also, draw a pressure diagram and indicate the lateral earth pressure 
acting at the back of the wall. 

16.4 A 10ft tal! concrete wall with a vertical back is to be backfilled with a silty sand that has a unit 
weight of 122 lb/ft 3

, an effective cohesion of O, and an effective friction angle of 32". The 
ground behind the wall will be leve!. Using Rankine's method, compute the normal force per 
foot acting on the back ofthe wall. Assume the wall moves sufficiently to develop the active 
condition in the soil. 

16.5 The wall described in Problem 16.4 has a foundation that extends from the ground surface to 
a depth of 2 ft. As the wa\1 moves slightly away from the backfill soils to create the active 
condition, the footing moves into the soils below the wall, creating the passive condition as 
shown in Figure 16.9. Compute the ultimate passive pressure acting on the front of the 
foundation. 

16.6 A 12ft tall concrete wall with a vertical back is to be backfilled with a clean sand that has a unit 
weight of 126 lb/ft 3

, an effective cohesion of O, andan effective friction angle of 36". The 
ground behind the wall will be inclined ata slope of2 horizontal to 1 vertical. Using Rankíne's 
method, compute the normal and shear forces per foot acting on the back ofthe wall. Assurne 
the wall moves sufficiently to develop the active condition in the soil. 

16.7 Repeat Problem 16.6 using Coulomb's method. 

16.3 EOUIVALENT FLUID M ETHOD 

As d.iscussed earlier, the theoretical distribution oflateral earth pressure acting on a wall is 
triangular. This is the sarne shape as the pressure distribution that would be imposed ifthe 
wall was backfilled with a fluid instead ofwith soil. Further, ifthis fluid had the proper unit 
weight, the magnitude of the lateral earth pressure al so would be equal to that from the soil. 

Engineers often use this simi\arity when expressing lateral earth pressures for design 
purposes. lnstead of quoting K values, we define the lateral earth pressure using the 
equivalent fluid density, G". This is the unit weight of a fictitious fluid that would impose 
the same horizontal pressures on the wall as the soil. We give this value toa civil engineer 
or structural engineer who wishes to design a wall, and they proceed using the principies of 
fluid statics. 

This method is popular because it reduces the potential for confusion and mistakes. 
All engineers understand the principies offluid statics (at least they should!), so G" is easy 
to apply. 
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For homogeneous, isotropic soils with e= O the equivalent fluid density is: 

The normal force between the soil andthe wall per unit length ofthe wall is: 

P/b 

where: 
Gh = equivalent fluid density 
K= K. , K0 , or KP , as appropriate 
y = unit weight ofbackfill soils 

Plb =normal force between the soil and wall per unit length of the wall 
H= height ofthe wall 

(16.20) 

(16.21) 

Example 16.5 

A 12ft tall cantilever retaining wall supported on a 2 ft deep continuous footing will retain a 
sandy soil with e' = O, lj> ' = 35 e, and y= 124 lb/ft'. The ground surface above the wall will be 
leve! (~=O) and there will be no surcharge 1oads. Compute the active pressure and express it 
as the equivalent flu id density, then compute the total force imposed by the backfill soils onto 
the wall and the back ofthe footing. 

Solution 

Gh = yKU = (124 Jb/ft 3)(0.271) = 34lb/ft3 - Answer 

Therefore, the retaining wall should be designed to retain a fluid that has a unit weight of 
34 lb/ft1

• The active earth pressure acts on both the wall and its footing, so H = 14ft. 

G H 2 
= _h_ 

2 
= {34lb/ft 3) (14 ft)2 

2 
= 3332lb/ft - Answer 

QUESTIONS AND PRACTICE PROBLEMS 

16.8 A 4 m tall cantilever wall is to be backfilled with a dense silty sand. How far must this wall 
move to attain the active condition in the soil behind it? Is it appropriate to use the active 
pressure for design? Explain. 
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16.9 A 3m tall cantilever retaining wall with a vertical back is to be backfilled with a soil that has 
an equivalent fluid density of6.0 kN/m>_ Compute the lateral force per meter acting on thc back 
ofthis wall. 

16.10 A proposed concrete retaining wall is to be built as shown in Figure 16.15. Using Rankine's 
method, compute the horizontal eomponent ofthe active earth pressure acting on the 14.3-ft tall 
dashed line and the passive earth pressure acting on the front of the footing. Present your 
rcsults as pressure diagrams. Thcn compute thc rcsultant ofthe active earth prcssure and the 
resultan! ofthc passive earth pressure and show them as horizontal p~int loads. 

Note: Another importan! force has not been eonsidercd in this analysis: The sliding friction 
force along the bottom ofthe footing. In a propcrly designed wall, the combination ofthis force 
and the resultant of the passive pressure is greater than the resultant active pressure with an 
appropriate factor of safety. 

Figure 16.15 Proposed retaining 
wall for Problems 16.1 O and 
16.1 1. 

16.11 Recompute the resultant of the active pressure in Problem 16.10 using Coulomb's method. 
Compare your answer to the value obtained in Problem 16.10. 

16.4 GROUNDWATER EFFECTS 

The discussions in this chapter have thus far assurned that the groundwater table is located 
below the base of the wall. If the groundwater table rises to a level abo ve the base of the 
wall, the following three important changes occur: 

l. The effective stress in the soil below the groundwater table will decrease, which 
decreases the active, passive, and at-rest pressures. 

2. Horizontal hydrostatic pressures will develop against the wall and must be 
superimposed onto the lateral earth pressures. 
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3. The effective stress between the bottom ofthe footing and the soil becomes smaller, 
so there is less sliding friction. 

The net effect of the first two changes is a large increase in the total horizontal pressure 
acting on the wall (i.e., the increased hydrostatic pressures more than offset the decreased 
effective stress). The resulting pressure diagram is shown in Figure 16.16. 

Figure 16.16 Theoretical 
lateral pressure distribution 
with shallow groundwater 
table. 

E.xample 16.5 

This cantilever wall has moved sufficiently to create the active condition. Compute the lateral 
pressure distribution acting on this wall with the groundwater table at locations a and b, as 
shown in Figure 16.1 7. 

The soil properties are: e= O, <P' = 30°, y= 20.4 kN/rn3
, and y,.,= 22.0 kN/m3 

Solution 

Use Rankine's Method. 

With the groundwater table ata: 

1 
a ~ az Kacos~ 

y zKacos~ 
20.4z(0.333)cos0 
6.79z 

wherez = depth below the top ofthe wall 
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~ = O :. Va = O (per Rankine) 

-¡ 

5.3 m 

Pressure 

Figure 16.17 Retaining wall for Example 16.7. 

With the groundwater table atb: 

a@z ~ 2.5m ~ o~ K cosR • a t-' 

~ ('f.yH- u)KacosP 

~ [(20.4 kN/m 3)(2.5 m) + (22.0 kN/m 3)(z - 2.5 m) - u](0.333) cosO 
~ 7.33z- 0.33u- 1.33 

u ~ 9.80 kN/m3(z - 2.5 m) z. O 

Total horizontal pressure on wall= a + u 

605 
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z Groundwater at a Groundwater at b 

o u o T ota1 Pressure 
(m) (kPa) (kPa) (kPa) (kPa) 

0.0 0.00 0.00 0.00 0.00 

0.5 3.40 0.00 3.40 3.40 

1.0 6.79 0.00 6.79 6.79 

l.5 10.19 0.00 10.19 10.19 

2.0 13.58 0.00 13.58 13.58 

2.5 16.98 0.00 16.98 16.98 

3.0 20.37 4.90 19.04 23.94 

3.5 23.77 9.80 21.09 30.89 

4.0 27.16 14.70 23.14 37.84 

4.5 30.56 19.60 25.19 44.79 

5.0 33.95 24.50 27.24 51.74 

5.3 35.99 27.44 28.46 55.90 

Example 16.5 demonstrates the profound impact of groundwater on retaining walls. 
If the groundwater table rises from a to b, the total horizontal force acting on the wall 
increases by about 30 percent. Therefore, the factor of safety against sliding and 
overtuming could drop from 1.5 to about 1.0, and the flexura! stresses in the stem would be 
about 30 percent larger than anticipated. There are two ways to avoid these problems: 

l. Design the wall for the highest probable groundwater table. This can be very 
expensive, but it may be the only available option. 

2. Install drains to prevent the groundwater from rising above a certain leve!. These 
could consist of weep hales drilled in the face of the wall or a perforated pipe drain 
installed behind the wall. Drains such as these are the most common method of 
designing for groundwater. 

Further problems can occur ifthe groundwater becomes frozen and ice lenses form. 
The same processes that cause frost heave at the ground surface also produce large 
horizontal pressures on retaining walls. This is another good reason to provide good surface 
and subsurface drainage around retaining walls. 

QUESTIONS ANO PRACTICE PROBLEMS 

16.12 Using a groundwater table at Leve! A and Rankine's method, compute the lateral earth pressure 
acting on the back of the wall in Figure 16.18. Present your results in the form of a pressure 
diagram, then compute the total force acting on the wall and the bending moment at the bottom 
ofthe stem. 
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Figure 16.18 Proposed retaining 
wall for Problems 16.12 and 
16.13. 

12ft 
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:.:.:.:.:=.t.·:· .. ··. 
. 4ft . 
. ·.~·t·: ... :·. 

¡-;-~t-.'-·--.!. ~·-".'-c-.. _:_· _·.:.,· ,...· _,:__~~~-· .B . 

14ft 

Fine-to-medium sand · 

·.·.e" = O· · 
· .. ljl' = 36 .. · : .. 

·. 'Y= 122 lb/ft3•: ... 
. 3 . 

.. . . · 'Ysat = 127 Ib/ft· · .. 

16.13 Using the information from Problem 16. 12 and a groundwater table at Leve! B. recompute tbe 
lateral and hydrostatic earth pressures acting on the back of the wall. Present your results in the 
form of a pressure diagram, then compute the total force acting on the wall and the bending 
mornent at the bottom uf the stern. Compare this moment with that computed in Problem 16.12. 

16.5 RETAINING WALLS 

Geotechnical engineers often participate in the design of retaining walls (also known as 
earth retaining structures). These are vertical or near-vertical walls that retain soil or rack, 
as shown in Figure 16.1. Many kinds of retaining structures are available, each best suited 
for particular applications. Foundation Design: Principies and Practices discusses the 
selection, analysis, and design of retaíning walls in detail. This sectíon is a brief 
introduction to the topic. 

O'Rourke and Jones (1990) classified retaining walls into two broad categories: 
externally stabilízed systems and infernal/y stabilized systems, as shown in Figure 16.19. 
Sorne hybrid methods combine features from both systems. 

Externally Stabilized Systems 

Extemally stabilized systems are those that resist the applied earth loads by vírtue oftheir 
weight and stiffness. This was the only type of retainíng structure available before 1960, 
and they are still very common. O'Rourke and Jones subdivided these structures into two 
categories: gravity walls and in-situ walls. 
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ln-Situ Walls 

• Sheet pi le 
-Steel 
-Concrete 

• Soldier pile 
• Cast in-situ 

-Siurry 
-Secan! 
-Tangent 

• Soil cernen! 

Lateral Earth Pressures and Retaining Walls Chap. 16 

Earth· Retaining Structures 

Gravity Walls 

• Massive 
- Stone 
- Unreinforced masonry 
- U nre inforced concrete 

• Cantilever 
- Reinforced masonry 
- Reinforced cement 

• Counterfort and buttress 
• Gabion 
•Crib 
·Bin 
• Cellular cofferdam 

Reínforced Soils ln-Situ Reinforcement 

• Reinforced earth • Soil nailing 
• Geotextile • Rcticulated micropiles 

Cantilevered Braced Tíed-Back 

• Cross-lot • Augered 
• Rakers - Straight 

- Belled 
• Pressure-injected 
• Screw 
• Deadman 

Hybrid Systems 

• Tailed gabions 
• Tailed masonry 

Figure 16.19 Classification ofretaining walls (Adapted from O'Rourke and Jones, 1990; U sed with 
perrnission of ASCE). 

Gravity Walls 

Massive Gravity Walls 

The earliest retaining structures were massive gravity wa/ls, as shown in Figure 16.20. They 
were often· made of mortared stones, masonry, or unreinforced concrete and resisted the 
lateral forces from the backfill by virtue oftheir Iarge mass. The construction ofthese walls 
is very labor-intensive and requires large quantities of materials, so they are rarely used 
today except for very short walls. 

Cantilever Gravity Walls 

The cantilever gravity wall, shown in Figure 16.21, is a refinement ofthe massive wall. 
These walls have a much smaller cross-section and thus require much less material. 
However, these walls have large flexura] stresses, so they are typically made ofrcinforced 
concrete or reinforced masonry. 
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Figure 16.20 Massive gravity wall. 

Figure 16.21 A cantilever gravity wall with a concrete block 
stem. 

609 
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Crib Walls 

A crib wall, shown in Figure 16.22, is another type of gravity retaining structure. It consists 
of precast concrete members linked together to form a crib. These members resemble a 
child's Lincoln Log toy. The zone between the members is filled with compacted soil. 

Figure 16.22 A crib wall. 

ln-Situ Walls 

In-situ walls differ from gravity walls in that they rely primarily on their flexural strength, 
not their mass. 

Sheet Pile Walls 

A sheet pi/e is a thin. wide pile driven into the ground using a pile hammer. A series of 
sheet piles in a row forma sheet pile wall, a8 shown in Figure 16.23. Most sheet piles are 
made of steel, but sorne are made of reinforced concrete. 

Figure 16.23 A sheet pile 
wall. 



Sec. 16.5 Retaining Walls 611 

It may be possible to simply cantilever short sheet piles out ofthe ground, as shown 
in Figure 16.24. However, taller sheet pile walls usually need lateral support at one or more 
levels above the ground. This may be accomplished in either of two ways: by interna! 
braces or by tieback anchors. 

Intemal braces are horizontal or diagonal compression members that support the wall, 
as shown in Figure 16.24. Tieback anchors are tension members drilled into the ground 
behind the wall. The most common type is a grouted anchor with a steel tendon. 

Walcr Groutcd T ieback Ancho r 

Brace 

Sheet- Sheet-
~~ ~k 

/wall / Wall 

Canlilever Wall Wall with 
lntemal Bracing 

Wall W llh 

T icback Anchors 

Waler 

Shcct
Pilc 

/Wall 

Figure 16.24 Short sheet pile walls often can cantilever, but taller walls usually require bracing or tieback 
anchoes. 

Soldier Pile Walls 

Soldier pite walls consist of vertical wide flange steel members with horizontal timber 
lagging, as shown in Figure 16.25. They are often used as temporary retaining structures 
for construction excavations. 

Figure 16.25 A soldier piJe wall. 
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Slurry Walls 

Slurry walls are cast-in-place concrete walls built using bentonite slurry. The contractor 
digs a trench along the proposed wall alignrnent and keeps it open using the slurry. Then, 
the reinforcing steel is inserted and the concrete is placed using tremie pipes or purnps. As 
the concrete fills the trench, the slurry exits ¡¡t the ground surface. 

Slurry walls have been used as basement walls in large urban construction, and often 
eliminate the need for temporary walls. 

lnternally Stabilized Systems 

Internally stabilized systems reinforce the soil to provide the necessary stability. Various 
schemes are available, all of which have been developed since 1960. They can be 
subdivided into two categories: reinforced soils and in-situ reinforcement. 

Reinforced Soils 

Soil is strong in compression, but has virtually no tensile strength. Therefore, the inclusion 
of tensile reinforcing members in a soil can significantly increase is strength and load
bearing capacity, much the same way that placing rebars in concrete increases its strength. 
The resulting reinforcing soil is calledmechanically stabilized earth (MSE) 

Often MSE is used so that slopes may be made steeper than would otherwise be 
possible. Thus, this method forms an intermediate alternative between earth slopes and 
retaining walls. This method is discussed in Section 19.7. 

MSE also may be used with vertical or near-vertical faces, thus forming a type of 
retaining wall. In this case, it becomes necessary to place sorne type of facing panels on the 
vertical surface, even though the primary soil support comes from the reinforcement, not the 
panels. Such structures are called MSE wal/s. The earliest MSE walls were developed by 
Henri Vidal in the early 1960, using the trade name reinforced earth. This design uses strips 
of galvanized steel for the reinforcement and precast concrete panels for the facing, as 
shown in Figures 16.26 and 16.27. 

Many other similar methods also are used to build MSE walls. The reinforcement can 
consist of steel strips, polymer geogrids, wire mesh, geosynthetic fabric, or other materials. 
The facing can consist of precast concrete panels, precast concrete blocks, rock filled cages 
calledgabions, or other materials. Sometimes the reinforcement is simply curved around 
to form a /!Pe of facing. Figure 16.28 shows an MSE wall being built using wire mesh 
reinforcement and gabion facing. 

MSBwalls are becoming very popular for many applications, especially for highway 
projects. Their advantages include low cost and tolerance of differential settlements. 
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Figure 16.26 Reinforced earth 
w.afls consist of precast 
concrete facing panels and steel 
or polymer reinforcing strips 
that·extend into the retained 
soil. This wall is under 
construction (The Reinforced 
Earth Company). 

Figure 16.27 A completed 
reinforced earth wall (The 
Reinforced Earth Company). 

Figure 16.28 An MSE wall 
under construction using 
galvanized wire mesh as the 
tensile reinforcement and rock
filled cages called gabions for 
the facing (Federal Highway 
Administration). 
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ln-Situ Reinforcement 

In-si tu reinforcement methods differ from reinforced soils in that the tensile members are 
inserted into a soil mass rather than being embedded during placement of fill. 

Soil Nailing 

Soil nailing consists of drilling near-horizontal boles into the ground, inserting steel tendons, 
and grouting. The face of the wall is typically covered with shotcrete, as shown in 
Figure 16.29. 

These walls do not require a construction excavation, and thus are useful when space 
is Jimited. 

Reinforced Shotcrete Face 

Fl¡ure 16.29 A soil nail waiL 

SUMMARY 

Major Polnts 

l. Lateral earth pressures are those imparted by soil onto vertical or near-vertical 
structures. These pressures include both compression and shear. 

2. The c6éfficient of lateral earth pressure, K, is the ratio of the horizontal to vertical 
effective stresses. In undisturbed soil, it has a value equal to the coefficient of lateral 
earth pressure at-rest, K0 . However, ifthe structure (usually a retaining wall) moves 
a sufficient distance out from the back:fill, the soil reaches the active condition, and 
K drops toa lower value, K •. Conversely, ifthe structure moves a sufficient distance 
toward the back:fill, the soil reaches the passive condition. and K rises toa higher 
value, KP. 

3. The active and passive earth pressures may be computed using classical earth pressure 
theories. Coulomb's theory and Rankine's theory are the most commonly used. 
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4. Ifthe groundwater table is located above the base ofthe wall, the resulting hydrostatic 
pressures will significantly increase the total force acting on the wall. In sorne cases, 
these hydrostatic pressures may be greater than the lateral earth pressures from the 
soil. Therefore, it is very important for walls to have good drainage. 

5. Retaining walls are vertical or near-vertical structures designed to retain soil or rock. 
Many different types are available. Externally stabilized walls•resist the applied loads 
by virtue of their weight and stiffness, whereas internally stábilized walls rely on 
reinforcement within the ground. ".// 

6. Externally stabilized walls include gravity walls and in-situ walls. 
7. Internally stabilized walls include reinforced soils (also known as mechanically 

stabilized earth or MSE) and in-situ reinforced walls. 

Vocabulary 

active condition 
at-rest condition 
cantilever gravity walls 
cantilever wall 
coefficient of active earth 

pressure 
coefficient of lateral earth 

pressure 
coefficient of lateral earth 

pressure at rest 
coefficient of passive earth 

pressure 
Coulomb' s theory 
crib walls 

earth retaining structure 
equivalent fluid density 
externally stabilized 

systems 
flexible wall 
gravity walls 
in-situ walls 
interna] braces 
internally stabilized 

systems 
lateral earth pressure 
limit equilibrium analysis 
massive gravity walls 
passive condition 

plane strain condition 
Rankine' s theory 
reinforced earth walls 
retaining wall 
reticulated rnicropiles 
rigid wall 
sheet pile walls 
slurry walls 
soil nailing 
soldier pile walls 
tieback anchors 
unyielding wall 
yielding wall 

COMPREHENSIVE OUESTIONS ANO PRACTICE PROBLEMS 

16.14 A massive gravity wall is to be built on a hard bedrock, then backfilled with a very Ioose 
uncompacted cohesionless soil. Which should be used for the design earth pressure acting on 
the back ofthis wall, the at-rest pressure, the active pressure, or the passive pressure? Why? 

16.15 Explain the difference between extemally stabilized retaining walls and intemally stabilized 
retaining walls. 

16.16 What is mechanically stabilized earth, and how does it work? 
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Structural Foundations 

... and we can .mve 1000 Lira 
by not conducting soil studies! 

Imaginary conversation between architects 
and builders of the Tower of Pisa, 

circa AD 1 170 

The structural elements that connect buildings, bridges, and other structures to the ground 
are cal!edfoundatíons. These elements are very important, because the safety and reliability 
of the structure can be no better than that of its foundations. 

Geotechnical engineers are routinely involvcd in both the design and construction of 
structural foundations. The design phasc is normally performed in conjunction with a 
structural engineer, with thc geotechnical engineer being responsible for aspects of the 
design that relate to the soil or rock that supports the foundation, and the structural engineer 
takíng care of structural integrity issues. During thc construction phase, the geotechnical 
engineer works with the contractor and is responsible for comparing the soil conditions 
actually encountered with those anticipated in the design, providing various quality control 
services, an~ developing revised design recommendations as needed. 

17. 1 TYPES OF FOUNDATIONS 

The purpose of foundations is to safely transmit structural loads into the ground. The 
primary loads usually act downward, but uplift, horizontal, and moment loads also may be 
present. 

616 



Sec. 17.1 Types of Foundations 617 

Many kinds of foundations are available, and the proper selection depends on the 
magnitude and direction of the structuralloads, the subsurface conditions, and other factors. 
For convenience, we divide foundations into two broad categories: shallow foundations and 
deep foundations. 

Shallow Foundations 

Shallow foundations are those that transrnit the structuralloads to the near-surface soil or 
rock. There are two types: spread footings and mats, as shown in Figure 17 .1. 

A spread footing foundation is an enlargement at the bottom of a colurnn or a bearing 
wall that spreads the structuralload over a certain area of soil. They are nearly always made 
of reinforced concrete. The required footing size depends on the magnitude of the load, the 
engineering properties of the underlying soils, and other factors. 

A mat foundation (also known as a raft foundation) is essentially one large spread 
footing that encompasses the entire structure. They spread the weight of the structure across 
a larger area, thus reducing the induced stresses in the underlying soils. Mata also have the 
advantage of structural continuity and thus reduce the potential for differential settlements. 
Mats are generally used on structures that are too heavy for spread footings, but not heavy 
enough to warrant a more expensive deep foundation system. 

p 

Spread footing 

Figure 17.1 Shallow foundations. 

Deep Foundations 

Deep foundations are those that transrnit sorne or all of the structuralloads to deeper soil or 
rock, as shown in Figure 17.2. Such foundations are most often used with larger structures, 
or when the shallow soils are poor. 

Many kinds of deep foundations are available. We can divide them into three broad 
categories: 

• Piles are prefabricated poles made of steel, wood, or concrete, that are driven into the 
gro un d. 
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• Drilled shafts are constructed by drilling cylindrical boles into the ground, inserting 
reinforcing steel, and filling them with concrete. 

• Other types include various hybrid methods, and other techniques. 

p 

Figure 17.2 Deep foundations. 

Focus of This Chapter 

This chapter is only a brief introduction to structural foundations, so we will consider only 
spread footing foundations, which are the simplest and most common type. Foundation 
Design: Principies and Practices (Coduto, 1999), the companion volume to this book, 
discusses foundation engineering in much more detail, and covers the other types of 
foundations. 

Spread footings may be built in a variety of shapes to suit individual needs, as shown 
in Figure 17.3. The most common shape is a squarefooting, which usually supports a single 
column. Combined footings are those that support more than one column. Continuous 
footings sup~rt bearing walls. Most continuous footings are linear, but sorne, such as those 
that suppmt~the exterior wall of a tank, are circular, thus forming a ring footing. Figure 17.3 
also shows the dimensions B, L, D, and T, which we use to describe the size of spread 
footings. • 

17.2 SPREAD FOOTINGS - BEARING PRESSURE 

During the late nineteenth and early twentieth centuries, engineers realized the design of 
spread footings could be based on the contact pressure between the footing and the ground 
that supports it. This pressure is called the bearing pressure (or gross bearing pressure), q: 
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Square 
Rectangular 

Circular 

Continuous 

Combined 

Figure 17.3 Spread footing shapes and dimensions. 
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q 

where: 
q = bearing pressure 

Structural Foundations 

P + W1 _ u 
A 

Chap. 17 

(17.1) 

P = vertical column load 
W1 = weight of foundation 
A= base area of foundation (B 2 for square footings or BL for rectangular footings) 
u = pore water pressure at bottom of footing (i.e., ata depth D below the ground 

surface) 

The pore water pressure terrn accounts for uplift pressures (buoyancy forces) that 
would be present if a portion of the foundation is below the groundwater table. If the 
groundwater table is ata depth greater than D, then set u= O. 

The weight of the foundation, W1 , may be expressed as: 

where: 

W¡ 

A 
Y,. D 

y,. = unit weight of concrete= 150 lb/ft 3 = 23.6 kN/m 3 

D = depth of footing 

(17.2) 

Combining Equations 17.1 and 17.2 gives the bearing pressure equation for square, 
rectangular, and circular footings: 

q 
p 

+ YcD - u 
A 

(17.3) 

For continuous footings, we express the applied loads as a force per unit length, such 
as 2000 kNim. For ease of computation, we identify this unit length as b, which is usually 
1 m or 1 ft as shown in Figure 17 .4. Thus, the load is expressed using the variable Plb. 

The bearing pressures for continuous footings is then: 

q Plb 
+ YcD - u 

B 
(1 7.4) 
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If the column or wallload is vertical and acts 
through the centro id of the footing, and no moment 
loads are present, then we assume the bearing 
pressure is uniforrn across the bottom of the footing. 

Sometimes engineers prefer to use the net 
bearing pressure, q', which is the difference 
between the gross bearing pressure, q, and the a w' 

at depth D. In other words, q' is a measure of the 
increase in vertical effective stress at depth D. 
However, in this book we will use only the gross 
bearing pressure, as defined in Equations 17.3 and 
17.4. 

The two most important geotechnical design 
requirements for spread footings are bearing 
capacity and settlement. We analyze both of them 
in terrns of the bearing pressure. 

Figure 17.4 Definitions for loads on 
continuous footings. 

17.3 SPREAD FOOTINGS - BEARING CAPACITY 

621 

A bearing capacity failure occurs when the shear stresses induced by the footing exceed the 
shear strength of the soil, as shown in Figure 17 .5. Such failures are catastrophic, and thus 
must be avoided. This need to prevent a bearing capacity failure is called a strength 
requirement and is similar to structural engineers' requirements for strength of structural 
members. 

Figure 17.5 Bearing capacity failure. 

Terzaghi's Bearing Capacity Formulas 

The ultimate bearing capacity, q ulr, is the bearing pressure required to produce a bearing 
capacity failure. The value of q ulr depends on the size and depth of the footing and on the 
strength of the underlying soils. Once we know its value, we can design the footing so that 
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the actual bearing pressure is sufficiently smaller than q"1' to provide an adequate factor of 
safety against a bearing capacíty failure. 

In 1943, Karl Terzaghi dcveloped the first widely accepted formulas for computing 
ultimate bearing capacity. His analysis was based on a bearing capacity theory for 
continuous footings because this is a two dimensional problem, and thus is the simplest case. 
He evaluated the shear stress and shear strength along a failure surface with a certain 
geometry, then wrotc an equation of equilibrium in terms of q uir· He then extended this 
equation to square and circular footings by incorporating empirical coefficients. Terzaghi' s 
formulas are as follows (Terzaghi, 1943): 

For square footings: 

For continuous footings: 

For circular footings: 

where: 
q"11 = ultimate bearing capacity 
e' = effective soil cohesion 

( 17.5) 

( 17.6) 

( 17.7) 

0 0 ' =vertical effective stress at depth D below the ground surface 
(a o'= yD if depth to groundwater table is greater than D) 

y ' = effective unit weight of the soil (y'= y if the groundwater table is very deep; 
see discussion later in this section for shallow groundwater conditions) 

D = depth of footing below ground surface 
B·= width (or diameter) of footing 

Nc, Nq, N r = bearing capacity factors = /( <!>')- see Table 17.1 

Terzaghi's equations also may be used in a total stress analysis. In that case, substitute cT, 

<1>7' and a0 for e' , <P', and a0 ' . If saturated undrained conditions exist, we may conducta 
total stress analysis with the shear strength defined as e T = s" and <P T = O. In this case, 
Nc = 5.7, Nq = l. O, and Nc = 0.0. 
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TABLE 17.1 BEARING CAPACITY FACTORS FOR TERZAGHI'S EOUATIONS 

<P ' (deg) N e 

o 5.7 
f • 6;0 
2 6.3 
3 6.6 
4 7.0 
5 7.3 
6 73 
7 . 8.2 
8 ito 
9 9.1 

10 9.6 
11 10.2 
12 10.8 
.13 11.4 
l4 12.1 
15 12.9 
16 13.7 
17 14.6 
18 15.5 
19 16.6 

1.3 
1.5 
1.6 
1.8 
2.0 
2.2 
2.4 
2.7 
3.0 
3.3 
3.6 
4.0 
4.4 
4.9 
5.5 
6;0 
6.7 

0.0 
0.1 
0.1 
0.2 
0.3 
0.4 
0.5 
0.6 
0.1 
0.9 
1.0 
1.2 
lA 
1Jj < 
ut<. 
2.2 
2.5 
2.9 
33 
3,8 

<j:l ' (dcg) Nc 

20 nt. 
21> l$;9 
21' ··· :. 20.3 

7.4 
8.3 
9.2 

23 
24 
25 
26 

·. 27 
28 
29 
30 
31 
32< .. 

,3 3< 

34 
35 
36 
37 
38 
39 

21.7 10.2 
23.4 11.4 
25. 1 12.7 
:n~f 14.2 
2?:2 15.9 
3-1.6 l7J~ 
34.2 20.0 
37.2 22.5 
40.4 25 .3 
-44;o 28.5 
48;1 32.2. 
52.6 36.5 
57.8 41.4 
63.5 47.2 
70.1 53.8 
17.5 61.5 
86~0 70.;6 
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·· ·· 4.4 
5.1 
5.9 
6.8 
7.9 
9.2 

10.7 
12.5 
14.6 
17.1 
20.1 
23.7 
28.0 
33.3 
39.6 
47.3 
56.7 
68.1 
82.3 
99.8. 

Although subsequent work has produced formulas that are more versatile and slightly 
more precise, Terzaghi's formulas are still widely used, and are adequate for many practical 
design problems. 

Groundwater Effects 

A pparent Cohesion 

Sometimes soil samples obtained from the exploratory borings are not saturated, especial! y 
if the site is in an arid or semi-arid area. These soils have additional shear strength dueto 
the presence of apparent cohesion, as discussed in Chapter 13. However, this additional 
strength will disappear if the moisture content increases. Water may come from landscape 
irrigation, rainwater infiltration, leaking pipes, rising groundwater, or other sources. 
Therefore, we do not rely on the strength due to apparent cohesion. 

In order to remove the apparent cohesion effects and simulate the "worst case" 
condition, geotechnical engineers usually wet the samples in the lab prior to testing. This 
may be done by simply soaking the sample, or, in the case of the triaxial test, by 
backpressure saturation. However, even with these precautions, the cohesion measured in 
the laboratory test may still include sorne apparent cohesion. Therefore, we often perform 
bearing capacity computations using a cohesion value less than that measured in the 
Jaboratory. 
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Pore Water Pressure 

If there is enough water in the soil to develop a groundwater table, and this groundwater 
table is within the potential shear zone, then pore water pressures wiU be present, the 
effective stress and shear strength along the failure surface will be smaller, and the ultimate 
bearing capacity will be reduced (Meyerhof, 1955). We must consider this effect when 
conducting bearing capacity computations. 

When exploring the subsurface conditions, we determine the current location of the 
groundwater table and worst-case (highest) location that rnight reasonably be expected 
during the life of the proposed structure. We then determine which of the following three 
cases describes the worst-case field conditions: 

• Case 1: D,. s D 
• Case 2: D < D,. < D + B 
• Case 3: D+B s D ... 

All three cases are shown in Figure 17 .6. 

Figure 17.6 Three groundwater cases for bearing capacity analyses. 

We account for the decreased effective stresses along the failure surface by adjusting 
the effectiye unit weight, y 1, in the third term of Equations 17.5- 17.7 (Vesié, 1973). The 
effectivtftinit weight is the value that, when multiplied by the appropriate soil thickness, will 
give the v,~rtical effective stress. lt varies between the buoyant unit weight, y b• and the unit 
weight, y, depending on the position of the groundwater table. We compute y' as follows: 

For case 1 (D,. s D): 

(17.8) 
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For case 2 (D <D., < D+B): 

y' = y- Yw( 1-( Dw;DJ) (17.9) 

For case 3 (D+B ::; D,.; no groundwater correction is necessary): 

y' =y (17.10) 

In case 1, the second term in the bearing capacity formulas also is affected, but the 
appropriate correction is implicit in the computation of a 0 ' . 

If a total stress analysis is being performed, do not apply any groundwater correction 
because the groundwater effects are supposedly implicit within the values of Cr and <Pz.. In 
this case, simply use y' = y in the bearing capacity equations, regardless of the groundwater 
table position. 

Allowable Bearing Capacity 

We compute the allowable bearing capacity, qa, using: 

~ 
~ 

(17.11) 

The required factor of safety, F, depends on the type of structure, the type of soil, and 
other factors, and typically is between 2.0 and 3.5. Low factors of safety might be used for 
non-critical structures on sandy soils with extensive si te characterization, while high factors 
of safety would more often be used for critical structures on clayey soils with mínima! site 
characterization. 

We then satisfy bearing capacity requirements by designing the footing such that 
q ::; qa. Typically, P, e, <j>, y, and the groundwater conditions are fixed, so the only 
parameters we can vary are the footing dimensions B and D. If the soil is homogeneous, 
increasing D generally has very little impact, so we usually satisfy bearing capacity 
requirements by specifying a mínimum required footing width, B. Normally both B and D 
are expressed as multiples of 100 m'm or 3 in. 

Example 17.1 

Compute the factor of safety against a bearing capacity failure for the square spread footing 
shown in Figure 17.7 with the groundwater table at Position A. 
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Figure 17.7 Proposed spread footing for Eumple 17.1. 

Solution 

D=2ft 
Dw= 7ft 

D+B=6ft 

a~ = yD-u = (12llb/ft 3 )(2ft) - 0 = 242lb/ft2 

D + B ;!; D..,, so groundwater case 3 applies- y ' = y 

PerTable 17.1 - Nc=40.4, Nq=25.3, Ny= 23.7 when <1>' = 31 o 

qu11 = 1.3c 1N, + a~Nq + 0.4y1BNr 

= o + (242lb/ft 2 )(25.3) + 0.4(121 lb/ft 2 )(4 ft)(23.7) 
= l0,710 lb/ft 2 

q = !._ + y , D - u = 76•000 lb + (150 1b/ft 3) (2ft) - O = 5050 lb/ft 2 

A (4ft)2 

Because we are computing the factor of safety for a given bearing pressure, we rewrite 
Equation 17.11 in terms of q instead of q. : 

F = qult l0,710 lb/ft
2 

= Z.l - Answer 
q 5,050 lb/ft 2 
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Comments 

For clean sands, a factor of safety of 2.1 would probably be marginally acc:eptable. 

Example 17.2 

Sometime after construction, the groundwater table in Example 17.1 rose to Position B. 
Compute the new factor of safety against a bearing capacíty failure. 

Solution 

D= 2ft 
Dw= 3ft 

D + 8 =6ft 

D < D w < D + B, so groundwater case 2 applies 

Comments 

y l =y_ Yw( 1 -( Dw; D)) 

= 1211b/ft 2 
- 62.41b/ft 2

( 1 - ( 
3 f~ ~t2 ft)) 

= 74.21b/ft 2 

q
1111 

1.3c 1N,. + a~Nq + OAy'BNY 

= o + (2421b/ft 2 )(25.3) + 0.4(74.2lb/ft 2)(4 ft)(23.7) 
= 8,936lb/ft 2 

8,936 lb/ft 2 

5,050 1b/ft 2 
1.8 = Answer 

The rising groundwater table has dropped the factor of safety to 1.8. Although this is still above 
the theoretical failure va1ue of 1.0, it is less than the mínimum acceptable F. 

Example 17.3 

A 1350 kN column load is to be supported on a square spread footing founded in a el ay with 
s, = 150 kPa. The depth of embédment, D, will be 500 mm, and the soil has a unit weight of 
18.5 kN/m3

• The groundwater table is ata depth below the bottom of the footing. Using a 
factor of safety of 3.0, determine the required footing width. 

Solution 

Per Table 17.1, N, = 5.7, Nq= 1.0, N y= 0.0 for <!>=O 
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a~ = y D - u = (18.5 kN/m 3 )(0.5 m) - O = 9 kPa 

qult = 1.3cN,. + aDNq + 0.4yi8N1 
1.3(150 kPa)(5.7) + (9 kPa)(l.O) + O 
1121 kPa 

1121 kPa = 374 kPa 
3.0 

p 
qa = q = - + Y,.D - U 

82 

374 kPa 1350 kN + (23.6 kN/m 3)(0.5 m) - O 
82 

B 1.93 m 

Chap. 17 

Nonnally spread footing dimensions are expressed as multiples of 3 in or 100 mm. Therefore, 
round up to B == 2.0 m - Answer 

Example 17.4 

A bearing wall for a proposed buildi ng is to be supported on a 24 in deep continuous footing 
founded in an unsaturated clayey sand (SC). The load from this wall will be 4.0 klft, and the 
soil has e' = 100 lb/ft 2, <!>' = 28 o , and y = 119 lb/ft 3. The groundwater table is at a very great 
depth. Compute the required footing width to maintain a factor of safety of 3.0 against a 
bearing capacity fa ilure. 

Solution 

a~ = y D- u = (119lb/ft 3)(2 ft)- O = 2381b/ft 2 

qult = c 1 Nc + a~Nq + 0.5y
1
8Ny 

= (1001b/ft 3)(31.6) + (238lb/ft 3)(17.8) + 0.4(119lb/ft 3)B(14.6) 
= 7396lb/ft 2 

+ 695 8 
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F 

Plb 
q 

B 

73961b/ft 2 + 6958 
3.0 

2465 lb/ft 2 
+ 232 B 

+ y,D - u 
4000 lb/ft + (150 lb/ft 3)(2 ft) - o 

B 

Setting q"" q" and solving for B gives B"" 1 ft 9 in - Answer 

QUESTIONS ANO PRACTICE PROBLEMS 
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17.1 A 5 ft square, 3 ft deep footing supports a column load of 11 O k. The groundwater table is at 
a depth greater than 3 ft. Compute the bearing pressure. 

17.2 An 800 mm wide, 400 mm deep continuous footing supports a wallload of 120 kN/m. The 
groundwater table is ata great depth. Compute the bearing pressure. 

17.3 A proposed column is to be supported by a 1.5 m wide, 0.5 m deep square footing. The soil 
beneath this footing is a silty sand with e' ""O,<!> ' "" 29°, and y"" 18.0 kN/m3

• The groundwater 
table is at a depth of 1 O m below the ground surface. The factor of safety against a bearing 
capacity failure must be at least 2.75 . Compute the maximum allowable column load. 

17.4 A 39 inch wide, 24 inch deep continuous footing supports a wallload of 12 klft. This footing 
ís underlain by a fine-to-medium sand with e' "" O,<!> ' "" 31 °, and y"" 122 lb/ft~ The 
groundwater table is currently ata depth of 1Oft below the ground surface, but could rise to 4ft 
below the ground surface during the life of the project. The factor of safety against a bearing 
capacity failure must be at least 3.0. Is the design acceptabJe? Provide computations to justify 
your answer. Comment on any special considerations. 

17.5 A 949 kN column load is to be supported on a square spread footíng that will be underlain by 
a clayey silt with s" = 125 kPa and 'f = 18.0 kN/m3

• The bottom of this footing will be l. O m 
below the ground surface, and the groundwater table is more than 30m below the ground sur· 
face. Using a factor of safety of 3.0, compute the required footing width. 

17.6 A proposed cylindrical stee1 water tank is to be built on a medium clay that has an undrained 
shear strength of 31 kPa. The tan k diameter will be 35.0 m, and it will contain 10.0 m of water. 
Its empty mass will be 253,000 kg. Assuming both the weight of the empty tank and that of 
the water are spread evenly along the bottom, compute the factor of safety against a bearing 
capacity failure. ls this factor of.safety acceptable? If not, how could the design be modified 
to provide an acceptable F? Use D =O. 

Note: Although a ring footing would be present along the perimeter of this tank to support the 
weight of the walls, the live load (i.e., the weight of the water) is spread evenly across the 
bottom of the tank. This Ji ve load ís a large fraction of the total load, so the bearing capacity 
analysis should be based on a circular load with a diameter equal to the diameter of the tank. 
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17.4 SPREAD FOOTINGS - SETTLEMENT 

The structuralloads applied to spread footings increase the vertical effective stress in the 
soils below, thus causing the footings to settle. Footings must be designed so this settlement 
does not exceed the tolerable settlement, thus protecting the structure from excessive 
movement. This criteria is called a serviceability requirement because it is controlled by 
the ability of the structure to perfonn properly, not by a threat of catastrophic failure. 

There are two settlement requirements for structural foundations: 

Total settlement, 5, is the change in footing elevation from the original unloaded 
position to the final loaded position. For buildings, the allowable total settlement, 
5" , depends on the need for maintenance of smooth pedestrian and vehicle access, 
avoidance of utility line shearing, maintenance of proper surface drainage, aesthetics, 
and other considerations. 

Differential settlement, 50 , is the difference in total settlement between two 
foundations or between two points on a single foundation. These differences are due 
to non-uniformities in the soil, differences in the structural loads, construction 
tolerances, and other factors. For buildings, the allowable differential settlement, 
5 Da , depends on the ability of doors, windows, and elevators to operate if the building 
becomes distorted, the potential for cracks in the structure, aesthetics, and other 
similar concems. 

The structural engineer usually determines the maximum allowable total and 
differential settlements, then the geotechnical engineer performs settlement analyses to 
determine how to design the footings so the actual settlements do not exceed the allowable 
settlements (o ~ 5" and 5 v s o va ). These analysis methods predict the total settlement, 5, 
based on the loads, the soíl properties, and the footing geometry. The differential settlement 
expected to occur in the field is taken as sorne percentage of the total settlement or, in the 
case of erratic soil profiles, as the difference in results between two total settlement 
anal y ses. 

If the settlement of a proposed footing is excessive, the design must be modified 
accordingly, usually by increasing B (thus decreasing q). Settlement requirements often 
dictate a larger B than needed to satisfy bearing capacity requirements, and the final design 
must use the larger of the B values obtained from these two analyses. 

Footings on Clays and Silts 

Settlement analyses for footings on clays and silts are similar to those described in 
Chapter 11. However, there are two additional issues that need to be considered: the 
computation of a,¡' and the flexura! rigidity of the footing. 
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Computation of Oz/ 

The final vertical effective stress, a ,J, in the soil beneath the center of a spread footing is: 

where: 
a,0 ' = initial vertical effective stress beneath center of footing 
a,J =final vertical effective stress beneath center of footing 

(a,)induced = induced vertical stress beneath center of footing 

(17.12) 

When computing (a z)induad• be sure to consider the column or wallload, the weight of the 
footing, and the weight of the excavated soil. In other words, we need to use the net 
increase in stress. For spread footings, this is most easily done by modifying Equations 
10.25-10.28 as follows: 

For circular footings: 

(17.13) 

For square footings: 

(17.14) 

For continuous footings: 

(al) induced 
1 

(q-ov) 1-
(17.15) 
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For rectangular footings: 

where: 

+ ( _!!___ .. )1.38 • 0.62BIL 

2z
1 

260- 0.84B!L 

(a,)induad"' induced vertical stress beneath the center of footing 
q "' bearing pressure 

a0 ' "'vertical effective stress at depth D below the ground surface 
B "' width or diameter of footing 
L"' length of footing 

(17.16) 

Zr"' depth from bottom of footing to point where stress is to be computed 

The o 0 ' term in Equations 17.13-17.16 accounts for the effective weight of the excavated 
soil, while the q term accounts for the column load and the weight of the footing. 

Flexural Rigidity 

The value of (a ),nduced ata given depth Zr below the centerline of a loaded area is always 
greater than its value at the same depth below the edge of the loaded area. This difference 
is illustrated by the curves in Figures 10.9 and 10.1 O. Because the consolidation settlement 
depends on (o) induced• there will be more consolidation settlement below the center than 
below the edges. However, this conclusion is based on the assumption that the loaded area 
is perfectly flexible, and thus is able to settle more in center than at the edges. A steel tank 
such as the one described in Problem 17.6 is an example of such a load. However, a spread 
footing foundation is far from being flexible. lts structural rigidity is such that the 
settlement at the center will be essentially equal to that at the edge. Therefore, the actual 
settlement of a spread footing will be greater than that beneath the edge of a perfectly 
flexible load, but less than that beneath the center, as shown in Figure 17 .8. 

W e account for this behavior by computing the settlement beneath the center of a 
perfectly flexible load, then applying a rigidity factor, r, of 0.85. In other words, the 
settlement of a footing is about 85 percent of the settlement at the center of a perfectly 
flexible leáded area that has the same dimensions and the same q. 

Settlement Computations 

Settlement computations for spread footings often consider only consolidation settlement, 
and assume the consolidation is ene-dimensional. This is the method that will be presented 
here. Foundation Design: Principies and Practices presents an alternative method that 
considers both consolidation and distortion settlements, and three-dimensional effects. In 
sorne cases, secondary compression settlement also may be important. 
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Steel tank 

Foundation 

Figure 17.8 Influence of footing rigidity on settlement. The steel tank on the left is very 
flexible. so the center settles more than the edge. Conversely, the reinforced concrete footing 
on the right is very rigid, and thus settles unifonnly. 

633 

The settlement equations are the same as Equations 11.23- 11.25, except they now 
include the rigidity factor of 0.85: 

For nonnally consolidated soils (oz0' ::: o/): 

[ 
1 l e, ot.! o = 0.85 L H -- log -

1 + eo o' 
lO 

(17.17) 

For overconsolidated soils- case 1 (oz0' <o,; .s o / ): 

[ 
1 l e, ot.! o = 0.85 L H -- log -

1 + eo o' 
lO 

(17.18) 

For overconsolidated soils- case 11 (oz0' <oc' < o,j): 

[ '] [ ']] e, oc e, ot.! o = 0.85 L H --log - +--log -
l + eo o' 1 + eo o' 

lO e 

(17.19) 
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where: 
o = settlement 
H = thickness of soillayer 
ce= compression index 
e, = recompression index 
e0 = initial voíd ratio 

Structural Foundations Chap. 17 

o,0 ' = initial effective stress beneath the center of the footing at midheight of 
the soillayer (i.e., befare construction) 

o"' =final effective stress beneath the center of the footing at midheight of 
the soillayer (i.e., after construction) 

o,.' = preconsolidation stress at midheight of the soillayer 

TABLE 17.2 APPROXIMATE THICKNESSES OF SOIL LAYERS FOR MANUAL 
COMPUTATION OF SPREAD FOOTING SETTLEMENT 

Layer Number 

2 

3 

Approximate Layer Thickness 

Square Footing 

8 /2 

8 

28 

Continuous F ooting 

B 

28 

48 

l. Adjust the number and thíckness of the layers to account for changes in soil 
properties. Locate each !ayer entirely within one soil stratum. 

2. For rectangular footings, use !ayer thicknesses between those given for square and 
continuous footíngs. 

3. Use somewhat thicker layers (perhaps up to 1.5 times the thicknesses shown) ifthe 
groundwater table is very shallow. 

4. For quick, but less precise, analyses, use a single !ayer with a thickness of about 3B 
(square footings) or 6B (continuous footings). 

To apply these equations, divide the soil beneath the footing into layers, compute the 
settlement of each layer, and sum. As the number of layers becomes smaller, the precision 
of the computed settlement becomes greater, with a corresponding increase in computational 
effort. For hand computations, three layers are usually sufficient. Table 17.2 presents 
guidelines for selecting the !ayer thicknesses. For computer-based analyses, such as the one 
describedlater in this chapter, many more layers may be used, with a resulting increase in 
precision. 

Example 17.5 

Compute the settlement of the spread footing in Figure 17.9. The allowable total settlement, 
&,, is 20 mm. 
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220kN 

Figure 17.9 Proposed spread footing for Example 17.5. 

Solution 

( CJ~)sample = L y H - u = ( 18.3 kN/m 3)(2.5 m) - (9 .8 kN/m 3) (0.5 m) = 41 kPa 

1 1 1 am = oc - o,0 = 300 kPa - 41 kPa = 259 kPa 

o~ = y D - u = ( 18.3 kN/m 3)(0.5 m) - O = 9 kPa 

q = !... +y D - u = 220 kN +(23.6kN/m 3)(0.5m)-0 = llOkPa 
A e (1.5 m)2 

Layer 
H ce e, 

(m) 1 +e0 1 +e0 

0.8 OC-1 0.10 0.05 

2 1.6 OC-1 0.10 0.05 

3 3.2 OC-1 0.10 0.05 

:E= 
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Basis for computations: 
The !ayer thick:nesses are approximately equal to those in Table 17.2. They have been 
adjusted slightly for computational convenience 
o,o' - Equation 10.34 
(o,)indwc•d- Equation 17.14 
o,¡' -Equation 17.12 
O/ - Equation 11.17 
6- Equation 17.18 

The computed settlement is 52 mm - Answer 

Comments 

The computed settlement of 52 mm is greater than the allowable total settlement of 20 mm. 
Therefore, the footing width B needs to be increased until the settlement criteria is met. 

Example 17.6 

Compute the settlement of the spread footing in Figure 17.1 O. The allowable total settlement 
is 1.0 in. 

10.0 klft 

Figure 17.10 Proposed spread footing for Example 17.6. 

Solution 

(O~)sample = LYH- u = (12llb/ft 3)(13 ft)- (62.41b/ft 3)(3 ft) 1390 lb/ft 2 
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a~, = a; - a~ = 3000 lb/ft 2 
- 1390 lb/ft 2 = 161 O 1b/ft 2 

a~ = yD- u = (12llb/ft 3)(3 ft)- O = 363lb/ft 2 

= Plb +y D _ u 
q B e 

1 o,ooo lb/ft + ( 150 lb/ft 3) (3 ft) - o = 2950 lb/ft 2 

4ft , J 

Note: In this case, the cornputed value of q is slightly conservative because the excavation has 
been partially filled with concrete (y= 150 lb/ft 3

) and partly with soil (y= 121lb/ft3) . 

. :~¡¡:g¡ 
:i: :: 

Layer 
H 

Case 
ce e, 6 

(ft) 1 +e0 1 +e0 
(in) 

2 

3 

4.0 

8.0 

16.0 

The cornputed settlernent is 1.2 in - Answer 

Basis for computations: 
a,¡;' - Equation 10.34 

(a,)induud- Equation 17.15 
a,/ - Equation 17. 12 
a/ - Equation 11.17 
o- Equation 17.18 and 17.19 

Comments 

OC-II 

OC-1 

OC-1 

0.069 0.020 0.73 ' 

0.069 0.020 . 0.34 

0.069 0.020 "Q.J!i 
~ 

:E= 1.25 

The computed settlement of 1.2 in is greater than the allowable total settlement of 1.0 in, so the 
current design is not acceptab1e. This problern could be resolved by increasing B. However, 
another altemative would be t¿ excavate and recompact the upper 7 ft of soil (i.e., from the 
ground surface to the bottom of Layer 1) before building the footing. If this treatment raises 
the overconsolidation margin to at least 2500 lb/ft 2, then Layer 1 will change to OC-1 and the 
computed settlement will decrease to 1.0 in. This treatment a1so may decrease Ce, which would 
further decrease the settlement. 
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Footings on Sands and Gravels 

In theory, the methods used to predict settlement of spread footings on clays and sílts also 
could be used for sands and gravels. However, to use these methods, we would need to 
evaluate cr ande, in these soils, whích would be very dífficult or ímpossible because of the 
difficulties in obtaíning undisturbed samples. In Chapter 11 we overcarne this problem by 
usíng empírica! correlations with the relative density (see Table 11.3). This method also 
could be used with spread footings, but we choose to take a different approach. 

lf standard penetration test (SPT) data ís available from the field, we can predict the 
settlement of spread footings using dírect empírica! correlations. Severa! are available, 
including the modified Meyerhof formulas (Meyerhof, 1965): 

For B ~4ft (1.2 m): 

For B > 4 ft (1.2 m): 

ó 

ó 

where: 
ó = settlement (in; mm) 

0.0027 (q -a~) 

ÑwKd 

1 1.3 (q - aD) 

Ñ6o Kd 

1 

( B ~ ~r 
0.0040 (q- aD) 

ÑwKd 

1 

( B :0.3r 

2.0 (q - aD) 

Ñ6oKd 

q = bearing pressure (lb/ft 2; kPa) 

(1 7.20-English) 

(17.20-SI) 

(17 .21-Eng1ish) 

(17.21-SI) 

a,;'= vertical effectíve stress at depth D below the ground surface (lb/ft 2
; kPa) 

N60 =average SPT N60 value between the bottom ofthe footing anda depth 2 B 
below the bottom 

B = footing width (ft; m) 
Kd = depth factor= 1 +O. 33 DI B .<; 1.33 
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Note: When using Equations 17.20 and 17.21, you must express all variables 
using the units listed above. Thc unit conversion factors are built into thc 
equations. 

Do not correct the field N60 values for overburden, but do adjust them using 
Equation 17.22 when the soil is a dense silty sand below the groundwater table and N 60> 15. 

N60adjusted = 15 + 0.5(N60tleld- 15) ( 17.22) 

Meyerhof suggested the groundwater table effects would be implicitly incorporated 
into the SPT results. However, consider adjusting the measured N60 va\ues ifthe sand was 
dry during testing but may become saturated later. 

These formulas are simple to implement, but suffer from the inevitable errors 
associated with the standard penetration test. Nevertheless, their precision is suitable for 
many practica! problems. For more important foundations, a more precise analysis may be 
performed using Schmertmann's method as discussed in Foundation Design: Principies and 
Practices. This method usually uses cone penetration test (CPT) data, but may be based on 
other tests. 

Example 17.7 

A 200 kN column load is to be supported on a 
0.5 m deep footing in the sandy soil shown in 
Figure 17.1 1. The maximum allowable settlement 
is 20 mm. Determine the required footing width. 

Solution 

a~= yD-u 

= (20.0 kN/m 3 }(0.5 m) - O 
= 10 kPa 

Try B"' 1.0 m 

Kd = 1 + 0.33D/B 1 + 0.33 (0.5/1.0) Ll7 

Ñ = 19 ... 22 = 21 
60 2 

1.3 (q -o~) 
o=----

20 = 

Ñ60Kd 
1.3 (q- 10 kPa) 

(21) ( 1.17) 
q = 388 kPa 

200 kN 

Depth 
(m) N60 l 

·cJ ~ls:J,.,...--().:s:¡Í¡_·. 
·.Lci . · 1.9 · · 

... 

·. :Ul .. 22 · 

· · .. 3:.o .. · 26. · 

. .. . . 
· .. · ... .. :: . 

··s:.ó ... 24 ... 

. . .. 

· · · ·.: 'Y = 20.0 kN/m3: · 

. ·v. : 
. ,· 

Figure 17.1 1 Proposed spread footing for 
Example 17.7. 
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p 
q = - + yD - u 

8 2 e 
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388 kPa = 200 kN + (23.6 kN/m 3)(0.5 m) -O 
8 2 

8 = 0.73 m 

The computed 8 of0.73 mis close to the assumed value of 1.00 m. It is not necessary to run 
the computations again with a new assumed 8, because doing so would produce only a small 
change in KJ and no change in Ñ¡,0 • 

Footing widths are normally expressed as multiples of 3 in or lOO mm, so the design 
width is 800 mm 

OUESTIONS AND PRACTICE PROBLEMS 

17.7 The footing described in Example 17.5 has been redesigned so 8 now equals 2.50 m. The 
colurnn load and depth of embedment remain the same. Compute the new settlement, 6. Does 
this new design satisty the allowable settlement criteria described in Example 17.5? 

17.8 The proposed footing shown in Figure 17.12 has an allowable total settlement of 1.0 in. 
Compute the settlement and determine if it meets this criteria. 

72k 

l 

Figure 17.12 Proposed spread footing for Problem 17.8. 
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17.9 A proposed 3'6" wide continuous footing is to be built at the site described in Problem 17.8. 
The depth, D, the bearing pressure, q, and the allowable settlement, o a, are the same as before. 
Compute the predicted settlement and determine if it meets the settlement criteria. 

17.1 O Compute the settlement of the proposed footing shown in Figure 17.13. 

Depth 
(m) 

2 

·. ·. 3 

: : ·. 

·. 4 

5 

N(:JJ 

. ' ... 
. . . ,· 

26 
· =. :_ : ·· , · . > · Fine to ~edi~m ~and 

21 ... 

· . . ·. · .. 
32. ' .. · ... 

55 

<!>' =36 . 
:'Y= 19.7 kN/m3 .· 

. . . . 
. . . . 

: : : ··. 
· . . . . 

. · . . 
.. ... 

. ' . 

· . . '• . . 

.. . ·.·. 

Figure 17.13 Proposed spread footing for Problem 17.10. 

17.11 According to the structural engineer, the footing described in Problem 17.10 must not settle 
more than 25 mm. Determine the requiredB that produces the most economical design. 

17.5 SPREAD FOOTINGS - SYNTHESIS ANO DESIGN 

Most structures include footings ofvarious sizes, all ofwhich need to satisfy both bearing 
capacity and settlement criteria. It is generally not practical to perforrn individual analyses 
for each footing, so engineers often assign a single allowable bearing pressure, q A• to the 
entire site. This is the maximum bearing pressure that satisfies both bearing capacity and 
settlement requirements for all footings at the site. Notice the difference between this value 
and the allowable bearing capacity, qa, which satisfies only bearing capacity requirements. 
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We develop qA as follows: 

l. Perform a bearing capacity analysis on the smallest footing to be built. This footing 
has the smallest B, so it will produce the lowest allowable bearing capacity, q a• and 
thus will be conservative when applied to the larger footings. 

2. Perform a settlement analysis on the largest footing to be built and determine the 
bearing pressure, q, that corresponds to the desired maximum settlement. This value 
will determine what B is necessary to satisfy settlement criteria for this footing. If the 
smaller footings also are designed for this q, their settlement will be less than the 
large footing, so again this is conservative. 

3. Select the lowest value from Steps 1 and 2. This is the allowable bearing pressure, q.¡. 
Usual! y it is expressed as a multiple of 25 kPa or 500 lb/ft 2

• All footings may then be 
sized using this value such that: 

For square, rectangular, and circular footings: 

p 
q = - + y D - u ~ qA A r 

Setting q = q,.. and rewriting gives: 

A 
p 

For continuous footings: 

B Plb 

(17.23) 

(17.24) 

(17.25) 

Normally, the geotechnical engineer performs this analysis and presents the q,.. value 
and other pertinent design criteria in a geotechnical investigation report (see discussion of 
these reports in Section 3.1 1). The structural engineer then uses this value and the computed 
column loeds to size the footings. 

Sometimes allowable bearing pressures are presented in terms of the net bearing 
pressure instead of the gross bearing pressure. Often it is not clear which method is being 
used. However, in this text we will use the gross bearing pressure exclusively. 

Example 17.8 

A proposed warehouse will ha ve design column loads between 50 and 300 k. Each column is 
to be supported on a spread footing foundation underlain by sandy soils with the following 
engineering properties: e' =O, <l!' = 35°, y= 1 18 lb/ft 3

, and N w = 18. The mínimum acceptable 
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factor of safety against a bearing capacity failure is 2.0 and the maximum allowable settlement 
is 1.0 in. The groundwater table is at a depth of SO ft and all of the footings will be located 
2ft below the ground surface. What allowable bearing pressure should be used to design them? 
Using this allowable bearing pressure, what is the required footing width for a colurnn that 
carries a 100 k load? 

Solution 

Bearing capacity analysis 

Perfonn the bearing capacity analysis on the 50 k column load, because it wi\1 produce 
the smallest value ofq.,. 

Per Table 17.1: Nq = 4l.4,NY = 47.3 

a~ = y D - u = (1 18 lb/ft 3)(2 ft) - O = 236 lb/ft 3 

qult = 1.3c 1 N c + a~Nq + 0.4yBNY 

=O + (236 1b/ft 2)(41.4) + 0.4(118 lb/ft 2)8(47.3) 
= 9770 + 22338 

9770 + 22338 = 4885 + 11208 
2 

p 
q = - +y D -u A e 

SO,OOO lb + (150 lb/ft 3) (2ft) - o 
82 

50,000 lb + 300 lb/ft 2 

82 

Settingq. = q and solving producesqa = 7780 lb/W 

Settlement analysis 

Perfonn the settlement analysis will be perfonned on the 300 k column using the 
modifed Meyerhofs method. 

For purposes of computingK"' assume B = 6 ft. 

Kd = 1 + 0.33D/B = 1 + 0.33(2/6) 1.11 
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0 
0.0040 (q - a~) ( _B_) 2 

ÑwKd B + 1 

0.0040[(300,000/B 2 + 300 lb/ft 2 ) - 236 lb/ft 2 ] ( _B_) 2 

(18)(1.11) B + 1 

This equation sol ves to B = 7 ft O in, which corresponds to q = 6422 lb/ft ~ There is no 
need to go back and recompute K d. 

Synthesis and Conclusion 

The settlement analysis produced a lower q, so it governs the analysis. Round off to a 
multiple of 500 1b/ft2

: 

Design aJI footings using q,¡ = 6500 lb/fe = Answer 

Sample Application 

For a column carrying 1 00 k: 

p 100,000 lb 
B ~ 4.02ft 

6500 lb/ft 2 
- (1 50 lb/ft 3) (2 ft) + o 

Rounding to a multiple of 3 in gives B =4ft O in = Answer 

Program FOOTING 

Program FOOTING, which is part of the software package associated with this book, 
performs the bearing capacíty and settlement analyses described in this chapter. To use this 
program, you must first download and instan the geotechnical analysis software package 
onto a computer. See Appendix C for computer system requirements and installation 
instructions. 

To run the program, select FOOTING from the main menu, then select the system of 
units (SI ar English) and whether the settlement is to be computed using consolidation test 
results or an SPT N-value. Then type in the required information and click on the 
CALCULATE button. The program computes the bearing pressure, the factor of safety 
against a bearing capacity failure, and the settlement. Compare these results with the 
allowable values, then modify the input data (typically by changing B) and click on 
CALCULA TE again. Continue this process until the design criteria are satisfied. 

To obtain a printout, click on the PRINT button. To exit the program and retum to the 
main menu, click on the RETURN TO MAIN MENU button. 
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Example 17.9 

Salve Example 17.8 using Program FOOTING. 

Solution 

Figure 17.14 FOOTING screen for Example 17.9. 

Presumptive Bearing Pressures 

The most thorough and reliable method of developing design qA values is to conduct bearing 
capacity and settlement computations as described in this chapter. These computations 
require certain soil properties, and thus can be performed only after drilling exploratory 
borings, conducting laboratory tests, etc. The cost of doing this work is justified on projects 
where the subsurface conditions are unknown amilor the proposed structure is heavy. 

However, for lightweight structures, such as one or two-story wood frame buildings, 
to be constructed on sites that are ,known to be good, it may not be cost-effective to drill 
borings and conduct lab tests. In such cases, engineers often use presumptive bearing 
pressures, which are q A values obtained directly from building codes or other similar 
sources. Table 17.3 presents typical presurnptive bearing pressures. These values are 
generally more conservative than those obtained from soil investigations, and thus produce 
larger footings. However, for small structures on good sites, the additional construction cost 
probably will be less than the cost of performing a detailed soil investigation. Once the 
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presumptive bearing pressure has been obtained, the footings may be sized directly using 
Equation 17.24 or 17.25. 

Although presumptive bearing pressures are appropriate for sorne projects, it is best 
not to use them when the co1umn loads are greater than about 200 kN (45 k), when the 
structure is sensitive to differential settlements, or when the subsurface conditions are 
questionab1e. lt is also important to recognize that subsurface investigations reveal other 
important conditions, such as expansive soils, which may not be recognized in designs based 
solely on presumptive bearing pressures. 

TABLE 17.3 PRESUMPTIVE BEARING PRESSURES FROM THE INTERNATIONAL BUILDING 
CODE, FIRST DRAFT (ICC, 1997) 

Soil or Rock Classification 

Sedimentary or foliated rock 

Sand, silty sand, clayey sand, silty grave!, or clayey grave) 
(SW, SP, SM, SC, GM and GC) 

Mud, organic silt, organic clay, peat, or unprepared fill 

AUowable Bearing Pressure,q A 

300 6,000 

150 3,000 

o o 
Note: Reproduced from the First Draft ofthe lntemational Building Code with pennission ofthe Intemational 
Code Council, Inc., Falls Church, V A. Copyright 1997. All rights reserved. The contents of this table are tentative 
and subject to change. Once the final code is published, consult it for the final version of this table. 

Minimum Dimensions 

Regardless of the results of 
bearing capacity and settlement 
analyses, there are certain 
practica} mínimum dimensions 
for spread footings. These 
minimuor" are govemed by 
constructton methods, the 
potential for eccentric loads, and 
other concems. Figure 17.15 
shows mínimum dimensions. In 
sorne cases, building codes or 
customary practice may require 
even larger mínimum dimen
sions. Figure 17.15 Mínimum dimensions for spread footings. 
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Example 17.10 

A three-story wood-frame building will include a column with a design load of21 k and is to 
be supported on a square footing. The soils at tbis si te are silty sands, and the footing will have 
a depth of embedment of 24 inches. Compute the required footing width using the IBC 
presumptive bearing pressures. 

Solution 

According to Table 17.3,q A= 3,000 lb/ff 

p 2 1,000 lb 

qA- YcD +U 3000 lb/ft 2 + ( 150 lb/ft 3) (2 ft) - o 

Solving gives B = 2.79 ft. This is greater than the mínimum required width of 12 in (but need 
to check local building codes for possible additional requirements). Rounding to a multiple of 
3 in givesB =2ft 9 in - Answer 

Other Geotechnical Concerns 

This chapter is only an introduction to structural foundations, so our discussions ha ve been 
limited to bearing capacity and settlement. However, other issues also may be important. 
These include: 

• Frost heave - In areas with cold climates, the upper soils may heave due to the 
formation of ice lenses as discussed in Chapter 18. To avoid heave-induced damage, 
spread footings in such soils are typically founded below the frost depth. 

• Expansive or collapsing soils - Sorne soils are subject to additional heave or collapse 
when wetted, and these motions can cause substantial damage to spread footings as 
described in Chapter 18. Special designs are often required to minimize the potential 
for such damage. 

• Footings on or near slopes - If the ground surface is not level, special designs are 
necessary to maintain adequate stability. 

OUESTIONS AND PRACTICE PROBLEMS 

17.12 A proposed 1200 mm wide, 400 mm deep footing will be built on a sandy soil with e' =O, 
41' = 34 o, y= 20.1 kN/m3 and N60 = 30. The groundwater table is ata depth of2 m below the 
ground surface. Using prograrn FOOTING, determine the maximurn allowable column load that 
rnay be placed on this footing while maintaining a factor of safety of at least 2.5 against a 
bearing capacity failure anda total settlernent ofno more than 15 mm. Which controls this 
design, bearing capacity or settlement? 
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17.13 A 103 k column load is to be supported on a square footing embedded 2.5 ft into the ground. 
The underlying soil is a silty clay with C J (l+eJ = 0.11, C)(l+e0) = 0.03, o./= 5000 lb/ft ~ 
y = 1 19 lb/ft', and s, = 2000 lb/ft2

• The groundwater table is at a depth of 40 ft below the 
ground surface. The factor of safety against a bearing capacity failure must be at least 3, and 
the total settlement must not exceed 1 inch. Use progratlf"OOTING to fi nd the designE, then 
confirm the results using hand computations. 

17.14 A two-story wood-frame apartment building is to be built ata site under1ain by silty clay. One 
of the columns will impart a downward load of 62 kN on a squarc spread footing. Using 
D = 400 mm, determine the required footing width using the IBC presumptive bearing pressure. 

17.15 A one-story masonry building is to be built ata site under1ain by silty sand. The exterior walls 
will imparta downward load of 107 kN/m onto a 500 mm deep continuous footing. Determine 
the required footing width using the IBC presumptive bearing pressure. 

17.16 A proposed building is to be built on the soil profíle shown in Figure 17.13. The colurnn loads 
will range from 250 to 1500 kN, and each will be supported on a 0.8 m deep square footing. 
The allowable total settlement is 25 mm, and the factor of safety against a bearing capacity 
failure must be at least 2.0. Using hand computations, compute a single allowable bearing 
pressure, qA, that would be suitable for the design of all footings at this si te, then confirm your 
answer usíng program FOOTING. 

17.6 RECOGNIZING THE NEED FOR MORE EXTENSIVE FOUNDATIONS 

Although spread footings provide suitable support for many structures, and are the most 
common type of foundation, there are times when they are not suitable. These include: 

• Structures with loads so high andlor soil properties so poor that the footings would be 
very large. Usually sorne other type of foundatíon needs to be considered if the total 
footing area is more than 50 percent of the building footprint area. 

• Locations where a footing might be undermined, such as from riverbed scour adjacent 
to bridge foundatíons or from future excavations near the foundation. 

• A foundation that must penetrate through water, such as for a bridge pier. 
• Requirements for a large uplift capacity (the uplift capacity of spread footings is 

limited to their dead weight). 
• Requirements for a large lateral load capacity. 

In these cases, we nced to consider either a mat foundation or sorne type of deep foundation. 

SUMMARY 

Major Points 

l. Structural foundations are used to transmit structuralloads into thc ground. There are 
two broad categories: Shallow foundations transmit the loads to the near-surface 
soils, while deep foundations transmit sorne or all ofthe loads to deeper soils. 
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2. Spread footings are one type of shallow foundation. lt is the most common type, and 
the only one considered in this chapter. 

3. The bearing pressure is the contact pressure between the bottom of the footing and the 
soil. 

4. The primary geotechnical strength requirement for spread footings is called 
bearing capacity. lt addresses the potential for shear failure in the soil. The 
allowable bearing capacity is the bearing pressure required ~ produce a bearing 
capacity failure divided by a factor of safety. ·' 

5. The primary serviceability requirement for spread footings is settlement. The 
allowable settlement depends on the tolerance of the structure to movements. The 
actual settlement depends on the loads. footing geometry, and soil conditions. 

6. The allowable bearing pressure is the maximum bearing pressure that satisfies both 
bearing capacity and settlement requirements for all footings at a site. 

7. For small structures on sites with soil conditions that are known to be good, footings 
may be sized using presumptive bearing pressures found in building codes. 

Vocabulary 

allowable bearing capacity 
allowable bearing pressure 
allowable differential 

settlement 
allowable total settlement 
bearing capacity factor 
bearing capacity fai lure 
bearing pressure 
circular footing 
combined footing 
continuous footing 

deep foundation 
differential settlement 
drilled shaft foundation 
effective unit weight 
foundation 
gross bearing pressure 
mat foundation 
net bearing pressure 
pile foundation 
presumptive bearing 

pressure 

raft foundation 
rectangular footing 
ring footing 
shallow foundation 
serviceability requirement 
spread footing foundation 
square footing 
strength requirement 
total settlement 
ultimate bearing capacity 

COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

17.17 A proposed bent for a bridge will impart a vertical load of 3100 k onto a spread footing 
foundation that will be embedded 6 ft into the ground. The underlying soils are dense well
graded sands with e' = O, 41' = 3r, y = 128 lb/ft\ and N 6ü = 36. The groundwater table is at a 
depth of 12ft be\ow the ground surface. This footing must ha ve a factor of safety of at least 
2. 75 against a bearing capacity failure anda total settlement of no more than 1.5 inches. Using 
program FOOTING, determine the required footing width. 

17.18 A proposed building is to be supported on a series of spread footing foundations resting on the 
underlying sandy clay. These foundations will be embedded toa depth of 500 mm below the 
ground surface. The column loads will range from 200 to 1200 kN. The allowable total 
settlement is 25 mm, and the factor of safety against a bearing capacity failure must be at least 
3.0. The sandy clay has the following engineering properties: e J(l+e o) = 0.080, 
e, /(1 +e0 ) =0.010, y = 19.5 kN/m 3

, crm' = 300 kPa, and s. = 200 kPa. The groundwater table 
is at a depth of 5 m. Using program ~'OOTING, compute a single allowable bearing pressure, 
qA, that would be suítable for the design of al! footings at thís síte. 



18 
Difficult Soils 

An approximate solution to the right 
problem is more desirable than a 
precise solution to the wrong problem. 

U.S. Army, et al., 1971 

Certain soil conditions are especially problematic and require extra effort from geotechnical 
engineers. These are sometimes called difficult soils. This chapter discusses sorne of the 
more common difficult soil conditions and examines methods of accommodating them in 
design and construction. 

18.1 WEAK ANO COMPRESSIBLE SOILS 

Many construction sites are underlain by soils that are both weak and compressible. These 
include so(t clays, highly organic soils, and others. Such soils are often found near the 
mouths of'rivers, along the perimeter of bays, and beneath wetlands. They are prone to 
shear failure and excessive settlements. In addition, the areas underlain by such soils 
frequently are subject to flooding, so construction projects often require placing a fill to 
raise the ground surface toa suitable elevation. Unfortunately, the weight of such fills can 
cause large settlements. For example, Scheil (1979) described a building constructed on fill 
underlain by varvcd el ay in the Hackensack Meadowlands of New Jersey. About 250 mm 
(10 in) of settlement occurred during placement of the fill , 12 mm (0.5 in) during 

650 
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construction of the building, and an additional 100 mm ( 4 in) over the following ten years. 
Sometimes land that is underwater is reclaimed by placing fills that raise it above the 

water leve!. Many waterfront cities, including Boston and San Francisco, have been 
extended into the water using this method. Such si tes are usual! y underlain by soft soils that 
compress under the weight of such fills. In addition, many of these fills were placed many 
years ago using poor construction methods. For example, in the 1930s, the LaGuardia 
Airport in New York City was expanded into the adjacent bay by p)acing a fill made of 
incinerated refuse. This fill material is very compressible, antl is underlain by a 
compressible organic clay deposit. As a result, parts of the airport ha ve settled more than 
2m (7 ft)! This settlement is continuing, even more than half a century Jater, and poses 
significant problems in maintenance of runways and in construction of buildings. 

Fills placed for bridge abutments can cause similar settlement problems. However, 
the bridge, which is probably supported on a deep foundation, generally settles much less 
than the approach fill, thus producing the "bump at the end of the bridge." Figure 11.2 
shows the result of such a condition. 

Fortunately, engineers and contractors have developed methods of coping with weak 
and compressible soils, and have successfully built large structures, highways, and other 
facilities on very poor sites. Most of these methods focus primarily on the settlement 
problem, because it often has the biggest impact on design. These methods include the 
following, either individually or in combination: 

• Delay the construction of structures and other sensitive facilities until after most of 
the fill-induced settlement has occurred. 

• Reduce the amount of settlement by using lightweight fill materials. 
• Support structures on deep foundations that penetrate through the weak soils. 
• Accommodate the settlement using specially designed structures or by accepting 

maintenance costs. 
• Improve the engineering properties of the soils using special construction methods. 

Delaying Construction 

The consolidation process continues only until the soil reaches equilibrium under the new 
loading condition. Chapter 12 discussed methods of assessing the rate of consolidation and 
the time required to achieve a specified degree of consolidation. If the required time is not 
excessive, it may be econornical to place the fill, then wait before constructing the buildings, 
roads, or other improvements. 

This option does not necessarily require waiting until 100 percent consolidation has 
been achieved. For example, if the fill will produce 500 mm of settlement, but the proposed 
construction can accommodate only 100 mm, then construction can begin after 
400/500 = 80% of the ultimate settlement is complete. 

The primary advantage of this method is that it requires the Jowest direct costs. 
However, in many cases the time required to achieve the required settlement is excessive, 
so this option often is not viable. However, there are methods of accelerating the settlement, 
as discussed in Chapter 19, and these methods often are cost effective. 
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Using Lightweight Fills 

The majority of the settlement is usually due to the weight of fills placed on the site. 
Although these fills are usually made of soil, other materials are available that have a much 
lower unit weight and thus induce less settlement. These include geofoam (large blocks of 
styrofoam), special cementitious materials, and others, as discussed in Chapter 6. This 
option is generally cost effective only for small areas, such as backfills of bridge abutments. 

Using Deep Foundations 

If structures, such as buildings or bridges, are to be built on sites underlain by weak and 
compressible soils, they often must be supported on deep foundations that penetrate through 
these soils and into more competent underlying soils. This type of foundation isolates the 
structure from most of the settlement, and avoids overstressing the weak soils. Although 
this design may be reliable, it needs to account for the following two special problems: 

l. If the site is in the process of settling, perhaps dueto the weight of a fill, the ground 
surface will sink away from the structure, which will not experience significant 
settlement because of the deep foundation. This can cause access problems for 
pedestrians and vehicles, and thus can be a maintenance problem. The bridge in 
Figure 11.2 illustrates this problem. 

2. If the upper soils are settling, they impart a downward load onto the foundations. This 
load, called downdrag, can be quite large, and needs to be added to the structural 
loads. This additionalload capacity requirement increases the cost of the foundations. 

Accommodating the Settlement 

Sometimes it is possible to símply accommodate large settlements in the design, 
construction, and maintenance of the facility. For example, an airport terminal building at 
LaGuardia Airport (originally built to serve Eastem Airlines) is underlain by 24m (77ft) 
of soft organic clay which was covered by 6 to 12 m (19-38 ft) of incinerated refuse fill that 
had been placed in the 1930s. The organice la y has C J( 1 +e 0) = 0.29-0.33, which makes 
it "highly compressible" according to Table 11.1. When construction of this building began 
in 1979 •. the ground surface had already settled more than 2m (7ft), and was expected to 
settle ari additional 450 mm (18 in) over the following 20 years. 

Other buildings at the airport are supported on pile foundations, and require continua! 
maintenance to preserve access for aircraft, motor vehicles, and people. To avoid these 
problems, this building was built on spread footing foundations, and included provisions for 
leveling jacks between the foundations and the building (York and Suros, 1989). As 
differential settlements occurred, the building could then be periodically releveled using the 
jacks. In addition, the building was designed to accommodate large differential settlements. 

By 1988, the building had settled as muchas 315 mm (12 in), with differential 
settlements of up to 56 mm (2 in). However, because of the settlement-tolerant design, the 
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structure was performing well even though no releveling had yet been performed. 
This design was at least $2 million less expensive than a piJe foundation, and has 

performed better. This savings in construction cost was much greater than the cost of 
periodically releveling the building. 

lmproving the Soil 

Another option is to improve the engineering properties of the soils before construction. 
Many special construction methods have been developed to do this, as discussed in 
Chapter 19. Once the soils have been improved, normal construction can proceed because 
the difficult soil conditions have been eliminated. 

18.2 EXPANSIVE SOILS 

Certain types of clayey soils expand when they are wetted and shrink when dried. These 
are called expansive soils, and are very troublesome. In the United States alone, they inflict 
about $9 billion per year in damages to buildings, roads, airports, pipelines, and other 
facilities-more than twice the combined damage from earthquakes, floods, tomados, and 
hurricanes (Jones and Holtz, 1973; Jones and Jorres, 1987). The distribution of these 
damages is approximately as shown in Table 18.1. 

Sometimes the damages from expansive soils are minor maintenance and aesthetic 
concems, but often they are much worse, even causing major structural distress, as 
illustrated in Figure 18.1. According to Holtz and Hart (1978), 60 percent of the 250,000 
new homes built on expansive soils each year in the Uníted States experience minor darnage 
and 10 percent experience significant darnage, sorne beyond repair. Although the statistics 
for new houses built today are probably better, expansive soils continue to be a significant 
problem. 

TABLE 18.1 ANNUAL DAMAGE IN THE UNITED STA TES FROM EXPANSIVE SOILS 
(Jones and Holtz, 1993; Jones and Jones, 1987. Used with permission of ASCE.) 

Category Annual Damage 

Highways and streets $4,550,000,000 

Commercial buildings [ ,440,000,000 

Single-family homes 1,200,000,000 

Walks, drives and parking areas 440,000,000 

Buried utilities and services 400,000,000 

Multi-story buildings 320,000,000 

Airport installations 160,000,000 

Involved in urban landslides 100,000,000 

Other 390,000,000 

Total annual damages (1987) $9,000,000,000 
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These soil movements and the damage they cause generally occur very slowly, and 
thus are not nearly as dramatic as hurricanes and earthquakes. In addition, they cause only 
property darnage, not loss of life, and this darnage is spread over wide areas rather than 
being concentrated in a smalllocality. Nevertheless, the economic loss is large and much 
of it could be avoided by proper recognition of the problem and incorporating appropriate 
preventive measures into the design, const]J.Jction, and maintenance of new facilities. 

Figure 18.1 Heaving of an expansive soil caused 
this brick wall to crack. The $490.000 spent to 

(epair this and other walls, ceilings, doors, and 
windows represented nearly one-thud of the 
original cost of the six-year-old building 
(Colorado Geological Survey). 

Physical Causes of Expansion and Shrinkage 

There are many different clay minerals, as discussed in Chapter 4, and each has a different 
susceptibility to swelling, as shown in Table 18.2. Swelling occurs when water infiltrates 
between and within the clay particles, causing them to separate. Kaolinite is virtually 
nonexpansive because of the presence of strong hydrogen bonds that hold the individual 
clay particles together . lllite contains weaker potassium bonds that allow limited expansion, 
and montffiorillonite particles are only weakly linked. Thus, water can easily flow into 
montmorillonite clays and separate the particles. Field observations have confirmed that the 
greatest p~lems occur in soils with a high montmorillonite content. 

TABLE 18.2 SWELL POTENTIAL OF PURE CLAY MINERALS (Adapted from 
Budge, et al. (1964). 

Surcharge Load 

200 

400 

(kPa) 

9.6 

19.1 

Kaolinite 

Negligible 

Negligible 

SweU Potential (%) 

Illite 

350 

150 

Montmorillonite 

1500 

350 
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Sources of Wetting and Drying 

The shrinking and swelling potential in a soil becomes reality only when its moisture 
content changes. Such changes in moisture content can be dueto natural processes, such 
as changes in the groundwater table and infiltration of rainwater. However, moisture 
changes dueto human activities are often much larger and more extensive than those caused 
exclusively by natural causes, and thus are more often a source of problems. 

Irrigation of landscaping is one of the most ímportant causes of increased moisture 
content in soils, especially in arid and semi-arid areas. For example, irrigation of lawns and 
shrubs often is the equivalent of about 2000 mm (80 inches) of rain per year, a sígnificant 
increase over the 200-500 mm/yr (8-20 in/yr) that naturally occurs in such places. 

Other sources of excessive moisture and the associated soil expansíon include: 

• Changes in surface drainage pattems that prevent water from runníng off and allow 
water to percolate ínto the ground. 

• Remo val of vegetation that brings an end to transpíration. 
• Placement of slab-on-grade floors, pavements, or other impervious materials on the 

ground, which stops both evaporation and the direct infiltration of rain water. 

Sorne activities can have the opposite effect by removing moisture from the soil and causing 
shrinkage. Poorly placed trees with aggressive roots ha ve caused such problems, especially 
in areas with moist climates. 

ldentifying, Testing, and Evaluating Expansive Clays 

When workíng in an area where expansive soils can cause problems, geotechnical engineers 
must ha ve a systematic method of identifying, testing, and evaluating the swelling potential 
oftroublesome soils (Nelson and Miller, 1992). The ultímate goal is to determine which 
preventive design measures, if any, are needed to successfully complete a proposed project. 

Experienced geotechnical engineers usually can identify potentially expansive soils 
based on a visual examination. To be expansive, a soil must have a significant clay content, 
probably falling within the unified symbols CL or CH (although sorne ML, MH, and SC 
soils al so can be expansive). When dry, expansive soils often have distinct shrinkage cracks 
and other evidence of previous swelling and shrinking. However, any such visual 
identification is only a first step; we must obtain more information befare we can develop 
specific design recommendations. 

The next stage of the process-determining the degree of expansiveness-is more 
difficult. A wide variety of testing and evaluation methods have been proposed, but none 
of them are universal! y or even widely accepted. Sorne assessment techniques are as simple 
as performing Atterberg limits tests and classifying the expansiveness based on the results 
of these tests. Table 18.3 shows one such classification method. Altematively, we could 
conduct a swell test by placing a sample in a de vice similar to a consolidometer and wetting 
it. The resulting swell can then be used as a semi-empirical assessment of expansion 
potential. Snethen (1984) suggested the following definition of poten ti al swell: 
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Potential swell is the equilibrium vertical volume change or deformation from an oedometer
type1 test (i.e., total lateral confinement), expressed as a percent of original height, of an 
undisturbed specimen from its natural water content and density toa state of saturation under 
an applied load equivalent to the in-situ overburden pressure. 

Snethen also suggested that the applied load should consider any applied externa! 
loads, such as those from foundations. Using Snethen's test criteria, we could classify the 
expansiveness of the soil, as shown in Table 18.4. 

TABLE 18.3 CORRELATIONS WITH COMMON SOIL TESTS (Adapted from Holtz, 1969, and 
Gibbs, 1969) 

Percent Colloids 

< 15 

13-23 

20- 31 

>28 

Plasticity Index Shrinkage Limit Liquid Limit 

< 18 < 15 < 39 

15- 28 10- 16 39- 50 

25-41 7- 12 50-63 

> 35 > 11 > 63 

TABLE 18.4 TYPICAL CLASSIFICATION OF SOIL 
EXPANSIVENESS BASED ON SWELL TEST 
RESULTS AT IN-SITU OVERBURDEN STRESS 
{Adapted from Snethen, 1984) 

Swell Potentíal (%) Swell Classification 

< 0.5 Low 

0.5- 1.5 Marginal 

> 1.5 High 

Swelling 
Potential 

Low 

Medium 

High 

Veryhigh 

The expansion index test [ASTM 04829] (ICBO, 1991b; Anderson and Lade, 1981) 
is a standardized loaded swell test. In this test a soil sample is remolded into a standard 
4.01 in (102 mm) diarneter, 1 in (25 mm) tall ring at a degree of saturation of about 
50 percent. A surcharge load of 1 lb/in 2 (6.9 kPa) is app1ied, and then the sample is 
saturated and allowed to stand until the rate of swelling reaches a certain value or 24 hours, 
whichever is longer. The amount of swell is expressed in terms of the expansion index, or 
El, whic\t i's defined as follows: 

El 1000 h F ( 18.1) 

1 The terms oedometer and consolídometer are synonymous. 



Sec. 18.2 Expansive Soils 657 

where: 
El = expansion index 
h = expansion of the soil (in) 
F = percentage of the sample by weight that passes through a #4 sieve 

Table 18.5 gives an interpretation of El test results. 
Because the expansion index test is conducted on a remolded sample, it may mask 

certain soil fabric effects that may be present in the field. .' 

TABLE 18.5 INTERPRETATION OF EXPANSION INDEXTEST RESULTS (ICBO, 1997) 

El Potential Expansion 

o- 20 

21-50 

51-90 

91- 130 

> 130 

Very Low 

Low 

M edium 

High 

Very High 

Reproduced from the 1997 Edition ofthe Uniform Building Code, 10 1997, with pennission ofthe 
publisher, the lntemational Conference of Bui lding Officials. 

Preventive Measures 

Once the expansion potential has been evaluated, we develop preventive design, 
construction, and maintenance measures. These measures are intended to reduce the 
potential impact of expansive soils. 

Building Foundations and Floors 

Buildings, especially those that are lightweight, are prone to damage from expansive soils. 
The magnitude of heaving and shrinking generally varíes across the building, thus causing 
problems similar to those associated with excessive differential settlements. These include 
cracks, inoperative doors and windows, etc. Common preventive measures include: 

o Extending the foundations to greater depths, thus bypassing the zone of greatest 
moisture change and supporting the building on more stable soil, 

• Adding extra reinforcing steel to foundations and slabs. In sorne cases, prestressed 
or post-tensioned slabs are used. 

• A voiding the use of slab-on-grade floors. 
• Being especially careful to provide and maintain good surface drainage around the 

building. 
• A voiding the placement of irrigated landscaping clase to the building 
o Pre-moistening the soil prior to construction, thus causing it to expand before the 

building is erected. 
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Pavements 

Highway pavements also are prone to damage from expansive soils. Common preventive 
measures include: 

• Providing extensive surface and subsurface drainage to keep water away from thc 
subgrade soils. 

• Providing a non-expansive sub-base material. 
• Treating the sub grade soils with lime or sorne other material to reduce their expansive 

properties. 
• Providing more steel reinforcement. 

Driveways, sidewalks, and other exterior flatwork concrete can ha ve similar problems. 

18.3 COLLAPSIBLE SOILS 

Another moisture-driven phenomena, often seen in arid regions, is collapse (Clemence and 
Finbarr, 1981; Dudley, 1970; Houston and Houston, 1997). Soils prone to this behavior are 
called collapsible soils . In their natural state, these soils have a high void ratio anda low 
moisture content. They are usually alluvial or aeolian, and have a "honeycomb" or highly 
porous structure that is maintained by water-soluble interparticle bonds. These soils can 
cause problems when structures, highways, or other improvements are built on them, and 
the soil subsequently becomes wetted. The influx of water breaks down these bonds and 
causes the soil to compress. 

Geotechnical engineers usually assess the collapse potential by placing an undisturbed 
sample in a consolidometer at its in-s itu moisture content, loading it to a normal stress 
comparable to that in the field, then applying water. The amount of strain that occurs due 
to wetting is a measure of its collapse potential. Sorne soils experience strains in excess of 
1 O percent simply due to wetting. 

Unlike expansive soils, which can heave or shrink as the moisture content changes, 
collapse is a one-way process. Therefore, preventive measures often attempt to pre-collapse 
the soil prior to construction. This may be accomplished by pre-wetting the soil, by 
excavating it and replacing it as a compacted fill , or by compacting the soil in place. Other 
techniques, such as grouting, deep foundations, and avoidance of wetting also have been 
used (Houston and Houston, 1989). 

18.4 FROZEN SOILS 

The temperature of soils near the ground surface reflects the recent air temperatures. Thus, 
when the air temperature falls below 0°C (32 °F) for extended periods, the soil temperature 
drops to a comparable level and the pore water tums to ice. This transformation has 
significant impacts on civil engineering works built on such soils, and thus is an important 
aspect of geotechnical engineering in regions with cold climates. 
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Ground Freezing and Frost Heave 

The depth of freezing in the ground depends on how far the air temperature falls below 
freezing, how long it remains there, and other factors. This depth is negligible in warm 
climates, such as Florida, but can extend to depths of 2 m (7 ft) or more when the winters 
are very cold, such as in Minnesota. In arctic and sub-arctic regions~ the depth of freezing 
is even greater. In North America, problems with ground freezing are~,most common in the 
northern United States and in Canada. However, areas farther souulalso can be affected. 
For example, underground water pipes in Atlanta have frozen during exceptionally cold 
winters. 

For geotechnical engineers, the most significant consequence of ground freezing is a 
phenomenon called frost heave, which is an upward movement in the ground due to the 
formation of underground ice. There are two causes of frost heave: The first occurs because 
the pore water expands about 9 percent in volume when it freezes. Thus, if the soil is 
saturated and has a typical porosity (say, 40 percent), it will expand about 9% x 40% "'4% 
in volume. In climates comparable to those in the northem United States, this could 
correspond to surface heaves of as muchas 25-50 mm (1-2 in). Although such heaves are 
significant, they would probably be fairly uniform and cause relatively little damage. 

The second cause of frost heave is more insidious and capable of producing much 
more damage to civil engineering works. If the groundwater table is relatively shallow, 
capillary action can draw water up to the frozen zone where it forms ice lenses as shown in 
Figure 18.2. In sorne situations, this mechanism can move large quantities of water, so it 
is not unusual for these lenses to produce ground surface heaves of 300 mm ( 12 in) or more. 
Such heaves are likely to be very irregular and create a hummocky ground surface that can 
cause extensive damage. 

Foundation Located Bclow Depth 1 of Fw't Penetration 

Figure 18.2 Fonnation of ice lenses. Water is drawn up by capillary action and freezes when it reaches the 
frozen soil, which is located within the depth of frost penetration. The frozen water forms ice Jenses that cause 
heaving at the ground surface. Foundations placed below the depth for frost penetration are not subject to 
heaving. 
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Addítionat damagc can occur when the frozen ground begins to thaw, especially if ice 
tenses are present. As the upper soils and ice tenses thaw, the rcsulting soil has a much 
greater moisture content than it originally had. However, thc deeper soils have not yet 
thawed, so this excess water cannot drain away, resulting in a very soft and weak soit as 
shown in Figure 18.3. This condition is especially troublesome when it occurs beneath 
highways, and ís often the cause of ruts and potholes. Once the soit complete! y thaws, the 
excess water drains down and thc soil regains much of its original strength. 
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Figure 18.3 ldealizcd freeze-thaw cycle in tcmperate climates. During the summer. none of the ground is 
frozen. Then, during the fall and wínter ít progressively freezes from thc ground surface downward. Finally, in 
the spring, ít progressively thaws from the ground surface downward. 

To evaluate the potential for frost heave at a given site, geotechnical engineers 
consider the following factors: 

• The potential depth of freezing 
• Th~ frost susceptibility of the soil 
• Theproximity of potential sources of groundwater 

The potential depth of freezing is often dictated by local building codes. For example, 
the Chicago Building Code specifies a design frost penetration depth of 42 in (1.1 m). 
Special thermodynamic analyses might be used on special projects, such as ice skating rinks 
or cold-storage warehouses, but they would rarely be performed on more ordinary projects. 

To be considered frost-susceptible, a soil must be capable of drawing significant 
quantities of water up to the frozen zone through capillary action. Clean sands and gravels 
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are not frost-susceptible because they are not capable of significan! capillary rise. 
Converse! y, clays are capable of raising water through capillary rise, but they have a low 
hydraulic conductivity, so they are unable to deliver large quantities of water. Therefore, 
clays are capable of only limited frost heave. However, intermediate soils, such as silts and 
fine sands, have both characteristics: They are capable of substantial capillary rise and have 
a high hydraulic conductivity. Large ice lenses are able to form in these soils, so they are 
considered to be very frost-susceptible. . 

The U.S. Army Corps of Engineers has classified frost-susceptible soils into four 
groups, as shown in Table 18.6. Higher group numbers correspond to greater frost 
susceptibility and more potential for formation of ice lenses. Clean sands and gravels 
(i.e., < 3% finer than 0.02 mm) m ay be considered non-frost-susceptible and are not 
included in this table. 

TABLE 18.6 FROST SUSCEPTIBILITY OF VARIOUS SOILS ACCORDING TO THE U.S. ARMY 
CORPS OF ENGINEERS (Adapted from Johnston, 1981) 

Group Soil Types 

Fl Gravels with 3- lO% finer than 0.02 mm 
(least susceptible) 

F2 a. Gravels with 1 O - 20% finer than 

F3 

0.02mm 
b. Sands with 3 - 15% finer than 

0.02 mm 

a. Gravels with more than 200,{, 
finer than 0.02 mm 

b. Sands, except very fine silty 
sands, with more than 15% finer 
than0.02mm 

c. ClayswithP/> 12, except 
varved clays 

F4 a. Silts and sandy silts 
(most susceptible) b. Fine silty sands with more than 

15% finer than 0.02 mm 
c. Lean clays with PI < 12 
d. Varved clays and other fine

grained, banded sediments 

USCS Group Symbols 

GW, GP, GW-GM, 
GP·GM 

GM, GW-GM, GP-GM 

SW, SP, SM, SW-SM, 
SP-SM 

GM, GC 

SM,SC 

CL,CH . . 

ML,MH 
SM 

CL, CL-ML 

Finally, there must be a source of groundwater. Usually the source is a shallow 
groundwater table, but it also could come from water infiltrating from the ground surface. 

Preventive Measures 

Once a potential frost heave problem has been identified, geotechnical engineers begin to 
consider preven ti ve design mea<;ures. Many types of preven ti ve meas u res are available, and 
the appropriate selection depends on the type of facility to be protected, the leve! of 
protection desired, cost, and other factors. 
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Highways and Other Pavements 

Highways, parking lots, airports, and other paved areas are especially susceptible to damage 
from frost heave. Sorne of this damage occurs during the winter as a result of differential 
heaving associated with ice lenses, but mort damage often occurs in the spring when the 
soils have partially thawed and contain trapped water. Heavy wheelloads from trucks or 
large aircraft are especially troublesome during the spring thaw because they produce 
bearing capacity failures in the weak: soil, which then causes the overlying pavement to sink 
into the ground. Figure 18.4 shows such a failure. 

Figure 18.4 The soíls 
beneath this asphaltic 
concrete pavement in New 
York became wet and soft 
during the spring thaws. As 
a result, these soils failed 
under the weight ofthe heavy 
trucks that use this site. The 
pavement is now in very poor 
condition, with extensive 
alligator cracks and potholes. 

Preventive design measures include: 

• Excavating the upper soils and replacing them with non-frost-susceptible soils. 
• Providing gradual transition sections between frost-susceptible and non-frost

susceptible subgrade soils. 
• Restricting heavy traffic during the spring thaw. 
• Installing thermal insulation between the pavement and the underlying soils (this 

method reduces the depth of frost penetration, but can enhance the formation of ice 
on tlie pavement surface, creating dangerous driving conditions). 

• Increasing the thick:ness of aggregate base courses to spread out the wheelloads and 
to pravide greater overburden pressure on the subgrade soil. 

• Treating the subgrade soils with cement or lime. 

Unfortunately, these preventive measures are often very expensive and may not be 
cost effective for all pavements. In addition, they are not always completely effective. 
Thus, maintenance crews are usually busy through the summer repairing these problems. 
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Buildings and Other Structures 

Preventive measures for buildings and other structures are usually more extensive than those 
for pavements because these facilities have higher standards of performance, and because 
they cover smaller areas and are thus casier to remediate. 

Engineers definitely want to protect building foundations from the effects of frost 
heave. The most comrnon method is to place foundations at a depth below the depth of frost 
penetration, as shown in Figure 18.2. This is usually wise in all soils, whether or not they 
are frost-susceptible and whether or not the groundwater tab1e is nearby. E ven "frost-free" 
clean sands and grave1s will often have silt 1enses that are prone to heave, and groundwater 
conditions can change unexpected1y, thus introducing new sources of water. The small cost 
of building deeper foundations is a wise investrnent in such cases. However, foundations 
supported on bedrock or interior foundations in heated bui1dings normally do not need to 
be extended below the depth of frost penetration. 

Another a1temative is to remove the natural soils and rep1ace them with a compacted 
fill made of soi1 known to be non-frost-susceptible. This may be an attractive method for 
unheated buildings with slab-on-grade floors to protect both the floor and the foundation 
from frost heave. 

Builders in Canada and Scandinavia sometimes protect buildings with slab-on-grade 
floors using thermal insulation. This method traps heat stored in the ground during the 
summer and thus protects against frost heave, even though the foundations are shallower 
than the normal frost depth. Both heated and nonheated buildings can use this technique 
(NAHB, 1988 and 1990). 

A peculiar hazard to keep in mind when foundations or walls extend through frost
susceptible soils is adfreezing (CGS, 1992). This is the bonding of soil to a wall or 
foundation as it freezes. If heaving occurs after the adfreezing, the rising soil will impose 
a Iarge upward load on the structure, possibly separating structural members. Placing a 
1 O mm (0.5 in) thick sheet ofrigid polystyrene between the foundation and the frozen soil 
reduces the adfreezing potential. 

Ice Skating Rinks and Cold-Storage Warehouses 

Although frost heave prob1ems are usually dueto freezing temperatures from natural causes, 
it is also possible to freeze the soil artificially. For example, refrigerated buildings such as 
cold-storage warehouses or indoor ice skating rinks can freeze the soils below and be 
darnaged by frost heave, even in areas where natural frost heave is nota concem (Thorson 
and Braun, 1975; Duncan, 1992b). Heaves ofup to 280 mm (11 in) have beenobserved in 
ice skatíng rinks in Milllleapolis, which seriously impairs their usefulness. In sorne cases 
the deformation of the ice surface is so bad that hockey teams find it necessary to switch 
goals between periods and during the míddle of the last period. 

These facilities can freeze the soíl to substantial depths because they usually operate 
year-round. For example, during nearly two years of continuous operation, an ice skating 
rínk in Minnesota froze the soil toa depth of 6 m (20ft), and might ultimate1y reach a depth 
of 12m (40ft) (Thorson and Braun, 1975). 

Preventive design measures include excavatíng the upper soils and replacing them 
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with non-frost-susceptible soils, placing thcrmal insulation or air passages between the 
building and the soil, and even placing heating tubes below the insulation. 

Underground Pipelines 

Underground pipelines, especially water lines, can freeze ifthey are located within frozen 
soil. This can cause them to burst (beca use of the expansion of water when it freezes ), or 
at least it becomes a nuisance in that the water does not flow. Solutions to these problems 
include placing the pipelines below the frost depth or surrounding them with thermal 
insulation. Sometimes it also is possible to avoid freezing by keeping a water faucet 
running continuously, thus continually drawing warmer water through the pipe. 

Permafrost 

In areas where the mean annual temperature is less than 0°C, the penetration offreezing in 
the winter may exceed the penetration of thawing in the summer. This creates a zone of 
permanently frozen soil known as permafrost (Phukan, 1985; Andersland and Anderson, 
1978). In the harshest ofcold climates, such as Greenland, this permanently frozen ground 
is continuous, whereas in slightly "milder" climates, such as central Alaska, central Canada, 
and much of S iberia, the permafrost is discontinuous (i.e., the frozen zones are separated by 
seasonally frozen zones). Arcas of seasonal and continuous permafrost in Canada are shown 
in Figure 18.5. 

Figure 18.5 Zones of con ti nuous and discontinuous pennafrost in Cana da 
(Adapted from Crawford and Johnson, 1971 ). 

In areas where the summer thaws occur, the upper soils can be very wet and weak and 
probably not capable of supporting any significant loads, whíle the deeper soils remain 
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permanently frozen. Foundations must penetrate through this seasonal zone and well into 
the permanently frozen ground below. In addition, it is very important that these 
foundations be designed so that they do not transmit heat to the permafrost. Figure 18.6 
shows the results ofpermafrost thawing beneath a heated building. To avoid such problems, 
buildings are typically built with raised floors and a ducting system to maintain subfreezing 
air temperatures between the floor and the ground surface. 

The Alaska Pipeline project is an excellent example of a m<Uor engineering work 
partially supported on permafrost (Luscher, et. al, 1975). 

{.~ : ·--· ~--
' " .... ,_ .__, ,~ .. . 

Figure 18.6 Heat from this lodge in Alaska thawed the pennafrost below, causing it to 
settle. However, the pennafrost did not thaw beneath the unheated porch (Photo courtesy 
of Professor Richard L. Handy). 

18.5 CORROSIV E SOILS 

Soil can be a very hostile environment in which to place engineering materials. Concrete, 
steel, and wood placed in contact with soil may become the target of chemical andlor 
biological attack that can adversely affect their integrity. 

Steel and lron 

Corrosion is a nearly universal concern with steel and iron. In above-ground applications 
it generally can be kept under control by painting, galvanizing, and other measures, and 
visually monitored. Potentially hazardous conditions, such as heavily corroded bridges, 
usually can be detected by careful illspection. However, corrosion in underground facilities, 
such as tanks, pipelines, and pile foundations, is potentially much more troublesome and 
more difficult to monitor. 

Si tes where the elevation ofthe groundwater table fluctuates, such as tidal zones, are 
especially difficult because this scenario continually introduces both water and oxygen. 
Contaminated soils, such as sanitary landfills and shorelines near old sewer outfalls, are also 
more likely to have problems. 
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Ifthe geotechnical engineer suspects that corrosion may be a problem, it is generally 
appropriate to retain the serví ces of a corrosion engineer. Detailed assessments of corrosíon 
and the development of preventive designs are beyond the expertise of most geotechnical 
engineers. Preventivc measures might include: 

• Applying protective coatings, such as coal tar enamel. 
• Providing a cathodic protection system, which consists of applying a OC electrical 

potential between the item to be protected (the cathode) and a buried sacrificial metal 
(the anode). This system causes the corrosion to be concentrated at the anode and 
protects the cathode. These systems consume only nominal amounts of electricity, 
and in sorne cases can be self-energizing (i.e. , generating their own electricíty). 

• Increasing the steel thickness by an amount equal to the anticipated deterioration. 
• Using a different material. For example, underground tanks can be made of 

fiberglass. 

Concrete 

Concrete in contact wíth soil, such as buríed pipelines, foundations, retaining walls, and 
slabs, ís usually very resistant to corrosíon and wíll remaín intact for many years. However, 
serious degradation can occur in concrete subjected to soils or groundwater that contains 
high concentrations of sulfates (SO 4). These sulfate s can react with the cement to form 
calcium sulfoaluminate (ettringite) crystals. As these crystals grow and expand, the concrete 
cracks and disintegrates. In sorne cases, serious degradation has occurred within 5 to 30 
years of constructíon. Although we do not yet fully understand this process (Mehta, 1983), 
engineers have developed methods of avoiding these problems. 

We can evaluate a soil's potential for sulfate attack by measuring the concentration of 
sulfates in the soil and/or in the groundwater and comparing them with those that have had 
problems with sulfate attack. lf the laboratory tests indicate that the soil or groundwater has 
a high sulfate content, design the buried concrete to resist attack by using one or more of the 
following methods (Kosmatka and Panarese, 1988; PCA, 1991): 

• Reduce the water:cement ratio--This reduces the hydraulic conductivity of the 
concrete, thus retarding the chemical reactions. This is one of the most effective 
methods of resisting sulfate attack. 

• Increase the cement content-This also reduces the hydraulic conductivity. 
Therefore, concrete exposed to problematic soils should have a cement content of at 
least 6 sacks/yd3 (564lb/yd3 or 335 kglm\ 

• Use sulfate-resisting cement-Type II low-alkali and type V Portland cements are 
specia\ly formulated for use in moderate and severe sulfate conditions, respective! y. 
Pozzolan additives to a type V cement also help. Type 11 is easily obtained, but type 
V may not be readily available in sorne arcas. 

• Coat the concrete with an asphalt emulsion-This is an attractive altemative for 
retaining walls or buried concrete pipes, but not for foundations. 
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Unlike steel corrosion problems, which are generally passed on to corrosion engineers, 
sulfate attack problems are normally addressed by the geotechnical engineer. 

Wood 

It is generally best to avoid placing wood in contact with soil because it becomes subject to 
decay and insect attack. The worst condition occurs when the woodjs' subjected to repeated 
cycles of wetting and drying. Therefore, building codes usually require all wood in wood 
frame buildings to be at least 150 mm (6 in) above the ground. However, there are 
situations where wood is placed in contact with soil or buried underground. These include: 

• Timber piles 
• Telephone poles 
• Wood retaining walls 
• Fence posts 
• Railroad ties 

To reduce problems of decay and insect attack, wood may be treated befare it is 
installed. The most common treatrnent consists of placing the wood in a pressurized tank 
filled with creosote or sorne other preserving chemical. This pressure treatment forces sorne 
of the chemicals into the wood and forms a coating on the outside. Creosote leaves a black 
tar-like substance which is often seen on telephone poles and railroad ties. Sorne chemical 
treatments produce a greenish color. Another option is to use wood species that are 
naturally resistant to decay, such as redwood or cypress. 

SUMMARY 

Major Points 

l. Certain soil conditions are especially problematic and require special attention. These 
are called difficult soils. 

2. Soils that are weak and compressible, such as soft clays and highly organic soils, are 
common near the mouths of rivers, along the perimeter of bays, and in wetlands. 
These soils generally require special measures to control or accommodate large 
settlements. They also are subject to shear failure. 

3. Expansive soils are those that expand when wetted and shrink when dried. They have 
caused extensive damage to buildings, highways, and other projects. Engineers have 
developed methods of recognizing and testing these soils, along with various 
remediation measures. 

4. Collapsible soils are found in arid and semi-arid areas. They initially are very dry and 
have a loose "honeycomb" structure. This structure is maintained by water-soluble 
bonds. If these soils subsequently become wetted, these bonds weaken and the soil 
collapses, sometimes causing excessive settlements. Engineers have developed 
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mcthods of evaluating such soils. Once they have been recognized, appropriate 
preventive measures may be implemented. 

5. Frozen soils are those that have a temperature less than 0° C. They can cause a 
variety of problems, and are most often a concem in arcas with cold winters. Frost 
heave is one of these problems. Once again, engineers have developed methods of 
assessing the potential for heave and implementing preventive measures. 

6. Permafrost is permanently frozen ground. In this case, problems occur when 
engineering projects cause it to thaw. 

7. Corrosive soils are those that are hostile to buried materials. Steel and iron can be 
subject to rusting, concrete can be subject to sulfate attack, and wood can be subject 
to rotting. The effects of corrosion can be reduced, but not always eliminated. 

Vocabulary 

collapsible soil 
corrosive soil 
expansion index test 
expansive soil 
frost heave 

fro st-susceptible soil 
frozen soil 
permafrost 
swell test 

COMPREHENSIVE QUESTIONS ANO PRACTICE PROBLEMS 

18.1 A 2.5 m thick fill is to be placed over a thick stratum of soft clay, then a one-story office 
building is to be built on top of the fill. According to a settlement analysis, the weight of this 
fill wi\1 cause 600 mm of total settlement over a period of 30 years. The differential settlement 
wi ll probably be about 100 mm. Although the building could be supported on spread footing 
foundations in the fill. the design engineer has decided to support it on a system of pile 
foundations that penetrate through the fill and into the underlying soils, thus insulating this 
building from the settlement problem. 

Other than cost considerations, what problems will probably occur as a result of this 
design? What methods might be used to overcome these problems? 

18.2 A one-story wood-frame house is to be built on a site in Texas that is underlain by a clay with 
a plasticity index of 40. Might this house be prone to di stress dueto expansive soils? Why or 
why not'l 

18.3 A project specification requires all imported soils be "non-frost-susceptible." Sorne import is 
required, and three sources are available. Source A has a fine silty sand (ML), Source B has 
a well-graded sand (SW), and Source C has a lean clay (CL). Which of these soils would be 
most likely to satisfy the project specifications'l Explain the reason for your answer. 

18.4 An underground steel pipeline is to be constructed in a soil that is mildly corrosive. What kinds 
of measures might be used to prevent failure dueto excessive corrosion'! 
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Soil Imp7Jovement 

Anyone who thinks he has all the answers 
is not quite up-to-date on all the questions. 

Unknown Author 

On most projects, geotechnical engineers focus on assessing the existing soil and rock 
conditions, then develop designs that are compatible with these conditions. For example, 
if the project involves designing a structural foundation and the soil conditions are good, it 
may be possible to use spread footings, whereas if soíl conditíons are bad it may be 
necessary to use deep foundations. However, on sorne projects the soil conditions are so 
poor that it becomes very expensive to accommodate them in the design. When this 
happens, we often consider various methods of soil improvement. These methods are 
intended to improve the quality of the soils. Although soil irnprovernent is generally 
expensive, it is often cost effective because it reduces the cost of the rernaíning construction. 
In sorne cases, the proposed construction would not even be practica! unless the soils are 
first improved. 

Sorne soil irnprovernent methods are proprietary (i.e., they are protected by patents, 
and may be performed only by certain contractors), and many require specialized 
equiprnent. Often these propríetary methods are implemented by design-build firms that 
do both the engineering design and the construction. However, other methods can be 
irnplernented by any qualified contractor with ordinary equipment. 

This is a rapidly developing topic that is being dríven by economic pressures to build 
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on si tes with marginal soils, the need to rebuild aging infrastructure in urban areas, increased 
recognition of seismic hazards, and various geoenvironmental problems. Many new 
techniques ha ve been developed and refined during the last quarter of the twentieth century, 
and contractors equipped to implement them have become much more common (Schaefer, 
1997). Methods that were only recently considered to be experimental are now preven and 
widely accepted. Thus, soil improvement has rapidly become a broad topic that easily could 
fill an en tire course. This chapter is only a brief introduction. 

19.1 REMOVAL ANO REPLACEMENT 

One of the oldest and simplest soil improvement methods is to simply excavate the 
unsuitable soils and replace them with compacted fill. This method is often used when the 
only problem with the soil is that it is too loose. In that case, the same soil is used to build 
the fill, except now it has a higher unit weight (because of the compaction) and thus has 
better engineering properties. This is a common way to remediate problems with col!apsible 
soils. 

Removal also may be a viable option when the excavated soils have other problems, 
such as contamination or excessive organics, and need to be hauled away. This method can 
be expensive because of the hauling costs and the need for imported soils to replace those 
that were excavated. It also can be difficult to find a suitable disposal si te for the excavated 
soils. 

Removal and replacement is generally practica\ only above the groundwater table. 
Earthwork operations become much more difficult when the soil is very wet, even when the 
free water is pumped out, and thus are generally avoided unless absolutely necessary. 

19.2 PRECOMPRESSION 

Another old and simple method of improving soils is to cover them with a temporary 
surcharge fill, as shown in Figure 19.1 (Stamatopoulos and Kotzias, 1985). This method 
is calledprecompression, preloading, or surcharging. It is especially useful in soft clayey 
and silty soils because the static weight of the fill causes them to consolidate, thus 
improving both their settlement and strength properties. Once the desired properties have 
been obtained, the surcharge is removed and construction proceeds on the improved site. 

Surcharge fills are typically 3 to 8 m (10-25 ft) thick, and generally produce 
settlemeñts of 0.3 to 1.0 m (1-3ft). They have been used at sites intended for highways, 
runways,_buildings, tanks, and other projects. 

Precompression has many advantages, including: 

• lt requires only conventional earthmoving equipment, which is readily available. No 
special or proprietary construction equipment is needed. 

• Any grading contractor can perform the work. 
• The results can be effectively monitored by using appropriate instrumentation 

(especially piezometers) and ground leve\ surveys. 
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• The method has a long track record of success. 
• The cost is comparatively low, so long as soil for preloading is readily available. 

However, there also are disadvantages, including: 

• The surcharge fill generally must extend horizontal! y at least 10m (33ft) beyond the 
perimeter of the planned construction. This may not be possible at confmed si tes. 

• The transport of large quantities of soil onto the site may not be practica!, or may have 
unacceptable environmental impacts (i.e., dust, noise, traffic) on the adjacent areas. 

• The surcharge must remain in place for months or years, thus delaying construction. 
However, the process can be accelerated as described below. · 

Figure 19.1 This surcharge fill will remain in place until the underlying soils 
have settled. The smokestack and crane in the background are located behind 
the fill. 

Vertical Drains 

The time required to achieve a certain level of consolidation is proportional to H d,
2
, where 

Hd, is the maximum drainage distance, as defined in Chapter 12. Thus, if the strata of 
compressible soil is very thick, the time required to achieve the desired consolidation may 
be excessive. In sorne cases, this time can easily be severa! years or even decades, even with 
a surcharge fill. Very few projects can accommodate such long delays. Therefore, when 
precompression is used on thick compressible soils, we generally need to employ sorne 
means of accelerating the consoli~tion process. 

The most effective way of accelerating soil consolidation is to reduce H dr by providing 
artificial paths for the excess pore water to escape. This can be done by installing vertical 
drains, as shown in Figure 19.2. The excess pore water within the compressible soil now 
drains horizontally to the nearest vertical drain, a much shorter distance than befare. In 
addition, most soft clays contain thin horizontal sandy or silty seams, so the horizontal 
hydraulic conductivity, kx, is typically much higher than the vertical value, k,_. This further 
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increases the rate of consolidation. Thus, the time required to achieve the required degree 
of consolidation can typically be reduced from severa! years to only a couple of months. 
Vertical drains also may be used with only the permanent fill, thus eliminating the expense 
of a surcharge fill. 

Figure 19.2 Use of vertical drains to accelerate consolidation. 

The excess pore water pressures generated during consolidation provide the head to 
drive water through the vertical drains. Once consolidation is complete, the excess pore 
water pressures become zero and drainage ceases. 

The earliest vertical drains consisted of a series of borings filled with sand. These 
sand drains were expensive to construct, so engineers developed another method: 
prefabricated vertical drains (also known as wick drains or band drains). They consist of 
corrugated or textured plastic ribbons surrounded by a geosynthetic filter cloth as shown in 
Figure 19.3. Most are about 100 mm (4 in) wide and about 5 mm (0.2 in) thick. These 
drains are supplied on spools, and are inserted into the ground using special equipment that 
resembles a giant sewing machine, as shown in Figure 19.4. Prefabricated vertical drains 
are considerably less expensive than sand drains, and thus have become the preferred 
method on nearly all projects. 

The required spacing of vertical drains is determined by a radial drainage analysis, and 
represents a compromise between construction cost and rate of consolidation. Typically 
they are sp(\ced about 3m (lO ft) on center, which means hundreds of drains are usually 
required. ' 

Although precompression can be very useful with soft silty and clayey soils, it is not 
very effective in sandy soils. Sands respond best to densification methods that use 
vibration. 
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Figure 19.3 a) A typical prefabricated vertical drain; b) Prefabricated vertical drains after installation. The drains 
are the small strips extending out of the ground. Wider header drains also ha ve been installed on the ground surface 
to collect water from the vertical drains and carry it to a discharge location. The site is now ready to be covered 
with the flll (American Wick Draín Corporation). 

19.3 IN-SITU DENSIFICATION 

Figure 19.4 Equipment used to insta!! prefabricated 
vertical drains (American Wick Drain Corporation). 

Engineers and contractors have developed severa! methods of inducing strong vibrations in 
the ground to densify sandy soils in-situ. Many of these methods have proven to be cost 
effective, and are especially useful in remediating sandy soils that are prone to seismic 



674 Soillmprovement Chap. 19 

Iiquefaction. Shallow soils often can be densified using heavy vibratory rollers such as the 
one in Figure 6.22, but they are effective only to depths of about 2 m (7 ft). Other methods, 
as discussed below, induce vibrations at greater depths and are used to densify deeper soils. 

Vibro-Compactlon 

One method of densifying deeper soil deposits is to 
insert sorne type of vibratory probe into the ground. 
Two types are most commonly used: the terra 
pro be and the vibroflot. A terra probe consists of 
a vibratory pile hammer attached to a steel pipe pile 
(Brown and Glenn, 1976). This device is vibrated 
into the ground, densifying the adjacent soils, and 
then retracted. A vibroflot is a specially constructed 
probe that contains vibrators and water jets. This 
probe is lowered into the ground using a crane, as 
shown in Figure 19.5. The presence of the vibrator 
near the tip probably induces greater vibrations in 
the ground, and the water jets assist in the insertion 
and extraction of the pro be. This technique of soil 
improvement is called vibroflotation. 

Both of these techniques may be classified as 
vibro-compaction methods because they compact 
the soils in-situ using vibration. They are generally 
effective only when the silt content is Iess than 
12- 15 percent and the clay content is less than 
about 3 percent (Schaefer, 1997). The construction 
process typically uses a grid pattem, with spacings 
of 1.5 to 4 m (5-13ft) and treatment depths of 3 to 
15 m (10-50 ft). 

Dynamic Compaction 

Figure 19.5 This crane is lowering a 
vibroflot into the ground (GKN Hayward 
Baker, [nc.). 

Dynamic compaction (also called dynamic consolidation or heavy tamping) is another 
method of in-situ densification. It uses a special crane to lift 4 to 27 Mg (5-30 ton) 
weights, clllled pounders, to heights of 12 to 30m (40-100 ft), then drop these weights onto 
the ground as shown in Figure 19.6. Typically the weight is dropped several times at each 
location. This process is repeated on a grid pattem across the si te, leaving a series of 1 to 
3 m (3-10 ft) deep craters. The ground surface is then releveled with conventional 
earthmoving equipment and the process is repeated at grid points midway between the 
primary drops. Finally, the upper soils are compacted and graded using conventional 
methods. 
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Figure 19.6 This craoe is densifying the soil 
using dyoarrúc compaction. It has just dropped a 
large weight onto the ground (GKN Hayward 
Baker, Inc.). 

Although it appears crude, dynamic compaction can be a cost-effective method of 
densifying loose sandy and silty soils. It also has been used in soils that contain boulders 
and other large debris, and in sanitary landfills. The primary zone of influence typically 
extends to depths of 5 to 10m (15-30 ft), with lesser improvements below these depths. lt 
has been used to treat liquefaction-prone soils (Dise, Steveos, and Von Thun, 1994), 
collapsible soils (Rollins and Kim, 1994), and soils that are prone to excessive settlement. 
However, it is not an effective method for saturated clays because their low hydraulic 
conductivity does not permit rapid consolidation. 

The effectiveness of a dynamic compaction program is typically evaluated by 
performing SPT or CPT tests both before and after construction. In favorable conditions, 
the post-construction (N1) 60 values can be 10 to 20 blows higher than those measured before 
construction. 

Because of the large impact forces, this method generates substantial shock waves, 
and therefore cannot be used close to existing structures. 

Blast Densification 

Blast densification is another method of in-situ densification, and is even more curious than 
dynamic compaction. This method consists of drilling a series of borings and using them 
to place explosives underground. These explosives are then detonated, and the resulting 
shock waves densify the surrounding soils. Blast densification has been used successfully 
on many projects, and is most effe~tive in clean sands. However, because of vibration and 
safety issues, it is only suitable for remote sites and thus is not nearly as common as vibro
compaction or dynamic compaction. 
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19.4 IN-SITU REPLACEMENT 

In-situ densification equipment also may be used to improve the ground by in-situ 
replacement. With this method, a vibroflot is used to create a shaft that is backfilled with 
gravel to forro a stone column (Mitchell and Huber, 1985). This technique is called vibro
replacement. Altematively, dynamic compact~on equipment may be used to pound a gravel 
inclusion into the ground using a technique caBed dynamic replacement. 

These methods may be used in nearly all types of soil, and are primarily intended to 
provide load bearing members that extend through the weak strata. The stone columns also 
act as vertical drains, thus helpíng to accelerate consolidation settlements and mitigate 
seismic liquefactíon problems. 

19.5 GROUnNG 

Grouting is the injection of specialliquid or slurry materials, called grout, ínto the ground 
for the purpose of ímproving the soil or rock. It has been used extensively for the past 
several decades, and is a well-established method of soíl improvement. 

There are two primary kinds of grout. Cementitious grouts are made of Portland 
cement that hydrates after injection, forming a solid mass. Che mica! grouts include a wide 
range of chemicals that solidify once they 
are injected into the ground. These 
include silicates, resíns, and many others. 
Chemical grouts have a wider range of 
available properties, and thus can be used 
in sorne applications where cement grouts 
are ineffective. However, cbemical 
grouts also are more expensive, and sorne 
are toxic or corrosive. 

There are four principal grouting 
methods, as shown in Figure 19.7: 

• Intrusion grouting (also known as 
slurry grouting) consists of filling 
joints or fractures in rock or soil by 
injecting grout through pipes. 
Thes¡-pipes may be inserted from 
the gtound surface, or from tunnels. 
The prunary benefit from this work 
is a decrease in hydraulic 
conductivity. This method is often 
used to prepare the foundations and 
abutments for daros. It usually is 
done using cementitious grouts. 

Intrusion grouting Compaction grouting 

Penneation grouting Jet grouting 

Figure 19.7 Types of grouting (Welsh. 1986). 



Sec. 19.6 Stabilization U si ng Admixtures 677 

• Permeation grouting is the injection of thin grouts into the soil such that they 
permeate into the voids (Littlejohn, 1993). Once the grout cures, the porous soil is 
transformed into a near salid mass. Although this can sometimes be done using 
cement grouts, the void space in most soils is much to small to perrnit passage of the 
Portland cement particles. Thus, most permeation grouting is performed using 
chemical grouts. Because of this, it is often called chemical grouting. The treated soil 
has a much lower hydraulic conductivity, and is stronger and less compressible than 
befare. It is often used to form groundwater barriers and to sta.bilize soils in advance 
of making excavations or tunnels. · 

• Compaction grouting (also known as displacement grouting) uses a stiff (í.e., about 
25 mm slump) grout that is injected into the ground under high pressure through a 
pipe to forma series of inclusions (Rubright and Welsh, 1993). This grout is too thick 
to penetrate significantly into the soil, but the grout inclusions compact the adjacent 
soil. Compaction grouting is often used to repair structures that have experienced 
excessive settlement, since it both improves the underlying soils and raises the 
structure back into posítion. 

• Jet grouting (Bell, 1993) is the newest method. lt was developed in Japan during the 
1960s and 1970s, and uses a special pipe equipped with horizontal j ets that inject 
grout into the soil at high pressure. The pipes are first inserted to the desired depth, 
then they are raised and rotated while the injection is in progress, thus forming a 
column of treated soil. Because of the high pressures, this method is usable on a wide 
range of soil types. This method has been used for groundwater control, under
pinning, stabilization in advance of tunneling, and many other applications. 

19.6 STABILIZATION USING ADMIXTURES 

Another method of improving soils is to treat them with an admixture (Ingles and Metcalf, 
1972). The most common admixture is Portland cement. When mixed with the soil, it 
forms a material called soil-cement, which is comparable to a weak concrete. Other 
admixture materials include lime and asphalt. The objective of these admixtures is to 
provide artificial cementation, thus increasing strength and reducing both compressibility 
and hydraulic conductivity. lt also reduces the expansion potential in clays. 

Surface Mixing 

Historically, most admixture stabilization has been performed by ripping the upper soils, 
applying the admixture (and possibly water), mixing with special equipment, and 
compacting. Once the mixture has cured, it forms a very hard and durable soil. These 
methods have most often been used for highways and airports, thus forming a ]ayer often 
called a subbase. Typically, this !ayer is no more than 200 mm (8 in) thick. It is 
subsequently covered with a base of crushed grave!, then the pavement. Admixture-treated 
soils also have been used as erosion protection on the face of earth dams, levees, and 
channels. 
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These methods have been used successfully for many years. When properly designed 
and constructed, they can be effective and cost efficient However, the construction process 
is very time-sensitive, because the mixture must be shaped to grade and compacted before 
curing progresses too far. In addition, specialized equipment is usually required to achieve 
sufficiently thorough rnixing. lf the mixing is inadequate, the resulting product will consist 
of altemating over-treated hard spots separat)d by untreated soft spots, a situation that may 
be worse than no treatrnent at all. 

ln-Situ Deep Mixing 

During the l970s and 1980s, a new 
method of stabilization was developed in 
J a pan. It uses rotating mixer shafts, 
paddles, or jets that penetrate into the 
ground while injecting and mixing 
Portland ceroent or sorne other stabilizing 
agent (Toth, 1993; Yang, 1994, Schaefer, 
1997). These techniques include deep 
cement mixing, soil mix walls, deep jet 
mixing, deep soil mixing, deep rnixed 
roethod, and others. There are severa! 
kinds of mixing machines available, one of 
which is shown in Figure 19.8. 

The treated soil has greater strength, 
reduced compressibility, and lower 
hydraulic conductivity than the original 
soils. 

19.7 REINFORCEMENT 

One of the similarities between concrete 
and soil is that both materials are strong in 
compression but weak in tension. In 

Figure 19.8 This rig uses three rotating augers to mix 
Portland cement with soiJ in-situ to forro a soil mix 
waJI (SMW Seiko, Inc.). 

concrete we overcome this problem by placing steel reinforcing bars inside the concrete. 
This composite material, reinforced concrete, is far better than plain concrete. 

The same principie can be applied to soils. The placeroent of tensile reinforcement 
members can significantly improve its stability and load-carrying capacity (Koemer, 1998). 
Various materials can be used, such as thin steel strips, special plastic grids, and geotextiles. 
The plastic grids, as shown in Figures 19.9 and 19.10, are the most common tensile 
reinforcement material because of their durability and low cost. 
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Figure 19.9 Tensar® geogrids are made in two different styles: A unia.J~ial geogrid, as shown on the left, is 
designed to resist tensile forces in one direction only, while a biaxial geogrid, as shown on the right, resists 
tensile forces in two perpendicular directions (Courtesy of Tensar Earth Technologies, Inc., Atlanta, Georgia, 
USA). 

Figure 19.10 Geogrids being used to reinforce a flll for a highway. Multiple 
geogrids are used, each separated by a !ayer of soil (Courtesy ofTensar 
Earth Technologies, 1nc., Atlanta, Georgia, USA) 
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Tensile reinforcement is especially useful in the construction of compacted fill slopes 
and earth-retaining structures. 

SUMMARY 

Major Points 

l. Most geotechnical engineering projects focus on assessing the engineering 
characteristics of the ground as ít presently exists and designing the project to 
accommodate these conditions. However, sometimes it is cost effective to improve 
the soils, thus producing better engineering properties and placing fewer demands on 
the proposed construction. 
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2. Removal and replacement is one of the oldest and simplest methods of soil 
improvement. However, it is usually cost effective only when the required volumes 
are small and the excavation does not need to extend below the groundwater table. 

3. Precompression consists of applying a surcharge load, thus accelerating consolidation 
settlements. It is generally effective only in silts and clays. 

4. Vertical drains may be used to accelerate consolidation settlement, either with or 
without surcharge loads. 

5. In-situ densification uses strong vibrations to densify the ground, and is effective in 
sandy soils. Severa] methods are available. 

6. Grouting consists of the injection of specialliquid or slurry materials to improve the 
soil. 

7. Admixture stabilization consists of mixing soil with Portland cement or sorne other 
material. 

8. Reinforcement methods consíst of installing tensile reinforcement members in the 
soil, thus forming a composite material that has both compressive and tensile strength. 

Vocabulary 

blast densification 
dynamic compaction 
grouting 
precompression 
removal and replacement 

sand drain 
soil cement 
soil improvement 
stone column 
surcharge fi ll 

terra-probe 
vertical drain 
vibro-compaction 
vibroflotation 
wick drain 

COMPREHENSIVE QUESTIONS AND PRACTICE PROBLEMS 

19.1 A proposed medica! office building is to be built on a vacant paree! of land adjacent to a 
hospital. This site is underlain by 30 ft of loose sand that is prone to seismic liquefaction. To 
rectify this liquefaction problem, the sand needs to be densified. Suggest an appropriate method 
of soil improvement for this si te and indicate the rea~ons for your selection. The groundwater 
table is at a depth of 5 ft. 

19.2 A zone of buried trash has been found ata proposed construction si te. The total volume of this 
trash appears to be about 100 m '. and all of it appears to be within 3 m of the ground surface. 
This trash is weak and compressible, and thus would not provide adequate support for the 
proposed construction. The remainder of the site is underlain by ML and SM soils and the 
grouQt!water table is at a depth of 15 m. Recommend a method of solving this problem. 

19.3 Explai'n how a time-settlement analysis could be used to estímate how long a surcharge fill must 
remain in place. 
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Geolechnical 

Earthquake Engineering 

A big quake has to occur before the public 
will act to beef up building codes and 
formulate plans for disaster management. 

Richard H. Jahns, Geology Professor from Stanford University 
speaking to a professional conference in California, two years 
befo re the disastrous 1971 Sylmar Earthquake 

Many areas of the world are seismically active and subject to destructive earthquakes. 
Geologists, seismologists, geotechnical engineers, structural engineers, and others work 
together in these areas to protect the public from excessive earthquake-related damage and 
lllJUry. 

Geotechnical earthquake engineering is the branch of geotechnical engineering that 
deals with such matters. It is a very young discipline that began largely as a result of two 
earthquakes in 1964: the Alaska Earthquake, which was the largest recorded earthquake in 
North America, and the Niigata, Japan Earthquake, which was smaller but very significant. 
Subsequent earthquakes have further fueled interest, funding, and ultimately building code 
regu1ations related to geotechnical earthquake engineering. 

20.1 EARTHQUAKES 

Sources 

Most earthquakes are the result of sudden massive shifting in bedrock dueto forces within 
the earth. These are known as tectonic earthquakes and the movements occur alongfaults 
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(see discussion of faults in Chapter 2). This shifting generates shock waves that propagate 
outward from the fault. Sometimcs only a short section of the fault moves, and these 
movements are small, thus generating a mild earthquake. Other times a much longer section 
of the fault moves, sometimes hundreds of kilometers, and it shifts farther, perhaps severa! 
meters, creating powerful and destructive earthquakes. 

The shearing action along a fault begín~ ata point called the focus or the hypocenter, 
then spreads over a certain area of the fault. The focus is typically 5 to 50 km (3-30 mí) 
below thc ground surface, but may be as deep as 600 km (400 mí). The epicenter is the 
point on the ground surface immediately above the focus. Howcver, faults are rarely 
vertical, so the epicenter is generally offset from the fault trace. 

Earthquakes also develop from other sources, including volcanic earthquakes 
(associated with the eruption of volcanos), explosion earthquakes (such as those generated 
by underground nuclear tests), and col!apse earthquakes (from underground collapses of 
mines, large landslides, and olher sources). However, these are much less important than 
tectonic earthquakes and generally do not produce significanl damage. Therefore, we focus 
our efforts almost completely on tectonic earthquakes. 

lntensity and Magnitude 

To provide for systematic study, we need to have sorne method of expressing the severity 
of earthquakes. Two approaches are commonly used: intensity and magnitude. 

The intensity of an earthquake is an assessment of its effects at a particular location. 
Large earthquakes have greater intensity than small ones, and observers near the epicenter 
experience greater intensity than those farther away. Severa! intensity scales have been 
used, and nearly all of them are expressed as Roman numerals. In the United S tates, the 
most popular one is the Modified Mercalli Intensity Scale, shown in Table 20.1. 

Figure 20.1 shows an intensity map compiled from damage surveys and personal 
interviews. Such maps pro vide a useful record of the earthquake, and can cven be made for 
carthquakes that occurred long ago. 

The development of seismographs (instrumcnts that measure earthquakes) enabled 
seismologists to use more objective and quantitative methods to assess earthquakes. This 
lead to the development of magnitude scales. Charles Richter, a seismologist, developed 
the first magnitude scale, commonly called the Richter magnitude, based on data gathered 
from a certain seismograph (Richter, 1935). 

The Richter scale has since been refined with the introduction of the body wave 
magnitude,Mh; the local magnitude, ML; the suiface wave magnitude, M,; and the moment 
magnitude, M ... All ofthem produce similar results for small earthquakes, but can be quite 
different for larger ones. For example, the 1964 Alaska Earthquake had M"= 9.2 and 
M, = 8.6, but M¡, of only 6.5. 

The magnitude of an earthquake is a measure of the amount of energy released. It is 
a logarithmic parameter, with an increase of onc on a magnitude scale representing a thirty
fold increase in energy (not tenfold as is sometimes claimed). Thus, a magnitude 7 
earthquake is 900 times more powerful than a magnitude 5. Table 20.2Iists the magnitudes 
of sclected major earthquakes, with emphasis on thosc in North America and those that had 
an important influence on geotechnical earthquake engineering. 
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TABLE 20.1 ABRIDGED MODIFIED MERCALLIINTENSITY SCALE OF 1931 (Bolt, 1993}. 

:;¡ 

1"''" 

Modified 
Mercalli 
Intensity 
(MMI) 

n 

IV 

.. 
V 

VI 

vn 

VUI 

IX 

X 

XII 

Description 

Notf~t except by a very • • · . • · •. . . · . · . • · . · ·. • . ' . . 

Felt only by a few persons at rest, especially on upper floors of building~.llicately suspended 
objects may swing. 

During the day felt indoors by rnany, outdoors by few. At night sorne awakened. Dishes, 
windows, doors disturbed; waUs make creaking sound. Sensation like heavy truck striking 
building. Standing autornobiles rocked noticeably . 
... 

Fiír Íly nearly everyone, Ifian~it'W;ík~d: So~~-ij'js~; ~lidQINS, and so·.· 

,¡ ·: ;~~~:~i:o~~~~~~~c:~~:;l®i~::~:~~t~~~.S;W: . s :~r . 
Felt by all, rnany frightened and run outdoors. Sorne heavy fumiture moved; a few instances of 
fallen plaster and damaged chimneys. Darnage slight. 

Everybody rons outdoors. Damage negligible in b ood.desigli and 
j;:>ligbt to rnoderate in well-built ordinary structures; C()~~rable in pborty 

. ~tiuctures; sorne chimneys broken. Noticed by perso~¡~yJng caes. 
Damage slight in specially designed structures; considerable in ordinary substantial buildings 
with partial collapse; great in poorly built structures. Panel walls thrown out of frame structures. 
Fall of chimneys, factory stacks, colurnns, rnonuments, walls. Heavy fumiture overtumed. Sand 
and rnud ejected in srnall arnounts. Changes in well water. Persons driving cars disturbed. 

Dainage coñsiderable in specially designed ~tn''""'"'-~· 
of .pluinb; great in subsiantial buildings, with 
Gfutlndcracked conspicuoüs!Y/ Underground pipes 

Sorne well·built wooden structures destroyed; most rnasonry and frarne structures destroyed with 
foundations; ground badly cracked. Rails bent. Landslides considerable frorn river banks and 
steep slopes. Shifted sand and rnud. Water splashed, slopped over banks. 

,~:!'_ej,v; if any~ masoruy:structures remiún 
'': " : · und. .pipelin~\completely out 

j¡j¡;_ ~¡bent,~~~tly. '''' ,
0 

:;\~E\;,;;;~Im'· 

Darnage total. Waves seen on ground surface. Lines of sight and level distorted. Objects thrown 
into the air. 
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U S COAST ANO GEOOETIC SURVEY 

EARTHQUAKE 
OF 21 JULY l!r.j2, 03:52:14 PST 

Geotechnical Earthquake Engineering Chap. 20 

Figure 20.1 Modífied Mercallí intensítíes for the 1952 Kern County Earthquake ín California. Thís ís also called an 
isoseísmal map (U.S. Coast and Geodetic Survey). 
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TABLE 20.2 DESCRIPTION OF SELECTED EARTHQUAKES (Adaptad and condensad from Kramer, 1996; 
Bolt, 1993; Algermissen, 1983, and other sources) 

Date Location 

.. O o .. : 
1857 California 

1872 CáJ~forpiá 
... ., 

,.!, 
.:z:~~l+ 

1886 South 
Carolina 

·::;::: 

l<)Q6 

1925 California 

1933 California 

Magnitude and 
Intensity 

oc;;, 

M., = 7.9 
X 

( estimated) 

~:~~.8 
(~~tin,uned > .::· 

>> 

M, =7.7 
Mb= 6.8 

IX 
(estimated) 

M= .,.,.$ 8.3 

-Tr .~~~17.9 

M, =6.5 
IX 

~-

Deaths Comments 

o-.oH 

e.~.Jarg~ e~quak:es 
ches on Missíssippi 

River; althoug~:t.aboul· e same magnitude as the 
·t906 San Francisco Earthquake, these were felt 
across a Ííl:t'ihh larger area; felt,in Bo ' . 
awak:enedThomas Jefferson i~' Vii' .. 

Fort Tejan Earthquake; one of the largest 
earthquakes known to ha ve been produced on the 
San Andreas Fault; the fault ruptured for 250 
miles (400 km) with up to 30ft (9 m) of offset. 

27 Owens Valley Earthquake . 
::¡_ ... 

110 Strongest documented earthquake on the east 
coast; produced significant Jiquefaction; 
extensive damage in Charleston. 

700 ,; : .. The great San Francisco Earthquake; f~¡rst great;';:.> 
: earthquak;~;~!) strik~ a]densely populated area in ¡,:, 
the UnitetfStates; pfOduced up to 21 ft (7 m) of 
offset álong a 270 mi (430 km) ruptpt~ of the San 
Andl;eas FIUJlt; most d .. ,.age w~:~sed by 
subsequent fir~$. . "''' ·· · .. . . ::· 

13 Santa Barbara Earthquake; caused liquefaction 
failure of Sheffield Dam; led to first explicit 
provisions for seismic design in U .S. building 
codes. 

120 Long Beac .. Earthquake; considerable building 
damage; ·· ools p~i;cu1arly hard-hit, .with many 

[h:children, ... . an<finjured; led to seisnijp 
··· design requirements in buildhlg e . 

particularly for 5choolb~~dings;" " 
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TABLE 20.2 DESCRIPTION OF SELECTED EARTHQUAKES (continued) 

Date Location 

1940 California 

1959 Montana 

1960 '· i; Chile 

1964 Alas ka 

1964 "' · Japan 

1971 California 

1985 Mexico 

1989 California 

1.11 :::: 

1994 ' ~ .. ( 

1995 Japan 

Magnitude and 
Intensity 

· M,=7.1 
X 

M, =7.1 
Mw= 7.3 

X 

·· M, =8.3 
M, =9.5 

XI 

Mw= 9.2 
M5 = 8.6 
Mb = 6.5 

X 

M, =6.2 
ML = 6.4 

X 

M5 = 8.1 
IX .. 

M 5 =7.1 
M.., =6.9 
ML:: 7.0 

IX 

M¡;·d6:1:: 
¡~ 

Mw=6.9 
X 

Deaths 

9 

28 

2,230 

131 

26 

65 

Comments 

~~{ierial Valley Earthquake; Jar~~~~o~h~i!¡ 'C"' ' , 

·di¡Placements along.,(m 
20.~~); first importaiit ~ 
engineering purposes. 

Hebgen Lake Earthquake; caused large landslide 
that blocked a river and produced a lake; faulting 
within a reservoir produced a seiche that 
overtopped an earth dam. See Figure 20.16. 

Probably the largest earthq~~:e~'ré<:~~~;·:~u::, 
.... 

Good Friday Earthquake; largest recorded 
earthquake in North America. Caused severe 
damage due to liquefaction; earthquake-induced 
landslides (see Figure 20.18); tsunami. 

Widespread liquefacticirl'~~ 
damage, especially in Ni" 
20.10, and: ~9.17); ,, 
liquefactioft,;:g¡¡if;¡i'.!¡!!i'!1' 

'exteósive 
' 'p¡giires 20.9; 
eh ii:ltefest in 

Sylmar Earthquake; produced liquefaction in an 
earth dam (see Figure 20.8); many structural 
failures; prompted rehabilitation of many dams 
and revisions in building codes . 

. 9,500 . ,;;;¡:EpiJ~i~rwas off~~Pae.Ji '''t:gre~ot~t "' 
d_~age wa.~Jn Mexico. Qly~~2 · . . .·60 kiilf '· ··· 

; ~~;JY because oH~ ~r·soiíjs~~i~~f!.:' :: 
63 

5,300 

Loma Prieta Earthquake; liquefaction (see 
Figures 20.6-20. 7); structural collapse; illustrated 
importance of local soil conditions. 

Hyogo-Ken Nabu Earthquake; caused extensive 
darnage in Kobe; liquefaction; landslides; damage 
to retaining walls and subway stations; $100 
million damage. 
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Although the study of past earthquakes is interesting and informative, we need to 
design for potential future earthquakes. In areas with hundreds or thousands of years of 
historie records, such as China, the potential for future activity can be based largely on what 
has happened in the past. Unfortunately, very little recorded data is available in North 
America, so we must supplement it with secondary evidence, such as geologic studies of 
faults. 

A fault is said to be active if it is believed to be capable of generating new 
earthquakes. lnactive faults are those believed to be dormant. . Geologists determine 
whether or not a fault is active by studying the age of strata displaced by it, examining 
records of earthquake epicenters, studying the surface topography, and other methods. For 
normal projects, a fault is typically deemed inactive if it has not moved within Holocene 
time (i.e., the last 11,000 years). For critica! projects, such as nuclear power plants, the 
standard is much higher. 

On active faults, geologists and seismologists assign a maximum credible earthquake, 
which is the largest that can be reasonably expected to occur, and a maximum probable 
earthquake, which usually corresponds to a 100-year recurrence interval. Routine 
engineering designs can then be based on one of these events. Designs of more critica] 
projects are usual! y based on more detailed assessments of potential earthquake activity, and 
often use a statistical approach called a seismic risk analysis. 

Earthquake-Related Hazards 

Earthquakes can produce many different kinds of hazards. Those of interest to geotechnical 
engineers include the following: 

• Ground shaking - accelerations produced at a specific location by a certain design 
earthquake 

• Liquefaction- sudden ]oss of strength in certain soils 
• Suiface rupture- permanent ground deformation along a fault where it intersects the 

ground surface 
• Other permanent ground deformations- those that occur away from faults 
• Tsunamis and seiches - earthquake-generated waves in bodies of water 

These hazards are discussed in the following sections. 

20.2 GROUND SHAKING 

Geotechnical engineers are very interested in the intensity, duration, and waveform of 
ground shaking during earthquakes. The intensity at a given location is often expressed in 
terms of the peak acceleration, usually in units of "g" where lg = the acceleration of 
gravity = 9.8 m/s2

• For example, the 1994 Northridge Earthquake generated ground 
accelerations as large as 1.82g (CDMG, 1994b). There is a rough correlation between peak 
acceleration and modified Mercalli intensity, but other factors, such as duration, also need 
to be considered. 
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Ground Motion Propagation 

As the energy released by an earthquake propagates outward from the rupture zone, the peak 
accelerations diminish, justas the amplitudes of sound waves diminish as they travel farther 
from their source. Seismologists call this attenuation. 

The degree of attenuation depends on., the distance from the earthquake source, the 
energy-absorbing nature of the bedrock, and other factors. For exarnple, compare the 
intensity maps in Figure 20.2 for the 1906 San Francisco and 1811-1812 New Madrid 
Earthquakes. Although both had about the same magnitude, the bedrock in the eastem 
United States absorbs much less energy than that in the west, so the New Madrid 
Earthquakes were felt over a much wider region. 

Figure 20.2 Comparison of attenuation in the 1906 San Francisco and 1811 New Madrid 
Earthquakes. The shaded areas encompass modified Mercalli intensities of V or greater (data from 
Steams and Wilson, 1972, and Steinbrugge, 1970). 

A number of attenuation functions have been developed. Because of the differences 
in bedrock, these functions usually apply only to a certain geographic area. Boore, et al. 
(1993) d~véloped the following function for earthquakes in the westem United States: 

~ 

1og(a,..¡
1

) = -0.038 +0.216(Mw -6) -0.7771ogR +0.158G8 +0.254 Gc (20.1) 

R = Jd2 + zl2 (20.2) 
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where: 
amiU/8 = peak horizontal ground acceleration at the ground surface 

M., = moment magnitude 
d = closest distance to fault trace (km) 
z, =focal depth (km) (if unknown, 5 km is a conservative va1ue) 

G8 , Gc =empírica! coefficients from Table 20.3 

TABLE 20.3 COEFFICIENTS G 8 AND G,FOR EOUATION 20.1 (Bo.9re, et al., 1993) 

Site Class 

A 

B 

e 

Shear Wave Velocíty in Upper 30m 

> 750 m/s (> 2500 ftls) 

360- 750 m/s (1200 - 2500 ftls) 

180- 360 m/s (600- 1200 ftls ) 

o o 

o 

o 
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The shear wave velocity reflects the stiffness of the underlying soils, and m ay be determined 
by special in-situ tests. 

Toro, et al. (1995) has developed a different function for earthquakes in the central 
and eastern United States: 

In (amax,~,)""* = 2.20 + 0.81 (M . - 6) - 1.271n R + 0.11 max( ln~.o) - 0.0021 R 
• w 100 

where: 
(amiU/8),...~ = peak horizontal acceleration in bedrock 

M_.= moment magnitude 
R = Vd 2 

... 9.32 (km) 

d = closest distance to fault trace (km) 

(20.3) 

The fourth term in Equation 20.3 uses the greater of the two numbers in the parenthesis. 
Both the Boore and Toro functions are plotted in Figure 20.3. If we know the 

maximum credible or maximum probable earthquakes for local faults and the distances from 
these faults to our project site, we can use such functions to predict the peak acceleration. 

Earthquake waves trave1 differently through soil, so the ground shaking at sites 
underlain by soil is different from those underlain by rock. For example, during the 1989 
Loma Prieta Earthquake, sites underlain by deep deposits of soft soils experienced peak 
ground accelerations two to three times greater than nearby sites on stiff soils or rock (Seed, 
et al., 1990). The portions of the Highway 1-880 Cypress Viaduct that collapsed during that 
earthquake were founded on soft soils, while adjacent sections of the same design founded 
on stiffer soils did not collapse. Another example is the 1985 Michoacan Earthquake in 
Mexico, where the damage in Mexico City, 350 km from the epicenter, was much worse 
than in other cities that were much closer. This difference was due to the deep deposits of 
soft clay beneath Mexico City. Sophisticated analyses are available to address this effect; 
Figure 20.4 presents a simplified, although approximate, relationship. This plot may be 
u sed to adjust the bedrock accelerations computed from Equation 20.3. 
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Figure 20.3 Attenuation of peak horizontal acceleration for earthquakes in the western and 
central United States (Boore, et al., 1993, and Toro, et al., 1994). The Boore curves are based 
on soil type B with a 5 km focal depth and reflect accelerations at the ground surface. The 
Toro curves represent acceleration in rock. 
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Figure 20.4 Approximate adjustment to convert peak rock acceleration to peak acceleration at 
the ground surface. The shaded boxes indicate observed relationships for soft soil sites during 
the 1989 Loma Prieta and 1985 Mexico earthquakes, along with a predicted relationship (Seed, 
et al., 1976, and ldriss, 1990). 
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Site Response 

Structural engineers need information on earthquake motions to implement their seismic 
designs. For ordinary structures they use a simplified analysis method that requires only 
minimal information on the design earthquake. These analyses may be based entirely on 
data within building codes without any input from a geotechnical engineer. The method 
described in the Uniform Building Code also permits structural engineers to use lower 
design earthquake forces if the geotechnical engineer provides a sjte coefficient, S, which 
is based on a simple assessment of the soil profile (ICBO, 1997). 

For large and important projects, structural engineers use more sophisticated seismic 
analyses that require more detailed input from the geotechnical engineer. This is often 
provided in the form of a re~ponse spectrum as shown in Figure 20.5. Such plots reflect 
both the accelerations and frequency content of the design ground motions, and help 
structural engineers determine how structures with different natural frequencies will respond 
to the earthquake. For example, structures with natural frequencies that resonate with the 
ground motions will be subjected to much higher accelerations than those without such 
freq uencies. 

Geotechnical earthquake engineers use seismicity data and dynamic assessments of 
the onsite soils to develop response spectra. See Kramer ( 1996) for more specific 
information. 
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Figure 20.5 A typical response spectrom. This plot presents the acceleration 
in a structural member with a certain natural period and damping. In this 
case, the greatest accelerations occur in structures with natural periods of 
about 3 seconds (Housner, 1970). 

20.3 LIQUEFACTION 

Liquefaction is the rapid loss of shear strength in cohesionless soils subjected to dynamic 
loading, such as from an earthquake. Sometimes the shear strength falls to nearly zero, 
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while other times it only drops to a lower-than-normal value. In either case, liquefaction can 
lead to many kinds of failures, so its evaluation is one of the most important aspects of 
geotechnical earthquake engineering. 

There are two types of liquefaction: 

• Flow liquefaction occurs when the staqc shear stresses in the soil exceed the shear 
strength of the liquefied soil. Thls usually leads to large and sudden shear movements 
in the soil. 

• Cyclic mobility occurs when the static shear stresses are slightly less than the liquefied 
shear strength, but the static plus dynamic stresses are greater than the liquefied shear 
strength. This produces incremental shear movements that are generally not as 
dramatic as flow liquefaction, but still can be a source of significant damage. 

Liquefaction is often accompanied by swul boils, which are made of liquefied sand 
ejected from the ground as shown in Figures 20.6 and 20.7. If sand boils are observed, we 
are sure liquefaction has occurred. 

Figure 20.6 Sand boíl at 
truck terminal in Port of 
Oaldand, California, 
produced by the 1989 Loma 
Prieta Earthqualce. 
(Earthqualce Engineering 
Research Center Library, 
University of California, 
Berkeley, Steinbrugge 
Collection) 

Several kinds of liquefaction-induced failures have been observed, including: 

• Landslides - The static shear strength in sloping ground is often only slightly greater 
than tbe 'static shear stresses, so a loss in shear strength due to liquefaction can easily 
prodllce a landslide. Such failures have occurred in natural and artificial slopes, and 
in eartit dams (see Figure 20.8). 

• Lateral spreads - Liquefaction also can cause large horizontal movements in nearly 
leve! ground adjacent to river banks or other similar topographic features. 

• Bearing capacity failure of foundations - Structural foundations impose shear 
stresses in the soil that supports them, and are subject to a bearing capacity failure if 
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the soilliquefies. Dramatic failures of this type occurred during the 1964 Nügata 
Earthquake, as shown in Figures 20.9 and 20.l0. 

• Flotation of buried structures - Underground structures, such as tanks, pipelines, and 
subway tubes, have a lower mút weight than the surrounding soil, and can float 
upward if the soilliquefies. For example, in the Niigata Earthquake, an underground 
reinforced concrete sewage treatment tank floated up wh~ the surrounding soil 
liquefied, finally coming to rest 3m (10ft) above the ground surface (Seed, 1970). 

• Sinking ofbuildings and other structures- Above-ground structures, especially those 
supported on spread footings, can sink into liquefied soil. 

Figure 20.7 Sand boil in 
Marina Oreen, San 
Francisco, California, as a 
result of the 1989 Loma 
Prieta Eartbquake. The green 
is underlain by a sandy 
hydrau!ic fill (Eartbquake 
Engineering Research Center 
Library, University of 
California, Berlceley, 
Steinbrugge Collection) 

Figure 20.8 Lower San 
Fernando Dam. The soils 
inside this earth dam 
liquefied during the 1971 
Sylmar Earthquake in 
California. The dam was 
constructed by hydraulic 
filling ( see Chapters 6 and 
15), and thus contained 
Joose, saturated, sandy soils 
prone to liquefaction. The 
left portian of the dam slid 
into the reservoir, leaving 
only 1.5 m of freeboard. The 
failure ofthis dam prompted 
tbe reconstruction or 
replacernent of severa! other 
dams that also had been built 
using hydraulic filling. 
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Figure 20.9 The soils below these apartment buildings in Niigata, J apan, Iiquefied 
during the 1964 earthquake, which produced bearing capacity failures (as discussed in 
Chapter 17). The failure reportedly occurred very slowly, and the buildings were very 
strong and rigid, so they remained virtually intact as they tilted. There was very little 
damage to the interior, and the doors and windows still functioned after the failure. 
Afterwards, the occupants of the center building were able to evacuate by walking down 
the exterior wall. (Earthquake Engineering Research Center Library, University of 
California, Berkeley, Steinbrugge Collection) 

Physical Processes 

Geotechnical engineers began intensive studies 
of liquefaction following the 1964 earthquakes 
in Alaska and Japan. These studies have 
included field evaluations following major 
earthquakes and laboratory studies using special 
cyclic loading devices. As a result of these 
studies, we now have a much · better 
understanding of the physical processes behind 
this phenomenon and are better able to identify 
the soil conditions that are prone to liquefaction 
in future e~quakes. 

Liqu\faction occurs only when all of the 
following diteria have been met: 

• The soil is cohesionless 
• The soil is loose 

Chap. 20 

• The soil is saturated 
• The earthquake produces ground shaking 

with sufficient intensity and duration 
• The ground shaking produces undrained 

conditions in the soil 

Figure 20.10 The soils below this building in 
Niigata, Japan, liquefied during the 1964 
earthquake, causing settlemeot and bearing 
capacity failures. {Earthquake Bngineering 
Research Center Library, University of 
California, Berkeley, Steinbrugge Collection) 
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A eohesionless soil is one that has a cohesion, e, of zero. In other words, these soils 
obtain all of their shear strength frorn friction and interlocking between the particles. This 
includes rnost sands and gravels, and sorne nonplastic silts. The other category of soils is 
called cohesive soils and have e> O. Cohesive soils will not liquefy. 

When cohesionless soils are loose (i.e., when they have a low relative density, D ¡), 
they tend to cornpress when subjected to cyclic loading. This is why vibratory cornpaction 
equiprnent is so effective in these soils (see Chapter 6). l f the soil is not saturated, this 
compression occurs easily. However, if it is saturated (S= 100%) .. .iome of the pore water 
rnust escape before thc solid particlcs can cornpress. 

If the hydraulic conductivity, k, is very high, the necessary amount of water will 
escape and the soil will cornpress. This is what we called the drained condition in 
Chapter 13, and it would be present in clean gravels. However, if the hydraulic conductivity 
is lower, yet the rate of Joading is still rapid (i.e. , an earthquake), the water cannot drain 
quicldy enough and the undrained eondition occurs. This is the situation in rnost SW and 
SP sands, and can occur in sorne SM and ML soils (Vaid, 1994; Finn, Ledbetter and Wu, 
1994; Singh, 1994), and in sorne gravels (Hynes, 1994; Evans and Zhou, 1994). 
Finer-grained soils do not compress as readily under cyc1ic loading and usually have sorne 
cohesive strength, so they are not being considered here. 

When the undrained condition prevails in these soils, the squeezing action of the 
particles trying to cornpress produces excess pore water pressures. Each cycle of shaking 
adds to these excess pore water pressures. !f the earthquake has sufficient intensity and 
duration, these pressures can becorne quite high. and can lead to liquefaction. 

In Chapter 13, we wrote the Mohr-Coulornb strength equation: 

s = e 1 + o' tan<!>' (20.4) 

Cornbining it with Equations 10.32 and 13.6 and setting e' =O (because the soils 
under discussion are cohesionless) gives: 

where: 
s = shear strength 
o = total stress 

s = (a - u11 - u,) tan<!>' 

u11 = hydrostatic pore water pressure 
u, = excess pore water pressure 
e' = effeclive cohesion 

4>' = effective friction angle 

(20.5) 

Thus, as the excess pore water pressure builds up during the earthquake, the shear 
strength decreases, possibly falling to zero. 
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Assessment 

Liquefaction rescarch also has produced methods of assessing the susceptibility of soils to 
liquefaction. Most of these methods use the cyclic stress approach, which describes 
earthquake loading in terms of the cyclic stress ratio, •.·ve !azu ', where 't,.,, is the cyclic shear 
stress and az0' is the initial vertical effective stress. This method assesses the cyclic stress 
ratio anticipated at the site during a certain ·design earthquake and compares it to that 
required to produce liquefaction. Both of these values depend on many factors, and vcry 
detailed investigations and analyses can be employed to define them. However, for many 
projects, a simplified analysis (Seed, et al., 1985) is sufficient. We will confine our 
discussion to these simplified analyses. 

The cyclic stress ratio induced in the soil by the design earthquake may be estimated 
by using the following simplified formula (Seed and ldriss, 1971): 

(20.6) 

where: 
( •,nla,

0
') eqk = cyclic stress ratio produced by an earthquake 

a.,.,)g = peak horizontal ground acceleration divided by acceleration of gravity 
a,u = initial vertical total stress 
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o,0 ' = initial vertical effective stress 
rd = stress reduction factor (from Figure 20. 1 1) 

Stress reduction factor. r d 

2 

3 

4 

5 

6 
7 g 
8 t 
9 o 
10 

11 

12 

13 

14 
15 

Figure 20.11 Stress reduction 
factor, r", for use in Equatíon 20.6. 
Usually we use the curve labcled 
"average." (Adapted from Seed 
and !driss, 1971 ). 
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The design value of amaJg is detennined from an assessment of the magnitude of the 
design earthquake and its distancc from the project si te, as well as site response effects. 

The cyclic stress ratio required to produce liquefaction depends on many factors, but 
the simplified analysis considers only the following: 

• The standard penetration test (SPT) or cone penetration test (CPT) resistance, which 
reflects the relative density. Dense soils have much more resistance to liquefaction. 

• The grain size distribution, expressed either as percentag~ ·bf fines (i.e. , percent 
passing a #200 sieve) oras D50 (the mean grain size). Soils with less than 5 percent 
tines are most susceptible to liquefaction. If more than 5 percent fines are present, the 
liquefaction resistance becomes much greater. 

• The earthquake magnitude, which reflects its duration. Long duration earthquakes are 
more likely to cause liquefaction. 

This method was originally developed using SPT data from sites that had experienced 
significan! earthquakes and whose liquefaction history was known. Figure 20.12 shows 
cyclic stress ratios for these sites, with closed symbols representing those that had liquefied, 
and open symbols representing those that had not. The curves on this plot are thus empirical 
divisions between liquetiable and non-liquefiable soils. When using this figure, be sure to 
adjust the field N-value to (N1)w using Equation 3.2. 

Figure 20.12 is based on the SPT because nearly all of the available data is in this 
form. However, the SPT is subject to a variety of errors, and thus is nota very precise test 
(see discussion in Chapter 3). The cone penetration test (CPT) is more reliable and more 
precise, and should pro vide much better liquefaction predictions. Unfortunately. very little 
pre-earthquake CPT data is available from sites that have liquefied, so it is more difficult 
to develop the appropriate curves. 

Figure 20.13 may be used to evaluate liquefaction from CPT results. lt is based on 
laboratory tests and theoretical analyses, and seems to agree well with the SPT -based curves. 
To use this figure, it is necessary to apply an overburden correction to the field q "values 
using Equation 3.4, thus converting them to q" values. 

A soil's susceptibility to liquefaction also depends on the duration ofthe earthquake. 
Those that last longer generare more excess pore water pressures and thus are more likely 
to induce Iiquefaction. We adjust for this effect by noting that high-magnitude earthquakes 
also tend to have long durations, while those with low magnitudes have shorter durations. 
The '!,._..<la ,0' values in Figures 20.12 and 20.13 are calibrated for the duration of a typical 
magnitude 7.5 earthquake; for other magnitudes, adjust these values using Equation 20.7 
and Figure 20.14. 

( :·;el = t¡J ( :·;·el 
zO M rO M · 7.5 

(20.7) 
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Figure 20.12 Cyclic stress ratio to 
cause in a magnitude 7.5 earthquake as a 
functíon of SPT (N,)I\0-va!ue and percent 
fines. The upper diagram is for soi!s 
with ~ 5% fines. The lower diagram is 
for soils with >5% fines. The number 
beside each data point indicates the 
pcrcent fines. (Seed, et al., 1985). U sed 
with permission of ASCE. 
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Most geotechnical engineers use the Seed and ldriss curve in Figure 20.14. However, 
later research suggests it may be overly conservative for low-magnitude earthquakes, and 
unconservative in high-magnitude earthquakes (Arango, 1996). The curve by Ambraseys 
may be more accurate. 

lt is not clear which magnitude is to be used. However, it seems reasonable to use ML 
for magnitudes below about 6.5 and M 5 for greater magnitudes. 

The factor of safety against liquefaction is then: 

F 
( tc~c l 

Ozo M 

( ~~'] 
zO eqk 

(20.8) 

According to this analysis, liquefaction will occur whenever F < l. However, 
significant excess pare water pressures can occur even at F values greater than l. Generally, 
the mínimum acceptable factor of safety is between 1.25 and 1.50 (Seed and ldriss, 1982). 
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Figure 20.14 Magnitude 
scaling factor, ljl, for use in 
líquefaction analyses (Seed 
and Idriss, 1982; Williams, 
1994; Ambraseys, 1988; and 
Arango, 1996). 

Example 20.1 

A series of exploratory borings have been drilled at a site near Memphis, Tennessee where 
líquefaction might be a problem. The results of standard penetration and sieve analysis tests 
were as follows; 

Depth (ft) (NI)fll Soil Classífication Percent Fines 

5 14 Silty sand (SM) 30 

8 12 Fine to medium sand (SW) 5 

11 10 Fine to medium sand (SW) 3 

13 12 Fine to medium sand (SW) 6 

17 11 Fine to medium sand (SW) 3 

22 19 Silty sand (SM) 20 

26 24 Silty sand (SM) 22 

The design earthquake wíll occur in the New Madrid Fault Zone (the same zone that generated 
the 1811-1812 earthquakes). The causative fault is 75 km from the site and the design 
earthquake has a moment magnitude of 8.0. The site is underlain by deep cohesionless soi1s. 

U sing a unit weight of 11 O lb/ft' and a groundwater table 3 ft below the ground surface, 
evaluate the liquefaction potential at this site using the simplified method. 
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Solution 

Per Equation 20.3, a m"'= 0.16g in bedrock 
Per Figure 20.4, a'"""= 0.14g in deep cohesionless soi1 
Per Figure 20.14, ljJ = 0.65 (Arango) 

Cyc1ic Stress Ratio to 

Depth Cause Liquefaction a,o 0 zo
1 

(ft) ObJfe) (lbtfe) rd 

M=7.5 M=8.0 

5 0.23 0.15 550 425 0.99 

8 0.13 0.085 880 568 0.98 

11 0.11 0.072 1210 7 11 0.97 

13 0.14 0.091 1430 806 0.97 

17 0.12 0.078 1870 996 0.96 

22 0.29 0.189 2420 1234 0.95 

26 

Conclusion 

Cyclic 
Stress Ratio . 
Produced by 
Earthquake 

0.12 

0.14 

0.15 

0.16 

0. 16 

0.17 

701 

F 

1.2 

0.6 

0.5 

0.6 

0.5 

l.l 

High 

The zone between depths of about 6 and 20ft is clear1y liquefiable. Be1ow that depth, 
the increased density (as demonstrated by the higher N ) and the presence of fines makes 
liquefaction 1ess 1ike1y. 

Remediation 

It is general! y best to simply avoid building on si tes prone to liquefaction. However, when 
land values are high, it may be cost effective to remediate the liquefaction hazard prior to 
construction. Sometimes remediation also is practica! at sites that have already been 
developed and later found to be prone to liquefaction. 

In sorne cases, structures can be supported on deep foundations that extend through 
the liquefiable soil to deeper, stable strata. However, this solution is not as simple as it 
might first appear, because the same earthquake that causes liquefaction also produces large 
lateralloads in the structure and these loads need to be transmitted through the foundation 
and into the ground. Although deep foundations can easily transmit verticalloads through 
the liquefied soils, they may not be able todo so with the lateralloads. Therefore, most 
liquefaction remediation methods focus on improving the soil to prevent the Iiquefaction 
from occurring. Many such methods are available (Hryciw, 1995) and they have performed 
well during earthquakes (Mitchell, Baxter, and Munson, 1995). 

Another option is to excavate the liquefaction-prone soils and replace them with a 
compacted fill. This is often very expensive, because it requires extensive dewatering 
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systems to pennit excavation below the groundwater table, and is normally justified only 
on very critica! projects, such as earth dams. 

Most liquefaction remediation methods use in-situ methods to increase the soil's 
relative density, thus improving its liquefaction resistance. Severa! methods are available, 
as discussed in Chapter 19. 

Another approach is to solidify the soil ~y injecting chemical or cement grouts (Maher 
and Gucunski, 1995). This method is especially applicable to remediation of sites with 
existing structures. 

Sometimes a liquefaction hazard can be virtually eliminated by aggressive 
groundwater pumping that lowers the groundwater table below the potentially liquefiable 
zone. If the soils are no longer saturated, the liquefaction hazard ceases to exist. However, 
this method depends on the continuous use of these pumps, and thus requires long-term 
funding and maintenance. If the groundwater quality is sufficient, the pumps can supply 
municipal or industrial needs, thus generating revenue. 

Another remediation method consists of installing a series of vertical stone columns, 
which are borings filled with gravel (Seed 
and Booker, 1976). These columns have 
a high permeability, and thus provide for 
rapid drainage of the excess pore water 
pressures. This keeps the excess pore 
water pressures low enough to avoid 
liquefaction. The stone columns also 
provide additional support for the 
structure. 

20.4 SURFACE RUPTURE 

In small earthquakes, permanent shear 
deformations along the fault usually occur 
only underground and do not extend to the 
ground surface. However, those with 
magnitudes greater than about 6.0 usually 
are accompanied by fault rupture at the 
ground surface, as shown in Figure 20.15 
(Bonilla, 1970; Youd, 1980; Bonilla, et 
al., 1984~ CDMG, 1994a). This 
movement can be horizontal, vertical, or 
both, and the amount of movement 
increases as the magnitude increases. In 
addition, larger magnitudes also are 
associated with greater fault rupture 
lengths. 

During very large earthquakes, the 
rupture distance can be several meters. 

Figure 20.15 The Imperial Fault in California moved 
up to 5.9 m during a 1940 earthquake. Less movement 
occurred in tbe portion of tbe fault tbat passes tbrougb 
tbis orange grove, but still enougb to be clearly 
discernible. Tbe dark line, added to the photograph, 
indicates the fault location. (Earthquake Engineering 
Research Center Library, U ni versity of California, 
Berkeley, Steinbrugge Collection) 
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Por example, the 1906 San Francisco Earthquake produced up to 6.1 m (20 ft) of 
displacement over a distance of 444 km (275 mi). However, sorne rupture can occur even 
during moderate earthquakes. For example, up to 30 cm (1 ft) of displacement occurred 
along 2 km (1.5 mi) ofthe Stephens Pass Fault in California during a 1978 earthquake that 
hada magnitude of only 4.3. This fault was not even known to exist prior to the earthquake! 

Surface rupture presents a special problem for structures, transportation facilities, 
utilities, and other important facilities located directly over the fault. Buildings and bridges 
are especially susceptible to damage (see Figure 20.16), and muSii be set back a suitable 
distance from fanlts capable of surface rupture. In California, the 1972 Alquist-Priolo 
Earthquake Fault Zoning Act requires special fault studies for buildings near such fanlts, and 
the establishment of setback zones (CDMG, 1994a). · 

Sometimes engineers cannot avoid building across an active fault. For example, 
highways, pipelines, and other projects often must connect points on opposite sides of the 
fault. Fortunately, highways can withstand large fault movements and often can remain in 
service with little or no repairs. Sorne pipelines can be built with special flexible joints to 
accommodate small movements. Other facilities might be designed to accommodate rapid 
repair when necessary. 

Designers of the California Aqueduct, a major water supply facility, eh ose to cross the 
San Andreas Fanlt using a smalllake directly over it. The incoming aqueduct feeds the lake 
on one si de of the fanlt, then the outgoing aq ueduct drains it from the opposite side. 

Earth dams and levees may be able to accommodate sorne fault movement, but are 
best built away from active faults. 

Figure 20.16 Culligan's Blarneystone Ranch, Montana. Surface rupture 
during the 1959 Hebgen Lke Earthquake passed through thls building, 
causing part of it lo complete! y collapse (seen behind lhe scarp) and severe 
darnage lo the remaining seclion (on the left). This earthquake produced 
displacemenls up to 5.5 m (18ft), which is far more than any building can 
accornrnodate. (Earthquake Engineering Research Center Library, University 
of California, Berkeley, Steinbrugge Collection) 
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20.5 OTHER PERMANENT GROUND DEFORMATIONS 

Various kinds of earthquake-induced permanent ground deformations also can occur away 
from the fault rupture zone, and they have caused serious damage to building, bridges, and 
other improvements (Dobry, 1994). These include: 

• Settlement 
• Lateral spreading due to liquefaction 
• Landslides and other slope stability failures 
• Excessive movement or failure of nearby retaining structures 
• Soil failure due to induced dynamic loads from a structure 

Settlement 

Loose sandy soils, either dry or saturated, often consolidate when subjected to cyclic loading 
from an earthquake. This behavior is similar to that beneath the vibratory compaction 
equipment discussed in Chapter 6, except on a much larger scale. Settlements as large as 
5 percent of the sand strata thickness ha ve been reported (Dobry, 1994 ). Such settlements 
are often very erratic, so the resulting differential settlements can be large. Semi-empírica! 
methods have been developed to estímate the magnitude of these settlements (Tokimatsu 
and Seed, 1987). 

Lateral Spreading Dueto Liquefaction 

Lateral spreads are massive horizontal movements of soil, as discussed in Chapter 14. They 
are most often caused by liquefaction, and this is the single most important cause of large 
ground deforrnation during earthquakes. Lateral spreads have been responsible for 
extensive damage to buildings, bridges, and other structures. 

Lateral spreads frequently occur adjacent to river banks because liquefiable soils are 
often found there. This mode has been especially troublesome for bridges because it easily 
shears off pile foundations and spreads apart bents and abutments, separating them from the 
bridge deck (Bartlett and Youd, 1993). Pier movements as large as 2.1 m (6.9 ft) have been 
observed. One of the most dramatic failures of this type was the Showa Bridge, shown in 
Figure 20.17. 

Semi-t;mpirical methods have been developed to evaluate the potential for lateral 
spreads baséd on the liquefaction potential of the soil, the configuration of the ground 
surface, and other factors (Bartlett and Youd, 1992; Dobry and Baziar, 1992). Once this 
potential has been identified, lateral spread hazards can either be avoided by building 
elsewhere, or remediated using the liquefaction remediation measures described earlier, 
various kinds of walls, or other methods. 
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Figure 20.17 The Showa Bridge in Niigata, Japan, collapsed dueto the 
formation oflateral spreads in the underlying soils during the 1964 
earthquake. The lateral spreads moved the piers out of position, thus 
removing support from the simply supported deck. (Earthquake Engineering 
Research Center Library, University of California, Berkeley, Steinbrugge 
Collection) 

Landslides and Other Slope Stability Failures 
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Earthquake-induced landslides also have been observed in areas where no liquefaction 
occurred. Most are small, but sorne large ones also have been observed. For example, the 
1959 Hebgen Lake Earthquake in Montana triggered a massive slide in nearby Madison 
Canyon. 1t buried 28 people and created a dam across the canyon, creating a new lake
Earthquake Lake. 

Buildings and other structures located near steep slopes are especially vulnerable to 
these slides. Figure 20.18 shows the destruction of such a building during the 1964 Alaska 
Earthquake. 

Even when slopes do not fail , tension cracks sometimes form on the ground above. 
These cracks may be severa! centimeters wide, and thus can be hazards in themselves. 
These cracks also provide conduits for water to enter the ground, which later may trigger 
a landslide. 

See Chapter 14 for discussions of rockfalls and seismic slope stability analysis 
methods. 

Excessive Movement or Failure of Retaining Walls 

Occasionally retaining walls fail during earthquakes, thus removing support for adjacent 
facilities. These have most often occurred in port facilities. Sometimes such failures have 
been due to liquefaction of the soils behind or below the wall. 
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Figure 20.18 The head scarp of this 
landslide, which was triggered by the 
1964 Alaska Earthquake, extended 
beneath the Government Hill 
Elementary School in Anchorage . The 
building split apart and dropped about 
2.8 m (9 ft). (Earthquake Engineering 
Research Center Library, University of 
California, Berkeley, Steinbrugge 
Collection) 

Soil Failure Due to lnduced Dynamic Loads from a Structure 

Seismic loads acting on structures are eventually transmitted to the ground through their 
foundations, and thus increase the stresses in the ground. Sometimes these stresses exceed 
the soil strength and a failure occurs. In tall buildings, this is most likely to occur along the 
perimeter walls, since those foundations carry a large share of the seismic loads. 

Seismic foundation failures are not very common, so long as the soil does not liquefy. 
Usually, the static factor of safety provides a sufficient margin to resist seismic loads. 
Those failures that have occurred have usually been in foundations that had deficient static 
designs. 

20.6 TSUNAMIS AND SEICHES 

A tsunami (from the Japanese words tsu, "port" and nami "wave") is a large ocean wave 
generated by an earthquak:e. They have sometimes been called "tidal waves," but this term 
is misleading and should not be used. They have nothing to do with tides. Although all 
earthquakes do not generate tsunamis, those that do often have disastrous results. 

These waves travel very quickly, about 550-800 kmlhr (350-500 milhr), but are 
virtually undetectable in the open sea. However, when the waves approach land, the water 
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depth becomes shallower and the wavcs suddenly appear. Because of this high speed and 
"stealth"-like behavior, and their ability to travel long distances, tsunamis can be very 
destructive. For example, the Chile Earthquake of 1960 produced a tsunami that killed 61 
people in Hawaii and 199 people in Japan. At Hilo, Hawaii, a 6 m (20ft) wall of water 
struck the city, damaging or destroying buildings, sweeping away cars, and so on (Wiegel, 
1970). A 1946 earthquake in Alaska also produced another tsunami at Hilo that destroyed 
a lighthouse located 10 m (30 ft) above sea level. 

Early warning systems have been developed to quickly ~~ess the potential for 
tsunamis after large earthquakes, but such systems sometimes produce the opposite of the 
intended result. Immediately following the 1964 Alaska Earthquake, a tsunami warning 
issued for San Francisco brought thousands of people to the beach to watch! In Crescent 
City, California, 2 m (7 ft) tall waves occurred first, and people rushed to the docks to 
inspect the damage. Then a 4 m (14ft) tal1 wave arrived and killed ten people (Rahn, 1996). 

A seiche is similar except it occurs in lakes or rivers. Sometimes these occur because 
the natural frequency of the lake matches that of the earthquake, creating a resonant 
condition. Seiches also can occur when surface fault rupture occurs beneath the water, 
which was the case in the 1959 Hebgen Lake Earthquake in Montana. 

20.7 SEISMIC PROVISIONS IN BUILDING CODES 

The first seismic provisions in a United States building code appeared in the 1927 Uniform 
Building Code. During the following decades, such code provisions became more common 
and more stringent, especially in the western states. Building codes often include seismic 
zoning maps, such as the one in Figure 20.19, and require different levels of seisrnic design 
for each zone. 

Figure 20.19 Seismic zoning map for the United Statcs. Zone O has the least design requircments, 
and zone 4 has the most. Reproduced from the 1997 edition of the Uniform Building C ode with 
pennission of the publisher, The International Conference of Building Officials. 
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Unfortunately, both the public and govemment officials are sometimes slow to adopt 
the seismic provisions in building codes (see quotation at the beginning of this chapter). 
This reluctance is especially noteworthy in areas where Iarge earthquakes occur at long 
intervals with only minimal activity between. For example, the city of Memphis, 
Tennessee, is located only 75 km (45 mi) from the epicenters ofthe 1811-1812 New Madrid 
Earthquakes (estimated magnitudes 7.3- 7.8) and is in seismic zone 3, yet it had no seismic 
provisions in its building code before 1990. In that year, the city finally adopted a 
weakened version of the 1988 Southem Building Code seismic requirements (Olshansky, 
1993). 

SUMMARV 

Major Points 

l. Geotechnical earthquake engineering is the branch of geotechnical engineering that 
deals with earthquakes and their effects on civil engineering projects. 

2. Although the ground motions produced by earthquakes are very complex, it often is 
convenient to describe them using the magnitude and the intensity of an earthquake. 
The magnitude is a measure of the arnount of energy released, and is independent of 
the distance from the epicenter to the observer. The intensity describes the earthquake 
effects at a particular location, and depends on the magnitude, distance from the 
epicenter, soil conditions, and other factors. 

3. Ground shaking is the most fundamental hazard from earthquakes. Like the intensity, 
it depends on the magnitude, distance from the epicenter, soil conditions, and other 
factors. Geotechnical engineers estímate the potential ground motions at the project 
site; these estimates are used in the design of structures and other civil engineering 
works. 

4. Liquefaction is another important hazard related to earthquakes. It can cause serious 
distress to buildings and other structures, flotation ofburied facilities, landslides, and 
other problems. 

5. Methods have been developed to assess the liquefaction potential at a project site. 
When a hazard exists, special soil improvement techniques are available to remediate 
the problem. 

6. Surface rupture describes shearing at the ground surface along a fault trace. Buildings 
and other structures must not be located on top of active faults, because it is not 
practical to design them to accommodate surface rupture. 

7. Latenii spreads are a special type of ground failure caused by liquefaction. They can 
be very destructive, especially to bridges. 

8. Earthquake-induced landslides, which mayor may not be caused by liquefaction, also 
can be a source of darnage. 

9. Tsumanis and seiches are earthquake-induced waves in bodies of water. They can be 
a potential hazard in coastal and lakefront areas. 
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Vocabulary 

active fault 
attenuation 
cohesionless soil 
cohesive soil 
cyclic mobility 
cyclic stress ratio 
epicenter 
flow liquefaction 
focus 
ground shaking 
hypocenter 

inactive fault 
intensity 
lateral spreads 
liquefaction 
magnitude 
maximum credible 

earthquake 
maximum probable 

earthquake 
Modified Mercalli lntensity 
Scale 

peak acceleration 
Richter magnitude 
sand boíl 
seiche 
seismic risk analysis 
seis~graph 

site response spectrum 
surface rupture 
tectonic earthquakes 
tsunami 

COMPREHENSIVE OUESTIONS ANO PRACTICE PROBLEMS 

Note: Perfonn allliquefaction analyses using the Seed and Idriss curve ín Figure 20.11. 
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20.1 A site in California is located 10 mi from Fault A and 23 mi from Fault B. · These two faults 
ha ve maximum probable earthquake magnitudes, M w of 6.5 and 7 .8, respectively. The si te is 
underlain by a deep deposit of soil that has a shear wave velocity of 2000 ft/s. Using the Boore 
et al (\993) attenuation relationship, compute the peak horizontal acceleration at the ground 
surface for both earthquakes, then select the value to be used for desígn. 

20.2 Using the fault definitions in Figure 2.9, detennine whether the fault in Figure 20.15 has 
experienced right-lateral or left-lateral movement. Explain. 

20.3 The soil at a certain site consists of a fine sand with 4% passing the #200 sieve. The 
(N

1 
)

61
, value ata depth of 5.0 mis 12, the unit weight is 16.4 kN/ttr, and the groundwater table 

is ata depth of 0.6 m. The design earthquake has a magnitude of 7 .O and would produce a peak 
horizontal acceleration of 0.45g at this si te . Compute the factor of safety against a liquefaction 
failure. 

20.4 A series of cone penetration tests and exploratory borings ha ve been performed at a site that 
might be prone to liquefaction. Based on this data, the following representative soil profile has 
been developed: 

Depth Soil Classification q, y 

{m) (kg/cm2
) (kN/m3

) 

0-3.0 Silty sand D5n = 0.10 mm 60 17.5 

3.0--5.5 Fine to medium sand D 50 = 0.22 mm 55 18.0 

5.5-8.0 Clayey sand D 50 = 0.08 mm 120 18.2 

> 8.0 Silty clay D5n= 0.004 mm 130 18.7 
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The groundwater table is ata depth of 1.0 m. The design earthquake has a magnitude of 6.8 and 
wou1d produce a peak horizontal acce1eration of 0.50g at this site. Assess the potential for 
Iiquefaction and discuss your findings. 

20.5 The soil profi1e ata certain site in the westem United States consists of 10ft of sandy si1t 
(y :: 115 1b/ft ' above the groundwater table, 118 lb/fe below) underlain by 12 ft of fine to 
medium sand (y= 109 lb/ft3 

). The groundwater tab1e is ata depth of 8ft. The sand strata has 
an average (N1)w value of 10, 6% passing the #200 sieve. A deep deposit of soft-to-medium 
clay (Boore's soi1 type C) is present below the sand. The design earthquake has a moment 
magnitude of 6.3 and would occur on a fault located 8 km from the si te. 

a. Compute the factor of safety against a liquefaction failure, and indicate where the 
liquefaction is most likely to occur. 

b. Using Equation 4.21 with D50 = 0.4 mm, t = lOO yr, and OCR = l, determine the present 
re latí ve density of the sand strata. 

c. The chief engineer is considering the use of vibroflotation to densify the sand in-situ, 
thus eliminating the liquefaction problem. What minimurn re\ative density must be achieved to 

obtain a factor of safety of 1.25. 

20.6 According to the seismic zone map in Figure 20.\9, New England is in zone 2A. Conduct a 
Iiterature search to determine the history of significant earthquakes in this region. 

20.7 The 1964 Niigata, Japan, 
earthquake had a magnitude of 
7.5 and was centered about 35 
miles from the city. The peak 
horizontal ground accelera
tions in Niigata were about 
O. l6g. Much of the city is 
underlain by a deep deposit of 
loose sand, as shown in Figure 
20.20. It has about 10% fines. 
Using this data and an 
assumed unit weight of 1 00 
lb/ft'. develop a plot of factor 
of safety against liquefaction 
vs. depth in the sand strata. 
Are the results of your 
ana1ysis consistent with the 
damage ~hown in Figures 20.9 
and 2(t\ O? If such an analysis 
had been performed before the 
earthquáke ( which would ha ve 
been impossible, since this 
analysis technique had not yet 
been developed), wou\d it 
have predicted this damage? 
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Figure 20.26 Typical soil profile in parts of Niigata, Japan (Seed 
and Idriss, 1966; Seed and Idriss, 1967). 
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20.8 In 1961, soil dredged from San Diego Bay was used to create Harbar Is1and. This fill was 
placed hydraulically (see discussion of hydraulic fills in Chapter 6) and consists primarily of 
SP, SP-SM, and SM soils, as shown in the simplified soil profile in Figure 20.21 (Forrest and 
Noorany, 1989). Using a peak horizontal ground acceleration of 0.20g from a magnitude 5.4 
earthquake, assess the potential for liquefaction at this site. Assume the SP soils have 4% fines, 
SP-SM have 8% fines, and SM have 15% fines. 

Elevation 

+4.3 m-----:-----:---:------,----,,.--.......,..---.....,...-:--.....-:-
·.· .. . 

·. ·.: · · .. : ·_- ~ : .-. . · ·. -::. : _ -._-.: · · .. :.: ~ : Hydraulic. fÚI · .. : ." : . · • ·_. .. 
· · ·. · · . · - _- · · · ·. · . . SP SP- SM and SM - · 

+1.2 m · ·. _ ·_. · ... ?. · --_. · . · ·: . · .... 'Y~ 17.6 - l8.8 kN/m3 ·.: .· · 

· .. ·.· .... 

. · -: · : : . · · ..... -.Median (N1) 60 ~ 8.0 in SP and SP-SM 

. : · .- . . . . · .. · . . 13 O. SM . . · . · .. . : . . _. : : · . . · .. : . . . m . . . . 
• .... . · .. . . ·· 

... ·. ·· 

-2.5m 
. ·. . . . . . . .. . 

- 5.8m 

Figure 20.21 Simplified soil profile and SPT results at Harbor Island, San 
Diego, California (Forres! and Noorany, 1989). 
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for Further Study 

Chapter 1 - lntroduction t o Geotechnical Engineering 

Casagrande, Arthur ( 1960), "Karl Terzaghi - His Life and Achievements," From Theory 
to Practice in Soil Mechanics, L. Bjerrum, et al., p. 3-21 , John Wiley, New York. 

The most comprehensive description of Terzaghi' s professionallife. 

Casagrande, Arthur (1964), "Karl Terzaghi, 1883-1963," Géotechnique, Vol. 14, No. 1, 
p. 1-9. 

Follow-up to Casagrande (1960), written soon after Terzaghi's death. 

De Boer, R., Schiffman, R.L., and Gibson, R.E. (1996), "The Origins of the Terzaghi
Fillunger Dispute," Géotechnique, Vol. 46, No. 2, p. 175-186. 

An interesting story of a dispute between Terzaghi and one of his colleagues. 

Flodin, Nils, and Broms, Bengt (1 981), "Historical Development of Civil Engineering in 
Soft Clay," Chapter 1 in Soft Clay Engineering, E.W Brand and R.P. Brenner, Eds., 
Elsevier, Amsterdam. 

Very ¡thorough discussion of the history of geotechnical engineering in soft clays. 

Kerisel, Jean (1987), Down to Earth; Foundations Past and Present: The Invisible Art of 
the Builder, A.A. Balkema, Rotterdam. 
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A "coffee table" style book with interesting text and illustrations of foundation 
engineering from ancient times to the present. 
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Publications Committee of the XI Intemational Conference on Soil Mechanics and 
Foundation Engineering ( 1985), Golden Jubilee Volume, A.A. Balkema, Rotterdam. 

This volume includes three papers on the history of geotechnical engineering: 
• "The History of Geotechnical Engineering Up Until 1700," Jean Kerisel 
• "A History of Soil Properties," A.W. Skempton 
• "The Last Sixty Years," Ralph Peck 

Skempton, A.W. (1979), "Landmarks in Early Soil Mechanil;:!!:" Seventh European 
Conference on Soil Mechanics and Foundation Engineering, Vol. 5, p. 1-26. 

Excellent discussion of the early history of geotechnical engineering. 

Bjerrum, Laurits , and Flodin, Nils (1960), "The Development of Soil Mechanics in Sweden: 
1900-1925," Géotechnique, Vol. 10, No. 1, p. 1-1 8. 

Traces the early Swedish advances in geotechnical engineering. 

Chapter 2 - Engineering Geology 

Goodman, Richard E. (1993), Engineering Geology: Rack in Engineering Construction, 
John Wiley, New York. 

As the title indicates, this book focuses on the application of geology to engineering 
construction. lt includes many illustrative case studies and examples. 

West, Terry R. (1995), Geology Applied to Engineering, Prentice Hall, Upper Saddle River, 
N J. 

A college textbook on engineering geology. Discusses most of the tapies in this 
chapter in more detail, along with many other tapies not mentioned here. 

Chapter 3 - Site Exploration and Characterization 

Acker, W.L. (1974), Basic Proceduresfor Soil Sampling and Core Drilling, Acker Drill 
Company, Scranton, PA. 

Discusses the "nuts and bolts" of drilling exploratory borings and recovering soil and 
rock samples. 

ASCE (1972), "Subsurface Investigation for Design and Construction of Foundations and 
Buildings," Journal of the Soil Mechanics and Foundation Division, Vol. 98, No. 
SM5-SM8. 

Practica! recommendations from a task committee. 

Hunt, Roy E. (1984), Geotechnical Engineering Investigation Manual, McGraw Hill, New 
York. 

A very thorough discussion of various investigation tools and methods. 

Kulhawy, Fred H. (1996), "Estimation of In-Situ Test Uncertainty"; Uncertainty in the 
Geologic Environment, Geotechnical Special Publication 58, p. 269-286, ASCE. 

Discusses sources an magnitudes of uncertainty in site characterization. 
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Chapter 4 - Soil Composition 

Mitchell, James K. (1993), Fundamentals ofSoil Behavior, 2nd ed., John Wiley, New York. 
The standard geotechnical engineering reference on soil structure and composition, 
and their impacts on engineering behavior. lncludes ex:tensive discussions of clay 
mineralogy. 

Chapter 5- Soil Classification 

ASTM Standard D2487, "Classification of Soils for Engineering Purposes (Unified Soil 
Classification System)," ASTM Annual Book of Standards , Volume 04.08, American Society 
for Testing and Materials, Philadelphia. 

This is the authoritative source for information on the Unified Soil Classification 
System, and provides more detail than presented here. 

Chapter 6- Excavation, Grading, and Compacted Fill 

Church, Horace K (1981), Excavation Handbook, McGraw Hill, New York. 
An extensive guide to earthmoving equipment, with data on productivity, selection, 
and other practical concerns. 

Hilf, Jack W. (1991), "Compacted Fill," Chapter 8 in Foundation Engineering Handbook, 
2nd ed., Hsai-Yang Fang, Ed., Van Nostrand Reinhold, New York. 

Discussion of advanced concepts. 

Nunnally, S.W. (1993), Construction Methods and Management, 3rd ed., Prentice Hall, 
Upper Saddle River, NJ. 

Discusses selection and performance of equipment for earthmoving and other 
purposes. 

Chapters 7 and 8 - Groundwater 

Bathe, Klaus-Jürgen ( 1996), Finite Element Procedures, Prentice Hall, Upper Saddle River, 
NJ. 

Discusses applications of the finite element method to solve many engineering 
problems, including seepage. 

Cedergren.'Harry R. (1989), Seepage, Drainage, and Flow Nets. 3rd ed., John Wiley, New 
York. 

Discusses principies of groundwater and applications to soil drainage around 
structures, pavements, dams, and other projects. lncludes discussions of complex: 
flow nets. 
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Desai, C.S. (1979), Elementmy Finite Element Method, Prentice Hall, Upper Saddle River, 
NJ. 

Discusses applications of the finite element method, including its use in groundwater 
problems. 

DriscolJ, Fletcher G. (1986), Groundwater and Wells , 2nd ed., Johnson FiJtration Systems, 
Inc., St. PauJ, MN. 

Practica) guide to the analysis, design, and instaiJation of wetls for water supply. 

Kashef, Abdei-Aziz (1986), Groundwater Engineering, McGraw HiiJ, New York. 
Discusses various aspects of groundwater analysis, utilization, and management. 

Powers, J. Patrick ( 1992), Construction Dewatering: New Methods and Applications, 
2nd ed., John Wiley, New York. 

A practica! guide to the analysis, design, and operation of construction dewatering 
systems. 

Chapter 9 - Geoenvironmental Engineering 

Bedient, Philip B., Rifai, Hanadi S., and Newell, Charles J. (1994), Ground Water 
Contamination: Transport and Remediation, Prentice Hall, Upper Saddle River, NJ. 

Detailed discussions of the analysis and remediation of underground contamination 
problems. 

LaGrega, Michael D., Buckingham, Phi!Jip, and Evans, Jeffrey C. ( 1994), Hazardous Waste 
Management, McGraw Hill, New York. 

A comprehensive textbook on the treatment, disposal, and remediation of hazardous 
wastes. 

McBean, Edward A., Rovers, Frank A., and Farquhar, Grahame J. (1995), So/id Waste 
Landfill Engineering and Design, Prentice Hall, Upper Saddle River, NJ. 

Covers the design of sanitary landfills. 

Chapter 1 O - Stress 

Poulos, H.G., and Davis, E.H. ( 1974 ), Elastic Solutions f or Soil and Roe k Mechanics, John 
Wiley, New York. 

An extensive collection of formulas and charts to sol ve stress problems in soil and 
rock. 

Chapters 11 and 12 - Settlement 

Duncan, J. Michael (1993), "Limitations of Conventional Analysis of Consolidation 
Settl.ement," ASCE Joumal ofGeotechnical Engineering, Vol. 119, No. 9, p. 1331-1359; 
Discussions in Vol. 121, No. 6, p. 513- 518. 
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System, and provides more detail than presented here. 

Chapter 6- Excavation, Grading, and Compacted Fill 

Church, Horace K (1981), Excavation Handbook, McGraw Hill, New York. 
An extensive guide to earthmoving equipment, with data on productivity, selection, 
and other practical concerns. 

Hilf, Jack W. (1991), "Compacted Fill," Chapter 8 in Foundation Engineering Handbook, 
2nd ed., Hsai-Yang Fang, Ed. , Van Nostrand Reinhold, New York. 

Discussion of advanced concepts. 
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NJ. 

Discusses applications of the finite element method to solve many engineering 
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Discusses the application of consolidation analyses to practica! problems, with 
emphasis on understanding their limitations. 

Chapter 13- Strength 

Mitchell, James K. (1993), Fundamentals of Soil Behavior, John Wiley, Ncw York. 
Extensive discussions of the physical basis for soil behavior, including shear strength. 

Chapter 14- Stability of Earth Slopes 

Abramson, Lee W., Lee, Thomas S., Sharrna, Sunil, and Boyce, Glenn M. (1996), Slope 
Stability and Stabilization Methods, John Wiley, New York. 

A comprehensive book on the investigation, analysis, and stabilization of earth slopes. 

Bromhead, E.N. (1986), The Stability ofSlopes, Surrey University Press, Glasgow. 
A comprehensive book on earth slope engineering written from a United Kingdom 
perspective. 

Brunsden, Denys, and Prior, David B., Editors (1984), Slope Instability, John Wiley, New 
York. 

Contains chapters written by engineers, geologists, and geographers and discussed 
many aspects of slope instability. 

Duncan, J. Michael (1 992a), "State-of-the-Art: Static Stability and Deforrnation Analysis," 
Stability and Perfonnance ofSlopes and Embankments-/l, Geotechnical Special Publication 
No. 31, Vol. 1, p. 222-266, Raymond B. Seed and Ross W. Boulanger, Eds., ASCE. 

A state-of-the art review. 

Seed, Raymond B. and Boulanger, Ross W. (1992), Stability and Peiformance of Slopes and 
Embankments- II, Geotechnical Special Publication No. 31, ASCE. 

Two-volume conference proceedings with professional papers on a wide variety of 
tapies related to slope stability. 

Turner, A. Keith and Schuster, Robert L., Editors ( 1996), Landslides -Investiga/ion and 
Mitigation, Special Report 247, National Research Council, Transportation Research Board, 
Washington, DC. 

Excellent coverage of the investigation, analysis, and remediation of slope stability 
probléms. 

Wright, Stephen G. (1985), "Limit Equilibrium S Jope Analysis Procedures," Design of Non
lmpounding Waste Dumps, p. 63-77, American Institute of Mining Engineers. 

Discusses the various limit equilibrium methods, along with their strengths and 
limitations. 
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Chapter 15 - Dams and Levees 

Bureau of Reclamation (1987), Design of Small Dams, 3rd ed., United States Department 
of the Interior, Bureau of Reclamation, Denver, CO. 

Discusses all major aspects of small dam design. 

Jansen, Robert B., Ed. (1988), Advanced Dam Engineering for Design, Construction, and 
Rehabilitation, Von Nostrand Reinhold, New York. 

Comprehensive book on most aspects of earth and concrete. dam design. 

Sherard, James L., Woodward, Richard J, Gizienski, Stan1ey F., and Clevenger, William A. 
(1963), Earth and Earth-Rock Dams, John Wi1ey, New York. 

A1though somewhat dated, this book is still a classic in earth dam engineering. 

Chapters 16 and 17 - Earth Pressures, Retaining Walls, and Foundations 

Coduto, Donald P. ( 1999), Foundation Design: Principies and Practices, 2"0 Ed., Prentice 
Hall, Upper Saddle River, NJ. 

The companion volume to this book. lncludes much more information on the 
geotechnical, structura1, and construction aspects of retaining walls and structural 
foundati ons. 

Chapter 18 - Difficult Soils 

Andersland, Orlando B. and Anderson, Duwayne M., Eds. (1978), Geotechnical 
Engineering For Cold Regions, McGraw Hill, New York. 

A textbook covering many aspects of geotechnical engineering in cold regions. 

Greenfield, Steven J. and Shen, C.K. (1992), Foundations in Problem Soils, Prentice Hall, 
Upper Saddle River, NJ. 

Discusses state-of-practice and practica! guidelines for construction on difficult soils, 
including expansive soils. 

Nelson, John D. and Miller, Deborah J. (1992), Expansive Soils: Problems and Practice in 
Foundation and Pavement Engineering, John Wiley, New York. 

Comprehensive discussion of expansive soil behavior and preventive design 
measures. 

Zeavaert, Leonardo (1983), Foundation Engineering for Difficult Subsoil Conditions, 2nd 
ed. , Van Nostrand Reinhold, New York. 

Methods of foundation construction on difficult soils, with emphasis on techniques 
used in Mexico City. 
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Chapter 19 - Soil lmprovement 

Ingles, O.G. and Metcalf, J.B. (1972), Soil Stabilization, Butterworths, Sydney. 
Detailed discussions of various methods of stabilization through the use of 
admixturcs. 

Koerner, Robert M. (1998), Designing with Geosynthetics, 4th ed., Prentice Hall, Upper 
Saddle River, NJ. 

In-depth discussions of all kinds of geosynthetics, including those used for soil 
reinforcemcnt. 

Moseley, M.P. (1993), Ground lmprovement, Chapman and Hall, London. 
Discusses severa! major soil improvement techniques and their applicability to 
practica! problems 

Schaefer, Vemon R., (1997), Ground Improvement, Ground Reinforcement, Ground 
Treatment Developments 1987-1997, Geotechnical Special Publication No. 69, ASCE. 

Includes an extensive committee report that presents the 1997 state-of-the-art in 
various kinds of ground improvement methods. 

Stamatopoulos, Aris C. and Kotzias, Panaghiotis C. ( 1985), Soil lmprovement by 
Preloading, John Wiley, New York. 

Thorough discussion of preloading, both with and without vertical drains. 

Chapter 20- Geotechnical Earthquake Engineering 

Bolt, Bruce A. (1993), Earthquakes, W.H. Freeman, New York. 
An easy-to-understand book on the causes and consequences of earthquakes. Written 
by a noted seismologist. 

Kramcr, Steven L. (1 996), Geotechnical Earthquake Engineering, Prentice Hall, Upper 
Saddle River, NJ. 

A comprehensive up-to-date textbook on this tapie. 

Seed, R. B.; Dickenson, S.E.; Reimcr, M.F.; Bray, J.D.; Sitar, N.; Mitchell, J.K.; ldriss, I.M.; 
Kaycn, R.E.; Kropp, A.; Harder, L.F.; and Power, M.S. (1990), Preliminary Report on the 
Principal deotechnical Aspects ofthe October 17, 1989 Loma Prieta Earthquake, Rcport 
No. UCB/EERC-90/05, Earthquake Engineering Research Center, University of California 
at Berkeley. 

An extensive report on the geotechnical aspects of a major earthquake. 
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Wiegel, Robert L., Ed. ( 1970), Earthquake Engineering, Prentice Hall, Upper Saddle River, 
NJ. 

Although somewhat dated, this book still contains a great deal of useful information 
on seismologicaJ, geotechnical, and structuraJ aspects of earthquake engineering. 

Soil T esting 

The various discussions of laboratory and in-situ tests in this book (.fre not intended to be 
complete test procedures. Virtually all of these tests are more compíex than presented here, 
so it is necessary to consult a laboratory manual befare actually performing them. The 
following references contain much more detailed information: 

ASTM, Annual Book of ASTM Standards, Volume 04.08 - Soil and Rock, American 
Society for Testing and Materials, Philadelphia. 

The authoritative source for most soil testing standards in North America. 

Bardet, Jean-Pierre (1997), Experimental Soil Mechanics, Prentice Hall , Upper Saddle 
River, NJ. 

A textbook suitable for instructional use in undergraduate soil mechanics laboratory 
courses. Much easier to follow than ASTM. 

Head, K. H. (1982), Manual of Soil Laboratory Testing, Pentech Press, London. 
A three-volume set that includes detailed discussions of nearly all common Jaboratory 
tests. 
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Unit Conversion Factors 

ENGLISH UNITS 

The foJJowing English units are commonly used in geotechnical engineering: 

TABLE 81 COMMON ENGLISH UNlTS 

Unit Measurement Symbol 

foot distance ft 

in eh distance in 

pound force or mass lb 

kip (kilopound) force k 

ton force or mass 

second time S 

pound per square foot stress or pressure lb/fe or psf 

pound per square inch stress or pressure lb/in2 or psi 

pound per cubíc foot unit weight lb/fe or pcf 

SI ANO METRIC ·uNITS 

The following SI (Systeme Intemational) units are commonly used in geotechnical 
engineering: 
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TABLE B2 COMMON SI UNITS 

meter 

gram 

Newton 

Pascal 

Unit 

kilonewton per cubic meter 

second 

Measurement 

distan ce 

mass 

force 

stress or pressure 

unit wcight 

time 

These units are often accompanied by the following prefixes: 

TABLE B3 COMMON SI PREFIXES 

Prefix S y m bol Multiplier 

milli m JO·' 

centi e w·2 

kilo k lO' 

mega M 106 

Symbol 

m 

g 

N 

J P a 

kN/m' 

S 

721 

Sorne non-SI metric units also are used, especially in Europe. The most common example 
is the use of kg/cm1 as a unit of stress. 

CONVERSION FACTORS 

The conversion factors in Tables 84- 8 8 are useful for converting measurements between 
English, metric and SI units. Most ofthese factors are rounded to four significan! figures. 
Those in bold type are absolute conversion factors (for example 12 inches = 1 ft). When 
uníts offorce are equated to units ofmass, the acceleration (F = ma) is presumed to be 9.807 
m/s2 (32.17 ft/s2

) , which is the acceleration dueto gravity on the earth's surface. 
There are at least three definitions for the word "ton": the 2000 lb short ton 

(commonly used in the United States and Canada), the 2240 lb long ton (used in Great 
Britain), and the 1000 kg (2205lb) metric ton (also known as a tonne). 

A useful approximate conversion factor: 1 short ton/ft 2 
"' 1 k g/ cm 2 

"' 100 kPa " 
1 atmosphere. These are true to within 2 to 4%. 
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TABLE 84 UNITS OF DISTANCE TA8LE 87 UNITS OF STRESS ANO PRESSURE 

To Convert To Multiply by To Convert To Multiply by 

ft in 12 atmosphere IbJfe 2117 

ft m 0.3048 atmosphere kPa 101.3 

in ft 1/12 bar kPa 100 

in mm 25.40 kgr/cm2 kPa 98.07 
m ft 3.281 

kg1/cm2 lb/ft2 2048 
mm m 0.03937 

kPa atmosphere 0.009869 

kPa bar 0.01 
TA8LE 85 UNITS OF FORCE 

kg1 /cm2 kPa 0.01020 
To Convert To Multiply by 

k k N 4.448 
kPa lb/ft2 20.89 

k lb 1000 kPa lb/in2 0.1450 

kgr lb 2.205 kPa metric ton/m2 0.1020 

kg, N 9.807 tbJfe atmosphere 4.725xl0.4 

ton lb/ft 2 kPa 0.04787 
kgr (metric) 

0.001 
lb/ft2 lb/in2 1/144 

kN k 0.2248 
lb/in2 kPa 6.895 

lb k 0.001 
lb/in2 lb/ft2 144 

lb kg, 0.4536 
lb/ín2 6.895x10·3 MPa 

lb N 4.448 
metric tonlm2 kPa 9.807 

lb ton (short) 1/2000 
MPa lb/in2 145.0 

lb ton (long) 112240 

N kg, 0.1020 

N lb 0.2248 TA8LE 88 UNITS OF UNIT WEIGHT 

ton (short) lb 2000 
To Convert To Multiply by 

ton (long) lb 2240 
kN/m3 lb/ft3 6.366 

ton (me trie) ¡¿gf 1000 
kN/m3 metric tonlm 3 0.1020 

kN/m1 Mgrfm3 0.1020 

TA8LE 86 UNITS OF VOLUME lb/ft3 kN/m3 0.1571 

To Convert To Multiply by me trie ton/m 3 kN/m3 9.807 

fe ga1 7.481 Mg1/m3 kN/mJ 9.807 

gal re 0.1337 
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Computer Software 

The author has developed seven computer program specifically for th is book. These 
programs are collectively referred toas the Geotechnical Analysis Software Package. 

SUMMARY OF PROGRAMS 

The geotechnical analysis software package includes the following programs: 

Stress analysis: 
STRESSP 

STRESSL 

STRESSR 

STRESSC 

Geostatic and induced stresses beneath a point load 
Geostatic and induced stresses beneath a line load 
Geostatic and induced stresses beneath a rectangular area load 
Geostatic and induced stresses beneath a circular area load 

Instructions for using these four programs are located on pages 345-347. 

Settlement: 
FILLSETT Ultimate consolidation settlement due to weight of fill 
SETTRA TE Rate of consolidation settlement due to weight of a fill 

Instructions for using these two programs are located on pages 407--408 and 431-441, 
respective! y. 

Spread footing foundations: 
FOOTING Bearing capacity and settlement of spread footings 

Instructions for using this programare located on pages 644-645. 
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724 Computer Software Appendix C 

MINIMUM SVSTEM REQUIREMENTS 

These programs are designed to be used on IBM compatible personal computers. To use 
them, your computer must meet or excced the following requirements: 

Operating system: 

Processor: 
Video display: 
RAM: 
Pointing device: 
Hard disk space: 
Printer: 

32-bit Microsoft Windows, such as Windows 95, Windows 
98, or Windows NT (version 3.51 or later). For Windows NT 
version 4.0, it is best to have installed Service Pack 2. 
80486 or higher 
VGA (640x480) resolution or higher 
Mínimum 8MB 
Any Windows compatible mouse or other pointing device 
Less than 4Mb 
Any windows compatible printer (necessary only if output is 
required) 

DOWNLOADING ANO INSTALLATION INSTRUCTIONS 

To download the software, use any web browser and the intemet to log onto the following 
address: 

http://www. prenhall.com/coduto 

Follow the links to the Geotechnical Engineering: Principies and Practices software 
download page, then follow the on-screen instructions. 

Once the software has been downloaded, install it on the hard disk of a computer. The 
web page gives more information on how to install the software. 

U SING THE SOFTWARE 

The software works best when the monitor is set for 800x600 or 1 024x768 resolution. lt 
will work at higher resolutíons, but the fonts will probably be too small for most users, 
unless the monitor is very large. The software a!so will display properly at 640x480 
resolution (standard VGA), but it fills the entire screen. At this setting, the user may wish 
to hide the "'indows taskbar, which is usually located at the bottom of the screen. This may 
be done by'Inoving the mouse to the top of the bar until a double-headed arrow appears, then 
dragging it off the screen. The Windows taskbar may be restored by performing the same 
action in reverse. 

To use the software, begin by clicking on the Windows START button, going to 
programs, and selecting "Geotechnical Analysis Software". An introductory screen wíll 
appear, followed by the main menu. Select the desired program from the main menu, then 
follow the instructions for that program. 
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A line, 143 
AASHTO soil classification, 139-141 
Ablation till, 34-35 
Abutment, 566 
Active condition, 585-587, 591, 598 
Adfreezing, 663 
Adhesion, 470 
Admixtures, 677 
Advection, 297 
Aeolían soils, 40-42 
Aerial photographs, 49-50 
Air porosity, 102-103 
Alabama, 573 
Alaska,549-550,665,681,686,694, 706 
Alberta, 35 
Allowable bearing capacity, 625 
Allowable bearing pressure, 641 
Alluvial soils, 37-39 
Alluvium, 37 
A1quist-Priolo Fault Zoning Act, 703 
Amphibole, 18 
Anchorage, AK, 549-550, 706 
Andes Mountains, 526 
Andesite, 20 
Angle of interna! friction, 467 
Angle of repose, 5 
Anisotropic soils, 26, 228, 252-253 
Antic\ines, 27 
Apparent cohesion, 470, 623 
Apparent dip, 30-31 
Apparent mechanical forces, 471 
Aquicludes, 209 
Aquifers, 209 
Aquitards, 209 
Area1oad,326 
Argentina, 73.- · 
Arkansas, 169 
Arkose, 22-23 
Artesian condition, 21 O 
ASCE, 11 
Athabasca Glacier, 35 
At-rest condition, 583 
Attapulgite, 126 
Attenuation, 688 
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Atterberg limits, 128-131 
Altitudes, 29, 57 

Backfills, 176 
Backhoes, 164-165 
Backpressure consolidometer, 387 
Band drains, 672 
Bartlett Dam, 569 
Basalt, 20, 168 
Beach sands, 39 
Bearing capacity, 621-629 
Bearing pressure, 326,618,620-621 
Becker penetration test, 83-84 
Bedding planes. 22-23, 26, 28 
Bentonite, 126 
Bemoulli, Daniel, 212 
Bemoulli Equation, 21 2 
Bíodegradation, 30 1 
Biological contamination, 292 
Bioremedíation, 307 
Biotíte, 18 
Bituminous coa!, 132 
Blade, 175 
Blast densification, 675 
Blasting, 168 
Block-glide slides, 523-524 
Blocky soils, 154 
Body, 525 
Bogs, 132 
Boring logs, 57-58 
Borings - see Exploratory borings 
Borrow pits, 166 
Boston Blue C1ay, 40 
Boston, MA, 13, 40, 419 
Boulders, 38, 115-116 
Boussinesq' s method, 324-331 
Braided strearn deposits, 38 
Brazil, 73 
Breccia, 22-23, 168 
Bridges, 13- 14, 368, 708 
British Columbia, 14 
Brittle soil, 471 
Brunton compass, 29-30 
Bucket auger, 53-54 
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Buffalo Creek Dam, 576-577 
Bulk samples, 62 
Bulking and shrinkage, 195-199 
Bulking factor, 195 
Bull Shoals Dam, 169 
Bulldozers, 163, 165, 170 
Buoyant unit weight, 100 
Buttress fills, 556 

Calcíte, 18, 24, lO 1 
Calcium carbonate, 39, 131,470 
Calcium sulfate, 39 
Caliche, 39,168,470 
California 

Aqueduct, 703 
Dams, 13,25, 159,162, 571-572,575-576 
Earthquakes,522,525,549,684-689, 

702-703 
Flows, 526 
Ft. Irwin, 303 
Golden Gate Bridge, 13 
Landfill, 512 
Soils, 40-41,96, 132 

Cam clay, 387 
Canada, 19,34-36,83,494, 664 
Canadian Shield, 19 
Cantilever wall, 585 
Cap,308 
Capillarity, 98, 233-235, 344, 659 
Carbon dioxide, 96 
Carbonates, 23-25 
Carbonic acid, 125 
Casing, 54 
Caving, 53-55 
Cemented soils, 16, 131 , 150, 154, 470 
Central Artery Project, 13, 419 
Chalk, 24 
Champlain clay, 36 
Channery soils, 138 
Chart solutions, 328-331 
Chemical contamination, 292-293 
Chert, 17 
Cherty soils, 138 
Chicago, IL, 13, 36-37, 39 

Building Code, 660 
China, 73, 136, 519 
Ch1orite, 101, 126-127 
Cincinnati, OH, 581 
Circular failure smfaces, 535-547 
Classification, 136-156 
C1assified excavation, 168 

Clastic rocks, 22-23 
Clay, 95, 101 125-127 
Claystone, 22-23, 168 
Clearing and grubbing, 165-166 
Closure, 3 1 1 
Coa!, 132, 168 
Coarse-grained soils, 147-149 
Cobble, 115-116 
Cobbly, 138 
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Coefficient of active earth pressure, 585, 591, 
598 

Coefficient of consolidation, 424, 448-451 
Coefficient of curvature, 1 22 
Coefficient of friction, 18 
Coefficient of lateral earth pressure, 339-340, 

581 
Coefficient of lateral earth pressure at rest, 5 83 
Coefficient of passive earth pressure, 588, 595 
Coefficient of permeability , 222 
Coefficient of uniformity, 122 
Cohesion, 470, 479 
Cohesion1ess soil, 694 
Cohesive soil, 471, 694 
Cohesive strength, 470-471 
Cold storage warehouses, 663 
Collapsible soils, 41 O, 64 7, 658 
Colluvial soils, 42-43 
Colombia, 73,518 
Color, 152 
Colorado, 290-291, 522, 654 
Combined footings, 618-619 
Common excavation, 169 
Compacted fill, 157-205 
Compaction, 171-192 
Complex slides, 523-524 
Composite slides, 523 
Compound slides, 523 
Compressibility, 385, 391-394 
Compression index, 385 
Compression ratio, 386 
Computer software 

FILLSETI, 407-408 
FOOTING, 644-645 
SETTRATE,437-439 
STRESSC,345-348 
STRESSL,345-348 
STRESSP, 345-348 
STRESSR, 345-348 

Cone penetration test (CPT), 75-80, 84 
Cone resistance, 76 
Liquefaction, 697, 699 
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Relative density correlation, 104 
Shear strength, 511- 512 
Side friction, 76 

Confined aquifers 210, 259-261 
Conglomerate, 22-23, 168 
Consistency, 103, 130, 152-153 
Consolidatíon settlement 

Construction correction, 443-446 
Definítion, 368 
Monítoring, 452-457 
Predictions, 394-408 
Processes, 372-377 
Rate, 422-463 
Terzaghi's theory, 8, 373, 422-434 

Consolidation test, 10, 377-389 
Consolidometer, 377 
Constant head test, 223-224 
Construction 

Correction for consolidation, 443-446 
Dewatering, 14, 272-276 
Earth work, 160-1 77 
Geotechnical services, 3 

Containment, 304 
Continuous footings, 618-619 
Continuous material, 315 
Conventional earthwork, 165-176 
Conveyor belts, 169-170 
Cooling, 19 
Core barre!, 55-56 
Core box, 56-57 
Core recovery, 56 
Core run, 55 
Coring, 55-57 
Comwall Canal, 35 
Corrosive soils, 665-667 
Coulomb' s theory, 596-600 
Cousin's method, 544--547 
Covers, 310-311 
CPT - see Cone penetration test 
Creep, 41-42, 497 
Críb walls, 61()¡' · 
Critica] failure surface, 530 
Cross-sections, 86-88 
Crown, 524 
Crusts, 409-410 
Cucaracha shale, 161 
Culebra Cut, 161 
Cut, 157 
Cut slopes, 520 
Cutoffs, 274 
Cyclic mobility, 692 

Cyc1ic stress ratio, 696 

D sizes, 122 
Dams, 186,249,320,566-578 

Bartlett Dam, 569 
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Buffalo Creek Dam, 576-577 
Bull Shoals Dam, 169 
Failures, 57 4--57 8 
Ft. Peck Dam, 570 
Grand Coulee Dam, 567-569 
Hoover Dam, 567, 569 
Lower San Fernando, 162, 576, 693 
Malpasset Dam, 575 
Oroville, 13, 159 
St. Francis Dam, 575 
San Pablo, 162 
Seven Oaks Dam, 571 -572 
South Fork Dam, 574--575 
Tetan Dam, 14, 577 
Uplift pressures, 270 
Vaiont Dam, 575-576 
Walter Bouldin Dam, 573 

Darcy's Law, 220-221 
Daylighted bedding, 26 
Debris ftows, 526 
Decomposed granite, 33 
Decomposition, 310 
Deep fills, 200-201 
Deep foundations, 617, 652 
Deep mixing, 678 
Degree of consolidation, 437, 442 
Degree of saturation, 98, 106-107 
Deltas, 39 
Density, 98-1 O 1 
Density of water, 100 
Denver, CO, 290-291 
Desiccation, 378 
Deterministic analysis, 529 
Deviator stress, 507 
Dewatering, 14, 272-277 
Diaphragm walls, 275 
Differential settlement, 630 
Difficult soils, 650-668 
Diffusion, 299 
Dikes, 19 
Dilation, 471 
Dilatometer test, 82-84 
Diorite, 20 
Dip, 29-31 
Dip-slip faults, 28 
Direct shear test, 500-503 
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Discontinuities, 17, 28 
Dispersion, 298 
Distortion settlement, 369,413 
Disturbed samples, 62 
DMT- see Dilatometer test 
DNAPL, 293 
Dolomite, 18, 24 
Downhole logging, 57 
Drainage/Slope stabilization, 557-558 
Drained condition, 485 
Drift, 34 
Drill rigs, 52-56 
Drilled shaft foundation, 14,275,617 
Drilling mud, 55 
Dri ve cylinder test, 189 
Dry density, lOO 
Dry unit weight, 99, l 07 
Ductil e soil, 4 71 
Dump trucks, 169-170 
Dutch cone - see Cone penetration test 
Dynamic compaction, 674-675 
Dynamic consolidation, 674 
Dynamic replacement, 676 

Earth Dams, 570 
Earth retaining structures, 607 
Earth slopes, Stability, 518-565 
Earth slopes, Stabilization, 555-561 
Earthquakes, 27, 393, 458, 483-484, 681-687 

California, 684 
Lateral spreads, 525 
Liquefaction - see Liquefaction 
Rockfalls, 522 
Slope stability, 548-552 

Earthwork 157, 195-199 
Economic constraints, 12 
Economics, 89-90 
Effective cohesion, 470 
Effective friction angle, 467, 480, 489 
Effective porosity, 232 
Effective stresses, 336--345, 472-478, 529 

Mohr's circles, 354-355 
Effervescence, 18 
Elastic deformation, 381 
Electrical analogy, 253-254 
Electromagnetic atlractions, 470 
Electrostatic attractions, 470 
Elevation head, 212 
Embankment, 157 
Engineering geology, 2, 15-45 
Engineering judgement, 12 

Environmental site assessment, 302 
Eolian soils, 40 
Equipotenlial line, 244 
Equivalent fluid method, 601-602 
Equivalent opening size, 281 
Erdbaumechanik, 8, 10 
Everglades, 132 
Ex -situ tests, 68 
Excavatability, 16, 3"4-35, 86, 168 
Excavation, 157-169 
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Excess pare waterpressure, 2 18,373,471,488 
Exc1usion, 276 
Expansion index, 656-657 
Expansi ve soils, 41 O, 64 7, 653-658 
Exploratory borings, 2, 14, 51-60 
Exploratory trenches, 60-61 
Extemally stabilized systems, 607 
Extrusives, 19 

Fabric, 127, 186 
Factor of safety, 528-529, 476, 625 
Failure surface, 528 
Falling head test, 224-226 
Falls, 521-522 
Fat clay, 144 
Fate and transport, 297-301 
Fault trace, 28 
Faults, 27-28 
Feldspar, 17, 101 
Ferromagnesian minerals, 18 
Fick's first law of diffusion, 299 
Field density tests, 186--192 
Field reconnaissance, 14, 50-51 
Fill, 157 

Deep, 200-201 
Lightweight, 199-200 
Shrinkage, 195-199 
Slopes, 520 

FILLSETI (software}, 407-408 
Filter fabric, 281, 559 
Filters, 570 
Filtration, 277-284 
Final vertical effective stress, 369 
Fine grading, 175-176 
Fine-grained soils, 143-146 
Fines, 115 
Finger Lakes, NY, 34 
Finite difference method, 328 
Finite element method, 255, 328 
Fissured soils, 131, 154,496-497 
Flaggy soils, 138 
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Flank, 525 
Flat dilatometer, 82-84 
Flighr auger, 53 
Florida, 24. 132 
Flow function, 243 
Flow line, 245 
Flow nets, 243-253 
Flow rate, 210 
Flow regime. 210 
Flows, 526 
Flowslide, 36 
Fluvial soils, 37 
Focus, 682 
Folds, 27 
Foliated rocks, 25 
FOOTING (software), 644-645 
Fon Irwin, CA, 303 
Fon St. John, BC, 14 
Fractures, 27- 28 
France, 25, 81, 575 
Freezing, 276 
Friction angle, 467-468, 479-480, 489 
Friction ratio, 76 
Frictional strength, 466-469 
Frosr heave, 647, 659-M O 
Frosr-susceptible soils, 660-661 
Frozen soils, 659-665 
Ft. Peck Dam, 162. 570 
Fully softened strength, 495-496 

Gabbro, 20 
Gannon, 175 
Gap-graded soi l, 120 
Gas collection, 311 
Geoenvironmental engineering, 11 , 37, 
288-313 
Geofoam, 200, 652 
Geogrids, 14, 679 
Geologic cycle, 18-25 
Geologic maps, 29-30, 48 
Geology, 15-4) · 
Geophone, 85 · 
Geophysical methods, 25, 84-86 
Georgia, 20 
Geostatic ~tresses, 321-323 
Geosynthetic filters. 281- 284 
Geotechnical Commission of the Swedish State 

Railways, 6-8, 528 
Geotechnica1 engineering 

Characteristics, 11-12 
Definiúon, 1 

During construction, 90 
First use of the tenn, 6 
History, 3-ll 
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Geotechnical earthquake engineering, 681-711 
Geotechnical instrumentation -

see lnstrumentation 
Geotechnical investigaúon reports, 48, 88 
Geotechnics, 2 
Germany, 81 
Glacial outwash, 36 
Glacial soils, 34-37 
Glacial till, 168 
Glaciofluvial soils, 36 
Glaciolacustrine soils, 36 
Glaciomarine soils, 36 
Gneiss, 25 
Golden Gate Bridge, 13 
Goteborg, Sweden, 6-7 
Graded soil tilters, 278-280 
Grading, 157-205 
Grading plans, 159, 195-196 
Grain-size distribution curve, 119-123 
Grand Coulee Dam, 567-569 
Granite, 19-20, 168, 320 

Decomposed, 33 
Grave!, 115, 117 
Gravelly soils, 138 
Gravity, acceleration, 100 
Gravity walls, 608 
Graywacke, 23 
Great Lakes, 34, 36 
Ground freezing, 276 
Ground engineering, 1 
Groundwater, 24, 37, 49 

Control, 272-277 
Effect on bearing capacity, 623-625 
Effect on lateral earth pressure, 603-606 
Exploration and monitoring, 65-66 
Table, 65, 208-209 

Group classification, 139 
Groupindex, 139-140 
Group name, 141 
Group symbol, 141 
Grout curtains, 304 
Grouting, 676 
Grubbing, 165- 166 
Gypsum, 18, 101 

Hackensack Meadowlands, NJ, 650 
Half dome, 20 
Hammers, 73 
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Hand-operated auger, 51 
Hardpan, 34 
Hazardous waste, 294 
Hazen's correlation, 226--227 
HDPE, 512 
Head, 212- 213 
Head loss, 213 
Heave, 413 
Heavy tamping, 674 
Heavy-wall samplers, 64-65 
Hematite, 101 
Highly organic soils, 142, 144 
History of geotechnical engineering, 3-11 
Hollow-stem auger, 54-55 
Homogeneous, 154 
Homogeneous material, 315 
Hoover Dam, 567,569 
Horizontal drains, 559-560 
Horizontal effective stress, 339-340 
Horizontal stresses, 322-323 
Homblende, 18, 101 
Hydraulic conductivity, 221-229, 151 
Hydraulic fills, 162 
Hydraulic gradient, 213-214, 356 
Hydrochloric acid, 18 
Hydrogen sulfide, 96 
Hydro1ogic cycle, 207-210 
Hydrology, 207-210 
Hydrostatic condition, 217 
Hydrostatic pore water pressure, 217 
Hypocenter, 682 

lee skating rinks, 663 
ldaho, 14, 577 
Igneous rocks, 19- 21, 168 
lllinois, 13, 36--37 
lllite, 101 , 126.654 
In-situ replacement, 676 
In-situ tests, 68-84 

Field density, 186--190 
General purpose, 69-84 
Hydraulic conductivity, 226, 264-266 
Shear strength, 509- 512 

ln-situ walls, 610 
Inclinometers, 90, 561-562 
Incompressible material, 319 
Induced stresses, 321, 323- 333 
lnduration, 19 
lnfinite e1astic half-space, 324 
lnfinite slope analyses, 534-535 
Infrared aerial photographs, 50 

Initial vertical effective stress, 369 
lnstrumentation, 14, 66, 90 

lnclinometers. 561-562 
Piezometers, 215-216 
Settlement monitoring, 452-457 

Intensity, 682 
lntermediate principal stress, 349 
lntermediate soils, 4<)8 
lnternally stabilizetYsystems, 612 
lntemational Building Code, 646 
Intrinsic remediation, 308 
lntrusives, 19 
Ironoxide, 18,131,470 
Irrigation, 655 
1 soptropic material, 315 
ISSMFE, 11 
ltaly, 575-576 

Japan, 14, 73,681,686,694, 705 
Jetting, 176 
Joints, 27 

Kaolinite, 101 , 125,127, 654 
Karst topography, 24 
Kettleman Hills Landfill, 512 

La Cañada, CA, 526 
Lacustrine soils, 39-40 
LaGuardia Airport, New York, 651-653 
Lake Chicago, 36 
Lake Michigan, 36--37 
Laminar flow, 218 
Laminated, 154 
Landfills, 296 
Landslides - see S lides 
LaPlace Equation, 241-243, 259 
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Lateral earth pressure, coefficient, 339-340, 
581 
Lateral earth pressures, 581-615 
Lateral spreads. 524, 692, 704-705 
Laterite. 33 
Laurentian clay, 36 
Leachate, 96, 296 
Leachate collection, 310-311 
Lean clay, 144 
Leaning Tower of Pisa, 4-5 
Leda Clay, 36, 494 
Left lateral fau1ts, 28 
Lensed, 154 
Levees, 220,566-567, 578- 579 
Lightweight fills, 199-200, 652 
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Limestone, 24, 168 
Limit equilibrium analysis, 528, 591 
Limooite, 18, 101 
Line load, 326 
Linear-elastic material, 315 
Liners, 64-65, 310-311 
Liquefaction, 14, 483-484, 691-702 
Liquid limit, 128-130 
Liquidity index, 130-131 
Literature search, 48-49 
LNAPL, 293,305 
Loaders, 163-164, 170 
Loam, 137 
Lodgement till, 34--35 
Loess, 42 
Logarithm of time fitting method, 448 
Los Angeles, CA, 96, 162, 173 
Louisiana, 567 
Love Canal, 289-290, 304 
Lower San Fernando Dam, 162, 576, 693 

Madison Canyon Landslide, 548-549, 705 
Magma, 19 
Magnetite, 18 
Magnitude, 682 
Main scarp, 524 
Major principal stress, 349 
Malpasset Dam, 25, 575 
Manasara, 157 
Manitoba, 34 
Marble, 25 
Marchetti dilatometer- se e Dilatometer test 
Marine soils, 39-40 
Massachusetts, 13, 40, 419 
Mat foundations, 617 
Maximum dry unit weight, 178, 180 
Meaoder belt deposits, 38-39 
Mechanically stabilized earth (MSE), 12, 

612-613 
Melting, 19 
Memphis, TN(708 
Metamorphic rocks, 25, 34, 168 
Metamorphosis, 19 
Methaoe, 96 
Method of fragments, 250 
Mexico, 689 
Mexico City, 367-368, 370 
Mica, 18, 101, 123 
Micaceous saods, 123, 467 
Michigan, 296 
Migratioo and filtration, 277- 284 

Minerals, 17-18 
Minneapolis, MN, 663 
Minoesota, 663 
Minor principal stress, 349 
Minor scarp, 524 
Mississippi River, 39, 567 
Missouri, 685 
Mixed aquifers, 262-263 
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Modified Bishop's method, 542-544 
Modified Mercalli intensity, 682-684 
Modified Proctor test, 184--185 
Modulus of e1asticity, 319 
Modulus of rigidity, 319 
Mohr-Coulomb failure criterion, 472-479 
Mohr's circle, 348-355 
Moisture, 152 
Moisture conditioning, 171 
Moisture content, 97- 98, 106-107 
Montana, 162,548-549,570,703,705 
Montmorillonite, 101, 125, 127, 654 
Moraines, 34 
Moss Landing, CA, 525 
Motor grader, 175 
MSE, 612-613 
Muck, 132 
Mudflows, 42-43 
Mudstone, 22 
Municipal solid waste, 309 
Muscovite, 18 
Nvalue, 70 
NAPL, 293 
Natural slopes, 520 
Natural Resources Conservation Service, 48 
Negative pore water pressure, 344--345, 470 
New Jersey, 650 
New Madrid Earthquake, 685, 688 
New Mexico, 171 
New Orleans, LA, 567 
New York, 34 289-290,651-653,662 
Newmark's solution, 327 
Newmark's method, 551-552 
Niagara Falls, NY, 289-290 
Niigata, Japan, 14, 686, 693--694 
Nile River, 39 
Non-plastic soils, 143 
Non-point source, 294 
Nonfoliated rocks, 25 
Nonplastic, 130 
Normal faults, 28 
Normal stress, 316 
Normally consolidated soil, 390, 489 
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North Dakota, 579 
Norway, 528 
Nucleardensity test, 189-190 
Numerical so1utions, 255-257, 328 

Observation well, 65-66 
Observationa1 method, 3, 90, 456 
Oedometer test- see Consolidation test 
Ohio, 581 
Oklahoma, 40 
Olivene, 18, 101 
One-dimensional consolidation, 378, 394, 424 
One-dimensional consolidation equation, 

426--434 
One-dimensional design profiles, 86-88 
One-dimensional flow, 219-233 
Oozes, 40 
Open pumping, 272 
Open standpipe piezometer, 215-216 
Optimum moisture content, 180 
Orange County, CA, 132 
Ordinary method of si ices, 539-541 
Organic soils, 131-132, 144 
Oroville Dam, 13, 159 
Orthoclase, 17 
Ottawa, Ontario, 36,494 
Outwash, 36 
Overburden correction, 74, 77-79 
Overconsolidated soil, 390, 489 
Overconsolidation margin, 391 
Overconsolidation ratio, 392 

Panama Canal, 161 , 163 
Pans, 166 
Particle size and shape. 1 1 5-1 24 
Particulate, 94--95 
Passive condition, 587-590, 595 
Peak acceleration, 687 
Peak strength, 471 
Peat bogs, 51 
Peat, 132, 142 
Pembina, ND, 579 
Pennsylvania, 574--575 
Perched groundwater, 65, 209 
Perforated pipe drains, 559 
Permafrost, 664-665 
Perrneability, 222 
Perrneability tests, 223-226 
Permeation grouting, 276 
Perrnittivity, 281 
Peru, 526 

Phase diagram, 97 
Phreatic surface, 208 
Phreatic zone, 209 
Piedmont, 33 
Piezometer, 211,215-216 
PiJe foundations, 6 
Pi1es, 617 
Piping failure, 573, 577 
Pisa, Tower of, 4--5 . .' 
Piston samplers, 63 
Pitot tube, 211 
Pits, 60-61 
Plagioclase, 17 
Planar failure analyses, 531-534 
Plastic deforrnation, 381 
Plastic limit, 129-130 
Plasticity, 128-131, 143 
P1asticity index, 130-131 , 387 
Plutonic rocks, 19 
PMT - see Pressuremeter test 
Pneumatic piezometer, 216 
Pneumatic rollers, 174 
Point source, 294 
Poisson's ratio, 319-320 
Poorly-graded soils, 120-121, 14 7 
Poorly-sorted soil, 120 
Pare water pressure, 21 7, 3 37 
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Pore water pressure, negative, 344--345, 470 
Pares, 96 
Porosity, 16, 42, 102 
Porosity, effective, 232 
Porous stones, 378 
Potential function, 243 
Precompression, 670-673 
Preconsolidated soi1, 390 
Preconsolidation stress, 383 
Predrainage, 273 
Prefabricated vertical drains, 672- 673 
Preloading, 670 
Pressure bulbs, 328-331 
Pressure head, 21 2 
Pressuremeter test, 8 1 , 84 
Presumptive bearing pressure, 645-647 
Primary valence bonding, 470 
Principal planes, 349 
Principal stresses, 17, 349 
Probabilistic ana1ysis, 529 
Proctor compaction test, 1 7 8-186 
Project assessment, 47-48 
Proof roll, 175 
Pseudostatic method, 550-551 
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Pump-and-treat, 305-306 
Pumping tests, 226 
Pycnometer, 112 
Pyroclastic ejection, 19 
Pyroxene, 1 8 

Quartz, 17, 101 
Quartzite, 25 
Quick clays, 494 
Quicksand, 484 

Radioactive decay, 301 
Railroads, 6 
Rankjne'stheory, 590-596 
Rapid drawdown failure, 573 
Rate of consolidation - see Consolidation, 

Rate 
Rebound curve, 379 
Recompression curve, 379 
Recompression index, 386 
Recompression ratio. 386 
Refusal, 53, 70 
Reinforced earth, 612-613 
Reinforced soils, 612 
Reinforcement, 560, 678-679 
Relative compaction, 183-184 
Relative density, 103-105, 153, 393 
Remediation, geoenvironmental, 302-308 
Remote-reading settlement plate, 453 
Remote sensing, 49-50 
Removal and replacement, 670 
Residual soi1s, 21 , 33 
Residual strength, 472, 495-496 
Response spectrum, 691 
Retaining walls, 5, 277, 557, 607-61 4 
Reverse faults, 28 
Rhyolite, 20 
Right lateral faults, 28 
Ring shear test, 503 
Ring footings, 618-619 
Rippability, 19; 34-35, 86, 168 
Ripper. 167 
Rock, 16-17 · 
Rockfill Dams, 570 
Roe k fragments, 115 
Rock mechanics, 2 
Rock quality designation, 56 
Rocky Mountain Arsenal, 290-291 
Roller compacted concrete, 572 
Rotary wash method, 55 
Rotational slides, 523-524 

Rotten rock, 33 
Rough grading, 175 
RQD, 56 
Rubber-tire rollers, 174 

Saltation, 41 
Sampling, 62-65 
San Francisco Bay Mud, 40 
San Francisco, CA, 13,40 
San Pablo Dam, 162 
Sand, 95, 115, 117 
Sand cone test, 187-189 
Sand drains, 672 
Sand dunes, 41 
Sandstone, 22-23, 168, 320 

Subject lndex 

Sanitary landfills, 96, 150, 308-311,512 
Santa Fe, NM, 171 
Saprolite, 33 
Saturated, 98 
Scandinavia, 36, 528 
Scarp, 524 
Schist, 25, 168 
Schistosity, 26, 28 
Schmertmann's method, 383-385 
Scrapers, 166-167, 170 
Sea water, 96 
Sears Tower, 13 
Secant drílled shafts, 275 
Secondary compression index, 4 11 
Secondary compression settlement, 369, 

410-412, 458 
Sedimentary rocks, 22- 25, 168 
Seepage barriers, 274 
Seepage force, 356-358 
Seepage velocity, 232- 233, 297 
Seiches. 707 
Seismic liquefaction - see Liquefaction 
Seismic refraction, 85- 86 
Seismic wave velocity, 168 
Seismograph, 85 
Sensitivity, 6, 36, 131,494-495 
Septic tanks, 295 
Settlement, 366-463 

Accelerating, 459, 670-673 
Deep fills. 201 
Definition, 366 
Distortion, 413 
Due to earthquakes, 704 
Excessive, 4-5, 14, 367-368 
Monitoring, 453-456 
Physical processes, 368-369, 372-377 
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Rate, 422-452 
Secondary compression, 410-412,458 
Spread footings, 630-640 
Ultimate, 394-408 

SElTRATE (software), 437-439 
Seven Oaks Dam, 170, 571-572 
Shale, 22-23, 168 
Shallow foundations, 617 
Shaly soils, 138 
Shear modulus, 319 
Shear strength, 95,464-517 

At interfaces with other materials, 51 1-5 12 
Clays and silts, 485-497 
Measurements, 499-511 
Sands and gravels, 480-484 

Shear stresses, 317, 323 
Shear zones, 27 
Sheepsfoot roller, 173-174, 176--177 
Sheet pi les, 275, 610-611 
Shelby tube samplers, 63 
Shrinkage, 195-199 
Shrinkage factor, 195 
Shrinkage limit, 128, 130 
Sierra Nevada Mountains, 19-20 
Sieve, 115, 118 
Sills, 19 
Siltstone, 22- 23, 168 
Sinkholes, 24 
Site characterization, geoenvironmental, 302 
Site exploration and characterization, 2, 6, 

46--93 
Site response, 691 
Slaking, 22 
Slate, 25, 168 
Slaty soils, 138 
Slickenside, 154, 495 
Slides, 6, 7, 14, 26, 42-43, 161, 177,523-525, 

692 
Definition, 523 
Landfill, 5 1 2 

Slope board, 176 
S1ope face, 520 
Slope height, 520 
S1ope indicator- see lnclinometers 
S1ope ratio, 520 
S1ug test, 226 
S1urry trench walls, 55, 275, 304, 612 
Smectite, 125, 127 
Smooth stee1-whee1 rollers, 175 
Soft clays, 6 

Soil and rock sampling, 62--65 
Soil cement, 677 
Soi1 classification, 136--156 

From CPT, 79-80 
Soil composition, 94-135 
Soil Conservation Service, 48 
Soil, definition, 16, 115 
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Soil formation, transport, and deposition, 33-43 
Soil improvement, 669-680 
Soil mechanics, 2 
Soi1 nailing, 614 
Soil sampling, 7 
Soil suction, 218, 344-345 
Soil survey reports, 48 
Soil tests- see Tests 
Soil vapor extraction, 307-308 
Soi1s engineering, 1 
Soldier piJe walls, 611 
Solid wastes, 309 
Sondex,454 
Sorption, 300 
Soundings, 6 
South Fork Dam, 574-575 
South Nation River F1owslide, 36 
Specific gravity of solids, 101-102, 106--107 
Specific surface, 126 
Speedy moisture tester, 189 
Spencer's method, 547 
Split-spoon sampler, 69 
Spread footings, 616--649 

Bearing pressure, 618, 620 
Bearing capacity, 621-629 
Settlement, 630-640 

Spreads, 525 
Springs, 208 
SPT - see Standard penetration test 
Square footings, 618-619 
Square root of time fitting method, 448 
Squeezing, 53-55 
Sri Lanka, 160 
St. Francis Dam, 25, 575 
St. Lawrence River, 36 
St. Lawrence Seaway, 35 
Stability of earth slopes, 518-565 
Standard penetration test (SPT), 69-75, 77, 

79-80,84 
Consistency classification, 153 
Foundation design, 638 
Liquefaction, 697-698 
Relative density, 104 
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Shear strength, 510-511 
Standard Proctor test, 17 8-182, 184 
Steady flow, 220 
Steady-state condition, 220 
Stereo pair, 49 
Stoke's Law, 119 
Stone co1umns, 676 
Stone Mountain, GA, 20 
Stony soil, 138 
Strain, 3 1 8, 3 79 
Strain -softening soil, 4 71 
Stratified soil, 154 
Stream function, 243 
Strength - see Shear strength 
Stress, 314-365 
Stress bulbs, 328-331 
Stress paths, 3 59 
STRESSC (software), 345-348 
S tres ses in layered strata, 35 8 
STRESSL (software), 345-348 
STRESSP (software), 345-348 
STRESSR (software), 345-348 
Strike and dip, 29-31 
Strike-slip faults, 28 
Stripping, 166 
Structural foundations, 616-649 
Structural geology, 26-31 
Structural steel, 46 
Structure, 154 
Structured soils, 131 
Subsidence, 366 
Subsurface exploration, 51--61 
Subsurface water, 208 
Superposition, 333-335 
Supplemental soil classification, 150-154 
Surcharge fill , 670 
Surface rupture, 702-703 
Surface tension, 234 
Suspension, 40 
Sweden,6-8,495,528 
Swedish slip ~rcle analysis, 535-539 
Swell test, 655 
Synclines, 27 
Synthesis and interpretation, 86-88 

Tale, 101 
Talus, 21 
Tamping foot rollers, 174 
Telford, Thomas, 372 
Tennessee, 708 

Tension cracks, 525 
Terra probe, 674 
Terrace, 520 
Terzaghi, Karl, 8-1 O, 94 
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Bearing capacity formulas, 622 
Quotations, 94, 207, 268, 314, 366,464, 589 
Theory of Consolidation, 373, 422-434 

Test pits, 60-61 
Tests 

Atterberg limits, 128-131 
Cone penetration, 51 1-512 
Consolidation, 377-389 
Direct shear, 500-503 
Drive cylinder, 189 
Hydrometer analysis, 116-118 
Liquid limit, 128-130 
Moisture content, 98, 188-189 
Nuclear density, 189-190 
Oedometer- see Tests/Conso1idation 
Permeability, 223-226, 264-266 
Plastic limit, 129-130 
Pumping, 226 
Ring shear, 503 
Sand cone, 187-189 
Shrinkage lirnit, 128, 130 
Sieve analysis, 116-118 
Slug, 226 
Specific gravity, 101, 112-113 
Standard penetration, 510-511 
Triaxial compression, 506-509 
Unconfined compression, 504-506 
Vane shear, 509-510 
Water ring, 190 

Teton Dam, 14, 577 
Textura! soil classification, 137 
Theory of Consolidation, 373, 422-434 
Thin wall samplers, 63 
Thistle landslide, UT, 581-582 
Thixotropic hardining, 494 
Three phases, 95-96 
Three-dimensional flow, 219, 258-266 
Thrust faults, 28 
Tieback anchors, 557 
Till, 34, 168 
Time factor, 429, 442 
Toe of slope, 520 
Top of slope, 520 
Topp1es, 521-523 
Total cohesion, 479 
Total friction angle, 479 
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Total settlement, 630 
Total stress, 336 
Total stress analysis, 478--479, 530 
Tower of Pisa, 4-5 
Tractors, 163 
Transient flow, 220 
Translational slides, 523-524 
Transmissivity, 230 
Transported soil, 21 
Trap rack, 168 
Traverse City, MI, 296 
Tremie seals, 275 
Trenches, 60-61 
Triangle, soil classification, 13 7 
Triaxial compression test, 506--509 
True cohesion, 470 
Tsunamis, 706--707 
Turbulent flow, 219 
Turnagain Heights landslide, 549-550 
Two-dimensional flow, 219,240-257 

U line, 143 
Ultimate consolidation settlement, 395 
Ultimate strength, 472 
Unclassified excavation, 168 
Unconfined compression test, 504-506 
Unconfined compressive strength, 505 
Unconfined aquifers, 209, 261-262 
Underconsolidated soil, 390 
Underground storage tanks, 96, 296 
Undisturbed samples, 62-65 
Undrained condition, 485 
Undrained shear strength, 153, 491 , 506, 510 
U nified soil classification system, 141-1 50 
Uniform Building Code, 657,691, 707 
Uniformly-graded soil, 120 
Unit weight, 98-101, 107 
Unit weight of water, 99-100 
United Kingdom, 73 
Unsaturated soils, 410, 498 
Unsteady flow, 220 
Unstructured soils, 131 
Uplift pressures, 268-271 
USDA classification system, 136--138 
Utah, 581 - 582 
Utility trenches, 176 

V adose zone, 209 
Vaiont Dam, 575-576 
Vane shear test, 509-510 
Varved clay, 36 
Vegetation, 560 
Velocity head, 21 2 
Velocity, seepage, 232-233 
Venezuela, 73 
Vermiculite, 126 
Vertical drains, 670-673 
Vertical effective stress, 338-339 
Vertical stresses , 321-322 
Vibratory rollers, 17 4 
Vibrocompaction , 674 
Vibroflotation, 674 
Virgin curve, 379 
Visual-manual soil classification, 150 
Vita Sikudden, Sweden, 7 
Void ratio, 102, 105-107 
Voids, 95 
Volatilization, 300 
Volcanic rocks, 19 

Wagons, 169-1 70 
Walter Bouldin Dam, 573 
Water content, 97 
Water porosity, 102 
Water ring test, 190 
Water trucks, 171 
Wave velocity, 85 
Weak and compressible soils, 650-6~3 
Weathering, 16, 19,21-22 
Weight-volume relationships, 97-113 
Well-graded soils, 120-121, 147 
Well-sorted soil, 120 
Wells, 259-266 
West Virginia, 576--577 
Westergaard's method, 331 
Wick drains, 14, 672 
Winter Park, FL, 24 

Yosemite, 20 
Young's modulus, 319 
Yu, 136 

Zero air voids curve, 181 
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